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chapter ]

Introduction to Structural

Steel Design

1-1. ADVANTAGES OF STEEL AS A STRUCTURAL MATERIAL

A person traveling in the United States might quite understandably

decide that steel was the perfect structural material. He would see an

endless number of steel bridges, buildings, towers, and other structures—

comprising, in fact, a list too lengthy to enumerate. After seeing these

numerous steel structures he might be quite surprised to learn that steel

was not made in the United States until 1856 and the first wide-flange

beams were not rolled until 1908.

His assumption of the perfection of this metal, perhaps the most

versatile of structural materials, would appear to be even more reason-

able when he considered its great strength, light weight, ease of fabrica-

tion, and many other desirable properties. These and other advantages

of structural steel are discussed in detail in the following paragraphs.

High Strength. The high strength of steel per unit of weight means

dead loads will be small. This fact is of great importance for long-span

bridges, tall buildings, and for structures having poor foundation con-

ditions.

Uniformity. The properties of steel do not change appreciably with

time as do those of a reinforced-concrete structure.

Elasticity. Steel behaves closer to design assumptions than most ma-

terials because it follows Hooke’s law up to fairly high stresses. The

moments of inertia of a steel structure can be definitely calculated while

the values obtained for a reinforced concrete structure are rather indefi-

nite.

Permanence. Steel frames that are properly maintained will last

indefinitely. Research on some of the newer steels indicates that under

certain conditions no painting maintenance whatsoever will be required.

Ductility. The property of a material by which it can withstand ex-

1



2 Introduction to Structural Steel Design

tensive deformation without failure under high tensile stresses is said

to be its ductihty. When a mild steel member is being tested in tension,

a considerable reduction in cross section and a large amount of elongation

will occur at the point of failure before the actual fracture occurs. A

material that does not have this property is probably hard and brittle

and might break if subjected to a sudden shock.

In structural members under normal loads, high stress concentrations

develop at various points. The ductile nature of the usual structural

steels enables them to yield locally at those points, thus preventing pre-

mature failures. A further advantage of ductile structures is that when

overloaded their large deflections give visible evidence of impending

failure (sometimes jokingly referred to as “running time”).

Additions to Existing Structures. Steel structures are quite well suited

to having additions made to them. New bays or even entire new wings

can be added to existing steel frame buildings, and steel bridges may

often be widened.

Miscellaneous. Several other important advantages of structural steel

are: (a) adaptation to prefabrication, (b) speed of erection, (c) weld-

ability, (d) toughness and fatigue strength, (e) possible reuse after a

structure is disassembled, and (f) scrap value even though not reusable

in its existing form.

1-2. DISADVANTAGES OF STEEL AS A STRUCTURAL MATERIAL

In general steel has the following disadvantages:

Maintenance Costs. Most steels tend to corrode when freely exposed

to air and must be periodically painted.

Fireproofing Costs. The strength of structural steel is tremendously

reduced at temperatures which are commonly reached in fires. The steel

frame of a building must be fireproofed to obtain an appreciable fire

rating.

Susceptibility to Buckling. The longer and slenderer compression mem-

bers, the greater the danger of buckling. As previously indicated, steel

has a high strength per unit weight and when used for steel columns is

sometimes not economical because considerable material has to be used

merely to stiffen the columns against buckling.

1-3. THE STRUCTURAL DESIGNER

The structural designer can take great pride in his part in the de-

velopment of our country. Cities, farmlands, and industrial areas of the

United States are filled with the amazing structures designed by members

of his profession. But even this remarkable array of structures will be

merely child’s play compared to the structural endeavors of the next few
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generations. These structures of the future should provide endless oppor-

tunities in the structural field for young engineers.

The structural designer arranges and proportions structures and their
parts so that they will satisfactorily support the loads to which they may

feasibly be subjected. It might be said that he is involved with the fol-

lowing: the general layout of structures; studies of the possible structural

forms that can be used; consideration of loading conditions; analysis of

stresses, deflections, etc.; design of parts; and the preparation of design

drawings. More precisely, the word design pertains to the proportioning

of the various parts of a structure after the stresses have been calculated,

and it is this process which will be emphasized throughout the text using

structural steel as the material.

1-4. OBJECTIVES OF THE STRUCTURAL DESIGNER

The structural designer must learn to arrange and proportion the

parts of his structures so that they have sufficient strength, reasonable

economy, and the capability of being practically erected. These items

are discussed briefly below:

Safety. Not only must the frame of a structure safely support the

loads to which it is subjected, but it must support them in such a manner

that deflections and vibrations are not so great as to frighten the occu-

pants or cause unsightly cracks.

Cost. The designer needs to keep in mind the items causing lower

cost without sacrifice of strength. These items which are discussed in

more detail throughout the text include the use of standard-size members,

simple connections and details, and the use of members and materials

which will not require an unreasonable amount of maintenance through

the years.

Practicality. Another objective is the design of structures which can

be fabricated and erected without great problems arising. The designer
needs to understand fabrication methods and should try to fit his work

to ‘the fabrication facilities available.

The designer should learn everything he can about the detailing, the

fabrication, and the field erection of steel. The more he knows about

the problems, the tolerances, and the clearances in shop and field the

more probable it is that he will produce reasonable, practical, and eco-

nomical designs. This knowledge should include information concerning

the transportation of the materials to the job site (such as the largest

pieces that can be practically transported by rail or truck), labor condi-

tions, and the equipment available for erection. Perhaps the designer

should ask himself the question, “Could I get this thing together if I were

sent out to do it?”
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Finally he needs to proportion the parts of the structure so that they

will not unduly interfere with the mechanical features of the structure

(pipes, ducts, etc.) or the architectural effects.

1-5. FACTOR OF SAFETY

The factor of safety of a structural member is defined as the ratio

of strength of the member to its maximum anticipated stress. The

strength of a member used in determining the factor of safety may be

thought of as being the ultimate strength of the member, but often some

lesser value is used. For instance, failure may be assumed to occur when

the members become excessively deformed. If this is the case the safety

factor might be determined by dividing the yield-point stress by the max-

imum anticipated stress. For ductile materials the safety factor is usu-

ally based on yield-point stresses while for brittle materials it is probably

based on ultimate strengths.

The student may feel that it is quite foolish to build a structure with

a strength of several times that which is theoretically required. As the

years go by, however, he will learn that safety factors are subject to so

many uncertainties that he may spend sleepless nights wondering if those

he has used are sufficient (and he may join other designers in calling

them “factors of ignorance” rather than factors of safety). Some of the

uncertainties affecting safety factors are:

1. Material strengths may initially vary appreciably from their

assumed values and they will vary more with time due to creep, cor-

rosion, and fatigue.

2. The methods of analysis are often subject to appreciable errors.

3. The so-called beggaries of nature or acts of God (hurricanes,

earthquakes, etc.) cause conditions difficult to predict.

4. The stresses produced during fabrication and erection are often

severe. Workmen in shop and field seem to treat steel shapes with reck-

less abandon. They drop them. They ram them. They force the mem-

bers into position to line up the bolt or rivet holes. In fact, the stresses

during fabrication and erection may exceed those which occur after the

structure is completed. The floors for the rooms of apartment houses

and office buildings are probably designed for live loads varying from

40 to 80 psf (pounds per square foot). During the erection of such

buildings the contractor may have 10 ft of bricks or concrete blocks or

other construction materials or equipment piled up on some of the floors,

causing loads of several hundred pounds per square foot. This discussion

is not intended to criticize the practice (not that it is a good one), but

rather to make the student aware of the things that happen during con-

struction. (It is probable that the majority of steel structures are over-

loaded somewhere during construction but hardly any of them fail.)
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5. There are technological changes which affect the magnitude of live

loads. The constantly increasing traffic loads applied to bridges-through

the years is an illustration.

6. Although the dead loads of a structure can usually be estimated

quite closely, the estimate of the live loads is more inaccurate. This is

particularly true in estimating the worst possible combination of live

loads occurring at any one time. For instance, in estimating the load

supported by a column in the bottom level of a 30-story building—

would 100 percent live load be assumed to exist on every one of the thirty

floors at the same time or is some lesser percentage more realistic?

7. Other uncertainties are the presence of residual stresses and stress

concentrations, variations in dimensions of member cross sections, etc.

The magnitude of the safety factors used will be affected by the

preceding uncertainties and also by the answers to the following ques-

tions:

1. Is the structure to be permanent or temporary?

2. Is it a public or private structure?

3. What is the penalty for failure? ‘Will there be loss of life or ex-

tensive property damage or great inconvenience while the structure is

out of use?

4. Is a particular member a main one or a secondary one? (It may

be reasonable to use high safety factors for the design of main members

and low values for secondary members. )

1-6. FAILURES OF ENGINEERING STRUCTURES

Many people who are superstitious do not discuss flat tires or make

their wills because they are afraid that by doing so they are tempting

fate. These same people would probably not care to discuss the subject

of engineering failures. Despite the prevalence of this superstition the

author feels that an awareness of the items which have most frequently

cause failures in the past is invaluable to experienced and inexperienced

designers alike. Perhaps a study of past failures is more important than

a study of past successes. The designer of little experience particuldrly

needs to Know where he should give the most attention and where he may

need outside advice.

The vast majority of designers, experienced and inexperienced, select

members of sufficient size and strength. The collapse of structures is

usually due to insufficient attention to the details of connections, deflec-

tions, erection problems, and foundation settlements. Rarely if ever do

steel structures fail due to faults in the material; but rather to its im-

proper use.

A frequent fault displayed by designers is that after carefully de-

signing the members of a structure they carelessly select connections
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which may or may not be of sufficient size. They may even turn the job

of selecting the connections over to draftsmen who may not have suffi-

cient backgrounds to understand the difficulties that can arise in connec-

tion design. Perhaps the most common mistake made in connection

design is to neglect some of the forces acting on the connection, such as

twisting moments. In a truss for which the members have been designed

for axial forces only, the connections may be eccentrically loaded, re-

sulting in moments which cause increasing stresses. These secondary

stresses are occasionally so large that they need to be considered in de-

sign.

Another source of failure occurs where beams supported on walls

have insufficient bearing or anchorage. Imagine a beam of this type

supporting a flat roof on a rainy night when the roof drains are not

functioning properly. As the water hegins to form puddles on the roof it

tends to cause the beam to sag in the middle, causing a pocket to catch

more rain which will cause more beam sag, etc. As the beam deflects it

pushes out against the walls, causing possible collapse of walls or slippage

of beam ends off the wall. Picture a 60-ft steel beam supported on a wall

with only an inch or two of bearing when the temperature drops 50 or

60 degrees overnight. A collapse due to a combination of beam contrac-

tion, outward deflection of walls, and vertical deflection due to precipita-

tion loads is not difficult to visualize; furthermore, actual cases in

engineering literature are not difficult to find.

Foundation settlements cause a large number of structural failures,

probably more than any other factor. Most foundation settlements do

not result in collapse but they very probably cause unsightly cracks and

depreciation of the structure. If all parts of the foundation of a structure

settle equally, the stresses in the structure theoretically will not change.

The designer, usually not able to prevent settlement, has the goal of de-

signing foundations in such a manner that equal settlements occur.

Equal settlements may be an impossible goal and consideration should be

given to the stresses that would be produced if settlement variations

occurred. The student’s background in structural analysis will tell him

that uneven settlements in indeterminate structures may cause extreme

stress variations. Where foundation conditions are poor it is desirable,

if feasible, to use determinate structures whose stresses are not appreci-

ably changed by support settlements. The student will actually learn

in subsequent discussions that the ultimate strength of steel structures

is affected only slightly by uneven support settlements.

Some other sources of structural failures occur because inadequate

attention is given to deflections, fatigue of members, bracing against

swaying, vibrations, and the possibility of buckling of compression mem-

bers or the compression flanges of beams. The usual structure when
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completed is sufficiently braced with floors, walls, connections, and special

bracing, but there are times during construction when many of these

items are not present. ‘As previously indicated, the worst conditions may

well occur during erection and special temporary bracing may be required.

1-7. SPECIFICATIONS

For most structures the designer is controlled by specifications.

Even if not so controlled he will probably refer to them as a guide. No

matter how many structures he has designed it is impossible for him to

have encountered every situation, and by referring to specifications he is

making use of the best available material on the subject. Engineering

specifications are developed by various engineering organizations and

present the best opinion of these organizations as to what represents

good engineering practice. Examples of specifications that are referred

to in detail in later chapters are:

American Institute of Stee] Construction (AISC)

American Welding Society (AWS)

American Association of State Highway Officials (AASHO)

American Railway Engineering Association (AREA)

American Society for Testing Materials (ASTM)

Municipal and state governments concerned with the safety of the

public have established building codes by which they control the con-

struction of various structures under their jurisdiction. These codes,

which are actually ordinances, specify design loads, allowable stresses,

construction types, material quality, and other factors. They vary con-

siderably from city to city, a fact which causes some confusion among

architects and engineers.

Several organizations publish recommended practices for regional

or natjonal use. Their specifications are not legally enforceable unless

they are embodied in the local building code or made a part of a par-

ticular contract. Among these organizations are the AISC, AASHO, and

others listed earlier in this section. Nearly all municipal and state build-

ing codes have adopted the AISC Specification and nearly all state high-

way departments have adopted the AASHO Specifications. These codes

generally include some additional provisions pertaining to their local

needs.

Many people feel that specifications prevent the engineer from

thinking for himself—and there may be some basis for the criticism.

They say that the ancient engineers who built the great pyramids, the

Parthenon, and the great Roman bridges were controlled by few speci-

fications, which is certainly true. On the other hand, it should be said
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that only a few score of these great projects were built over many

centuries and they were apparently built without regard to cost of ma-

terial, labor, or human life. They were probably built by intuition and

by certain rules of thumb developed by observing the minimum size or

strength of members which would just fail under given conditions. Their

probably numerous failures are not recorded in history; only their suc-

cesses endured.

Today, however, there are hundreds of projects being constructed

at any one time in the United States which rival in importance and mag-

nitude the famous structures of the past. It appears that if all engineers

in our country were allowed to design projects such as these without

restrictions there would be many disastrous failures. The important

thing to remember about specifications, therefore, is that they are not

written for the purpose of restricting engineers but for the purpose of

protecting the public.

1-8. VARIATIONS IN DESIGNS

Designs of the same structures using the same specifications can be

surprisingly different. The differences are primarily caused by the un-

certainties mentioned in the preceding paragraphs which call for the

application of the engineer’s judgment. Two engineers designing a bridge

might make entirely different estimates of future traffic, wind loads, snow

loads, ice loads, etc. In selecting steel beams for a certain bending

moment it will be discovered that there may possibly be several beams

of entirely different dimensions and shapes which will support approxi-

mately the same moments.

Furthermore, different enginecrs will probably give different weight

to what happens if the structure fails. For instance, in designing a line

of power poles would the engineer design the poles to withstand twice

the greatest wind force ever recorded anywhere on earth, or will he use

some lesser loading condition, assuming that under very unusual storm

conditions some poles may come down?

1-9. SLIDE-RULE COMPUTATIONS

A most important point which many students have difficulty in

understanding is that structural design is not an exact science for which

answers can confidently be calculated to six places. The reasons for this

fact have already been discussed; the methods of analysis are based on

partly true assumptions, the strengths of materials used vary appreciably,

and maximum loadings can only be approximated. With respect to this

last sentence, how many of the users of this book could estimate within

10 percent the maximum load in pounds per square foot that will ever
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occur on the building floor which they are now occupying? Calculations

to more significant figures than obtainable with the slide rule are obvi-

ously of little value and may actually be harmful in that they mislead

the student by giving him a fictitious sense of precision.

1-10. CHARTS AND TABLES

The use of various standards, tables, and charts provide a great deal

of assistance in design. These devices give information about forms and

details which are commonly used by the engineering profession and will

thus help to provide economy both in the design office and in field con-

struction.

It is probably undesirable, however, for the beginning engineer to

make extensive use of most tables and charts until he has had some

experience. One of the famous rules of engineering (and a very good

one) is that the engineer should not use a table or chart which he does

not understand sufficiently to reconstruct. He needs a sound knowledge

of the basic principles of structural design in order to see the limitations

of these devices. (The author would like to hedge a little on this subject

by saying that he does not mean to imply that the young engineer going

to work in a design office should refuse to use their design aids with which

he is unfamiliar until he has worked them out on company time. They

are in business to make money and need to have their personnel work

as efficiently as possible.)



chapter 2

Properties of Structural Steel

2-1. STRESS-STRAIN RELATIONSHIPS IN STRUCTURAL STEEL

To understand the behavior of steel structures it is absolutely essen-

tial for the designer to be familiar with the properties of steel. Stress-

strain diagrams present a valuable part of the information necessary to

understand how steel will behave in a given situation. Satisfactory steel

design methods cannot be developed unless complete information 1s avail-

able concerning the stress-strain relationships of the material being used.

If a piece of mild structural steel is subjected to a tensile force it

will begin to elongate. If the tensile force is increased at a constant

rate the amount of elongation will increase constantly within certain

limits. In other words, elongation will double when the stress goes from

6,000 psi to 12,000 psi (pounds per square inch). When the tensile

stress reaches a value roughly equal to one-half of the ultimate strength

of the steel the elongation will begin to increase at a greater rate without

a corresponding increase in the stress.

The largest stress for which Hooke’s law applies or the highest point

on the straight line portion of the stress-strain diagram is the propor-

tional limit. The largest stress which a material can withstand without

being permanently deformed is called the elastic limit. This value is

seldom actually measured and for most engineering materials including

structural steel is synonomous with the proportional limit. For this

reason the term proportional elastic limit is sometimes used.

The stress at which there is a decided increase in the elongation or

strain without a corresponding increase in stress is said to be the yield

point. It is the first point on the stress-strain diagram where a tangent

to the curve is horizontal. The yield point is probably the most impor-

tant property of steel to the designer as the elastic design procedures

are based on this value (with the exception of compression members

where buckling may be a factor). The allowable stresses used in these

methods are usually taken as some percentage of the yield point. Beyond

the yield point there is a range in which a considerable increase in strain

10
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occurs without increase in stress. The strain which occurs before the

yield point is referred to as the elastic strain; the strain which occurs

after the yield point, with no increase in stress, is referred to as the

plastic strain. These latter strains usually vary from ten to fifteen times

the elastic strains.

Yielding of steel without stress increase may be thought to be a severe

disadvantage when in actuality it is a very useful characteristic. It has

often performed the wonderful service of preventing failure due to omis-

sions or mistakes on the designer’s part. Should the stress at one point in

a steel structure reach the yield point, that part of the structure will yield

locally without stress increase, thus preventing premature failure. This

ductility allows the stresses in a steel structure to be readjusted. Another

way of describing this phenomenon is to say that very high stresses

caused by fabrication, erection, or loading will tend to equalize them-

selves. It might also be said that a steel structure has a reserve of

plastic strain that enables it to resist overloads and sudden shocks. If

it did not have this ability, it might suddenly fracture, like glass or

other vitreous substances,

Following the plastic strain there is a range where additional stress

is necessary to produce additional strain and this is called strain-harden-

ang. This portion of the diagram is not too important to today’s designer.

A familiar stress-strain diagram for mild structural steel is shown in

Fig. 2-1. Only the initial part of the curve is shown here because of the

great deformation which occurs before failure. At failure in the mild

steels the total strains are from 150 to 200 times the elastic strains. The

curve will actually continue up to its maximum stress value and then

Elastic Yielding

Plastic Yielding ————t+- Strain Hardening

7” Upper Yield

aN

Lower Yield

Strain (€ 7A

Fig. 2-1. Typical stress-strain diagram for a mild structural

steel.
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“tail off” before failure. A sharp reduction in the cross section of the

member takes place (called “necking’’) followed by failure.

The stress-strain curve of Fig. 2-1 is typical of the usual ductile

structural steel. The shape of the diagram varies with the speed of load-

ing, the type of steel, and the temperature. One such variation is shown

in the figure by the dotted line which is marked upper yield. This shape

stress-strain curve is the result when a mild steel has the load applied

rapidly while the lower yield is the case for slow loading.

A very important property of a structure which has not been stressed

beyond its yield point is that it will return to its original length when the

loads are removed. Should it be stressed beyond this point it will return

only part of the way to its original position. This knowledge leads to the

possibility of testing an existing structure by loading and unloading and

measuring deflections. If after the loads are removed the structure will

not resume its original dimensions, it has been stressed beyond its yield

point.

Steel is a compound consisting almost entirely of iron (usually over

98 percent). It also contains small quantities of carbon, silicon, manga-

nese, sulphur, phosphorus, and other elements. Carbon is the material

which has the greatest effect on the properties of steel. The hardness

and strength increase as the carbon percentage 1s increased but unfor-

tunately the resulting steel is more brittle and its weldability is adversely

affected. A smaller amount of carbon will make the steel softer and

more ductile but also weaker. The addition of such elements as chro-

mium, silicon, and nickel produces steels with considerably higher

strengths. These steels, however, are appreciably more expensive and

are often not so easy to fabricate.

A typical stress-strain diagram for a brittle steel is shown in Fig.

2-2. Such a material shows little or no permanent deformation at

fracture. Unfortunately, low ductility or brittleness is a property usually

Stress

(f* 7)

Strain G At)

Fic. 2-2. Typical stress-strain

diagram for a brittle steel.
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associated with high strengths in steels (although not entirely confined

to high-strength steels). As it is desirable to have both high strength and

ductility, the designer may have to decide between the two extremes or

compromise between them. A brittle steel may fail suddenly without

warning when overstressed, and during erection could possibly fail due

to the shock of riveting or other erection procedures.

2-2. ELASTIC AND PLASTIC DESIGN METHODS DEFINED

The majority of steel structures designed in the past and of those

being designed today are handled by the elastic-design methods. The

designer estimates the “working loads,” or loads which the structure may

feasibly have to support, and proportions the members on the basis of

ecrtain allowable stresses. These allowable stresses are usually some

fraction of the specified minimum yield point of the steel. Although the

term “elastic design” is very commonly used to describe this method the

terms allowable-stress design or working-stress design are definitely more

appropriate. Many of the provisions of the specifications for this method

are actually based on plastic or ultimate-strength behavior and not on

elastic behavior.

The ductility of steel has been shown to give it a reserve strength and

the realization of this fact is the theory behind plastic design. In this

method the working loads are estimated and multiplied by certain factors

and the members designed on the basis of collapse strengths. Other

names for this method are limit design and collapse design. Although

only a few thousand structures have been designed around the world by

the plastic-design methods, the profession is definitely moving in that

direction. This trend is particularly reflected in the latest specifications

of the AISC.

The design profession has long been aware that the major portion of

the stress-strain curve lies beyond the stecl’s elastic limit. Furthermore,

tests through the years have made it clear that steels can resist stresses

appreciably larger than their yield points, and that in cases of overload,

indeterminate structures have the happy facility of spreading the load

out due to-the steel’s ductility. On the basis of this information many

plastic-design proposals have been made in recent decades. It is un-

doubtedly true that for certain types of structures, plastic design results

in & more economical use of steel than does elastic design. Chapters 21

and 22 are devoted entirely to this subject.

2-3. STEEL SECTIONS

Structural] steel can be economically rolled into a wide variety of

shapes and sizes without appreciably changing its physical properties.
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Usually the most desirable members are those which have large section

moduli in proportion to their areas. The I, T, and [ shapes, so commonly

used, fall into this class.

Steel sections are usually designated by the shapes of their cross

sections. As examples, there are angles, tees, zees, and plates. It is

i

AS iy:ie ay

a ANG

Steel erection for the Chase Manhattan Bank

Building, New York City. (Bethlehem Sieel

Company.)

necessary, however, to make a definite distinction between American

standard beams (usually called I beams) and wide-flange beams (called

W beams) as they are both I-shaped. The inner surface of the flange

of a W section is either parallel to the outer surface or nearly so with

&@ maximum slope of 1 to 20 on the inner surface, depending on the

manufacturer.

The I beams, which were the first beam sections rolled in America,

have a slope on their inside flange surfaces of 1 to 6. It might be noted

that the constant, or nearly constant, thickness of W flanges as com-

pared to the tapered I beam flanges may facilitate connections. Wide-

flange beams comprise nearly 50 percent of the tonnage of structural
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Structural shapes rolled at Bethlehem Steel Company's Bethlehem, Pa.,

plant. (Bethlehem Steel Company.)

steel shapes rolled today. The W and I section are shown in Fig. 2-3

together with several other familiar steel sections. The uses of these

various shapes will be discussed in detail in the chapters to follow.

Constant reference is made throughout this book to the Manual of

Steel Construction published by the AISC. This manual, which provides

detailed information for structural stecl shapes, is referred to hereafter

as the Steel Handbook. The Steel Handbook, which provides detailed

information for structural steel shapes, has been said to be the most used

handbook ever produced by a single industry and over a million copies

Flange Slope 0to5% 165% Slope

Web

W Section I Beam Unequal Leg Equal Leg

(American Standard Beam) Angle Angle

American Standard Zee Tee

Channel

Fia. 2-3. Rolled-steel shapes.
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Indiana Harbor Works, East Chicago, Ind. (Inland Steel Company.)

are now in circulation.! Reference is made herein to the 6th edition of

the handbook which is based on the November 1961 AISC Specification,

including a few revisions adopted in April, 1963. Structural shapes are

abbreviated by a certain system described in the handbook for use in

drawings, specifications and designs. Examples of this abbreviation

system are as follows:

1. A 27W 114 is a W section approximately 27 in. deep weighing

114 lb/ft.

2. A 12135 is an I beam 12 inches in depth weighing 35 |b/it.

3. A 10[30 is a channel 10 in. in depth weighing 30 lb/ft.

4. An X 6 X 6 X % is an equal leg angle, each leg being 6 in. long

and 14 in. thick.

5. An ST 18 W 140 is a tee obtained by splitting a 36 W 280. This

type of section is known as a structural tee.

The student should refer to the Steel Handbook for information con-

cerning other rolled shapes, such as the distinction between bars and

plates, designation of open web joists, ete. Additional sections will be

mentioned herein as it becomes necessary.

Through the years there have been changes in the sizes of beam

1 Mace H. Bell, “Progress on the New AISC Manual—6th Edition,” 1963 AISC

Proceedings (New York: AISC, 1963) p. 7.
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and column sections. For instance, there may be insufficient demand to

continue rolling a certain shape; an existing shane may be dropped

because a similar sized but more efficient shape has been developed; ete.

Occasionally the engineer may need to know the properties of one of

the discontinued shapes which are no longer listed in his edition of the

Steel Handbook or in other tables normally available to him. As an

example, it may be desired to add another floor to an existing building

which was constructed with shapes no longer rolled. In 1953 the AISC

published a book entitled Iron and Steel Beams 1873 to 1952 which gives

a complete listing of iron and steel beams and their properties rolled in

the United States during that period.

Various steel companies roll additional W and shapes other than

those listed in the Steel Handbook. The heaviest W listed in the Steel

Handbook is the 14 W 426, but the United States Steel Corporation rolls

14 W column sections up to 730 lb/ft.

2-4. MODERN STRUCTURAL STEELS

The steel which has been used for most engineering structures in the

United States in the past few decades is designated as A7 steel by the

ASTM. This stcel, now obsolete, is a structural carbon steel with a

carbon content varying from 0.1 to 0.25 percent.

In recent years the engineering and architectural professions have

been continually requesting stronger steels, steels with more corrosion

resistance, steels particularly suited for welding, and various other re-

quirements. Research by the steel industry during this period has sup-

plied new steels which satisfy many of the demands and today there

are six major structural steels designated by the ASTM. There are

ASTM A7, A373, A36, A242, A440, and A441.

Three of these six steels are carbon steels (A7, A373, and A36);

while the remaining three (A242, A440, and A441) are high-strength

steels which are appreciably higher in costs. In all probability the

average student at this point has no conception of the types of steels

represented by these numbers; therefore, a few descriptive notes about

each are given in the following paragraphs.

A7 (Specified Minimum Yield Point 33,000 psi). This steel, now obsolete,

is a structural carbon steel developed when most construction was done

by riveting. Although the quantities of carbon and manganese were not

carefully controlled and it may possibly have had too much of them for

suitable welding, experience proved it to be satisfactory for general

welding. Poor welds occasionally resulted when members were thicker

than 1”.

A373 (Specified Minimum Yield Point 32,000 psi). The A373 steel, also
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obsolete, had its carbon and manganese contents carefully controlled so

that it had controlled weldability. It has been used primarily for bridge

structures, and was, in fact, developed to give bridge designers a more

weldable structural carbon steel.

A36 (Specified Minimum Yield Point, 36,000 psi). This steel, like the

A373, has its carbon and manganese contents carefully controlled. It

is satisfactory for welded, riveted, or bolted structures and has somewhat

higher allowable stresses. The A36 steel quickly made the other two

carbon steels obsolete because it cost no more, was approximately 10

percent stronger, and was completely satisfactory for welding. This

steel is now the common everyday steel, a position formerly occupied by

the A7 steel.

A242 (Specified Minimum Yield Point up to 50,000 psi). This specifica-

tion covers a group of steels which have strengths and corrosion resistance

improved over that of the carbon steels. There are several grades of

A242 and the different grades have variable corrosion resistance and

welding characteristics thus requiring the designer to be specific in stating

his requirements in ordering A242 steel.

A440 (Specified Minimum Yield Point up to 50,000 psi). This steel has

a medium manganese-copper content. It is a high-strength steel intended

primarily for riveted and bolted structures and is not recommended for

welding. Although welding can be performed with A440 steel under

certain carefully controlled conditions it is not permitted by any specifi-

cations today. It has a corrosion resistance approximately equal to twice

that of the structural carbon steels.

A441 (Specified Minimum Yield Point up to 50,000 psi). This high-

strength steel, which may be used for welded, riveted, or bolted structures,

has a corrosion resistance approximately equal to twice that of the

structural carbon steels. It is primarily intended for welded bridges and

buildings.

In addition to the six steels mentioned here, with yield points varying

from 32 to 50 ksi (kips—i.e., kilopounds or thousand pounds—per square

inch), there are many steels with considerably higher strengths on the

market today which will probably be included in the common building

and bridge specifications in the years to come. Steels are already avail-

able with yield points up to 100 ksi at feasible prices and work is being

. done on even stronger steels with yield points as high as 200 to 300 ksi.

There are today over 200 steels above A36.

Although the prices of steels increase with increasing yield points the

percentage of price increase does not keep up with the percentage of

yield-point increase. The result is that their use may be economical

if full allowable stresses can be utilized. For the usual applications these

steels have their greatest economy for tension members, followed by well-

braced beams and then by short stocky columns (later to be defined as

columns with small slenderness ratios). Another application which can
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provide considerable saving is in hybrid construction. In this type of

construction two or more steels of different strengths are used, the weaker

steels being used where stresses are smaller and the stronger steels where

stresses are higher.

Among the other factors which might lead to the use of high-strength

steels are the following:

1. Superior corrosion resistance.

2. Possible savings in shipping, erection, and foundation costs caused

by weight saving.

3. Use of shallower beams permitting smaller floor depths.

4. Possible savings in fireproofing because smaller members can be

used.

The first thought of most engineers in choosing a type of steel is the

direct cost of th. members. Such a comparison can be made quite easily,

but the economy of which grade to use cannot be obtained unless con-

sideration is given to weights, sizes, deflections, maintenance, and fabrica-

tion. To make an accurate general comparison of the steels is probably

impossible—rather it is necessary to have a specific type of job to con-

sider.

2-5. FURNISHING OF STRUCTURAL STEEL

The furnishing of structural steel consists of the rolling of the steel

shapes, the fabrication of the shapes for the particular job (including

cutting to the proper dimensions and punching of holes necessary for

field connections) and their erection. Occasionally a company will per-

form all three of these functions, but the average outfit performs only one

or two of them. For instance, many companies fabricate structural steel

and erect it while others may only be steel fabricators or steel erectors.

There are approximately 400 companies in the United States which make

up the fabricating industry for structural steel. Most of them do fabri-

cation and erection.

Structural steel is said to be handled by mill or stock orders. The

mill orders are the most economical as the fabricator orders the shapes to

certain lengths directly from the rolling mill. The process of ordering

directly, although requiring more time, saves handling costs and reduces

the costs of storage because the material is not kept in stock for a time

with the resulting interest and storage charges. Some fabricators carry

certain sizes in stock. These sizes can be obtained immediately but will

cost more because of the extra storage, interest, and handling costs pre-

viously mentioned.

The design of structural steel is usually made by an engineer in

collaboration with an architectural firm. The designer makes design

drawings which show member sizes, controlling dirhensions, and any un-
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usual connections. The company which is to fabricate the steel makes

the detailed drawings which give all the information necessary to fabri-

cate the members correctly. These details include all of the dimensions

for each member, the locations and sizes of holes, the position and sizes

of connections, and the like. -

The erection of steel buildings is more a matter of assembly than

nearly any other line of construction work. Each of the members is

marked in the shop with letters and numbers to distinguish them from

the other members to be used. The erection is performed in accordance

with a set of erection plans. These plans are not detailed drawings but

are simple line diagrams showing the position of the various members in

the building. Each of the lines shown has a number and letter on it

which corresponds to the same designation on the fabricated steel. This

lettering system enables the workmen in the field easily to find the posi-

tion of each member. (The men performing the steel erection are called

tronworkers, which is a name held over from the days before structural

steel.)

2-6. DESIGN OF STEEL MEMBERS

The design of a steel member involves much more than a calculation

of the properties required to support the loads and the selection of the

lightest section providing these properties. Although at first glance, this

procedure would seem to give the most economical designs, many other

factors need to be considered. Among these are:

1. The designer needs to select steel sections of sizes which are

usually rolled. Steel beams and bars and plates of unusual sizes will be

difficult to obtain during boom periods and will be expensive during any

period. A little study on the-designer’s part will enable him to avoid

these expensive shapes. Steel fabricators are constantly supplied with

information from the steel companies and the steel warehousemen as to

the sizes of sections available. This information includes the section

sizes as well as the standard lengths available. (Most structural shapes

can be obtained in lengths from 60 to 90 ft depending on the producer,

while it is possible under certain conditions to obtain some shapes up to

120 ft in length.)

The Steel Handbook classifies the various sections as being regular

or special. The regular ones are those in constant demand and are sold

at the regular prices. The special ones are those for which the demand

varies, such as zees. The designer will try to avoid the use of special

shapes because they sell at an increased rate unless the order is very

large.

2. A blind assumption that the lightest section is the cheapest one
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may be in considerable error. A building frame designed by the “lightest.

section” procedure will consist of a large number of different shapes and

sizes of members. Tryirg to connect these many-sized members and fit

them in the building will be quite complicated and the pound price of the

steel will in all probability be rather high.- A more reasonable approach
would be to smooth out the sizes by selecting many members of the same

sizes although some of them may be slightly overdesigned.

3. The beams usually selected for the floors in buildings will be the

deeper sections because these sections for the same weights have the

largest moments of inertia and the greatest resisting moments. As build-

ing heights increase, however, it may be economical to abandon this

practice. As an illustration of this fact the erection of a 20-story build-

ing, fur which each floor has a minimum clearance, is considered. It is

assumed that the depths of the floor beams may be reduced by 6 in.

without an unreasonable increase in beam weights. The beams will cost

more but the building height will be reduced by 20 < 6 in. = 120 in. or

10 ft, with resulting savings in walls, elevator shafts, column heights,

plumbing, wiring, and footings.

4. For larger sections, particularly the built-up ones, the designer

needs to have information pertaining to transportation problems. The

desired information includes the greatest lengths and depths that can be

shipped by truck or rail, clearance available under bridges and power

lines leading to the project, and allowable loads on bridges. It may be

possible to fabricate a steel roof truss in one piece, but is it possible to

transport it to the job site and erect it in one piece?

5. Sections should be selected which are reasonably casy to erect and

which have no conditions present which will make them difficult to main-

tain. As an example, it is necessary to have access to all exposed surfaces

of steel bridge members so that they may be periodically painted.

6. Buildings are often filled with an amazing conglomeration of pipes,

ducts, conduits and other items. Every effort should be made to select

steel members which will fit in with the requirements made by these items.

7. The members of a steel structure are often exposed to the public,

particularly-in the case of steel bridges and auditoriums. Appearance

may often be the major factor in selecting the type of structure to be

used as where a bridge is desired which will fit in and actually contribute

to the appearance of an area. Exposed members may be surprisingly

graceful when a simple arrangement and perhaps curved members are

used, but other arrangements may create a terrible eyesore. The student

has certainly seen illustrations of each case. It is very interesting to

know that beautiful structures in steel are usually quite reasonable in cost.
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Tension Members

3-1. INTRODUCTION

Tension members are found in bridge and roof trusses, towers, brac-

ing systems, and in situations where they are used as tie rods. The se-

Iection of a section to be used as a tension member is one of the simplest

problems encountered in design. As there is no danger of buckling, the

calculations simply involve the division of the load by the allowable

tensile stress to give the net cross-sectional area required (A req. = P/f)

and the selection of a steel shape which furnishes the required area.

The type of member used may depend more upon the type of end

connection than on any other factor. One of the simplest forms of tension

members appears to be the circular rod, but there is some difficulty in

connecting it to many structures. The rod has been used frequently in

the past but has only occasional uses today in bracing systems, light

trusses, and in timber construction. One important reason why rods

are not popular with designers is that they have been used improperly

so often in the past that they have a bad name; but if they are designed

and installed correctly they are satisfactory for many situations.

The average size rod has very little stiffness and may quite easily

sag under its own weight injuring the appearance of the structure. The

threaded rods formerly used in bridges often worked loose and rattled.

Another disadvantage of rods is the difficulty of fabricating them with

the exact lengths required and the consequent difficulties of installation.

When rods are used in wind bracing it is a good practice to produce

initial tension in them, as this will tighten up the structure and reduce

rattling and swaying. To obtain initial tension the members may be

detailed shorter than their required lengths, but a little thought on this

method will reveal many situations where it will cause more troubles than

it is worth. Perhaps a more practical method is to tighten the rods with

some sort of sleeve nut or turnbuckle although their use increases costs.

The preceding discussion on rods should illustrate why rolled shapes

such as angles have supplanted rods for most applications. In the early

22
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days of steel structures, tension members consisted of rods, bars, and

perhaps cables. Today, although the use of cables is increasing for

suspended-roof structures, tension members usually consist of single

angles, double angles, channels, wide-flange sections, or sections built up

from plates or rolled shapes. These members look better than the old

ones, are stiffer and easier to connect. Another type of tension section

often used is the welded tension plate or flat bar which is very satis-

factory for use in transmission towers, signs, foot bridges, and similar

structures.

The tension members of steel roof trusses may consist of single angles

as small as 244 * 2 &* \% for minor members. A more satisfactory

member is made from two angles placed back to back with sufficient space

between them to permit the insertion of plates for connection purposes.

Where steel sections are used back-to-back in this manner, they should be

connected every 4 or 5 ft to prevent rattling, particularly in bridge trusses.

Single angles and double angles are probably the most common types of

tension members in use.

For bridges and large roof trusses tension members may consist of

channels, W or I shapes, or even sections built up from some combination

of angles, channels, and plates. Single channels are frequently used

as they have little eccentricity and are conveniently connected. Al-

though, for the same weight, W sections are stiffer than I sections, they

may have a connection disadvantage in their varying depths. For in-

stance, the 12W 79, 12W72 and 12W 65 all have slightly different

depths (12.38 in., 12.25 in., and 12.12 in. respectively), while the I

sections of a certain nominal size all have the same depths. For instance,

the 121 50, the 121 40.8, and the 12135 all have 12.00-in. depths.

Although single structural shapes are a little more economical than

built-up sections, the latter are occasionally used when the designer is

unable to obtain sufficient area or rigidity from single shapes. Where

built-up sections are used it is important to remember that field connec-

tions will Have io be made and paint applied; therefore, sufficient space

must be available to accomplish these things.

Members consisting of more than one section need to be tied together.

Tie plates (also called tic bars) located at frequent intervals or perforated

cover plates serve to hold the various pieces in their correct positions.

These plates serve to correct any unequal distribution of loads between

the various parts. They also keep the slenderness ratios (to be discussed)

of the individual parts within limitations and they may permit easier

handling of the built-up members. Long individual members such as

angles may be inconvenient to-handie due to flexibility, but when four

angles are laced together into one member as shown in Fig. 3-1, the

member has considerable stiffness. None of the tie plates may be con-
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sidered to increase the effective areas of the sections. As they do not

theoretically carry portions of the stress in the main sections, their sizes

are usually governed by specifications and perhaps by some judgment on

the designer’s part.

A few of the various types of tension members in general use are

illustrated in Fig. 3-1. In this figure the dotted lines represent the tie

plates or bars used to connect the shapes.
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Fic. 3-1. Types of tension members.

3-2. ALLOWABLE STRESSES

Allowable tensile stresses have usually been given in the past for

structural carbon steel only. The AISC allowable was 20,000 psi while

the AREA and AASHO allowed 18,000 psi. In recent years, however,

the steel industry has developed stcels with different yield and tensile

strengths from those available in structural carbon steel and today most

specifications give tensile strength values for several of these steels. For

buildings the AISC (Sec. 1.5.1.1) permits allowable tensile values equal

to 0.60 times the specified minimum yield point except at pin holes. (At

pin holes the allowable stress is 0.45 times the specified minimum yield

point on the net section.) Table 3-1 presents a summary of the AISC

allowable tensile values. It should be noted that the minimum yield

points of the higher strength steels, and thus their allowable tensile values,

vary appreciably with varying thicknesses of material.

The greater the amount of rolling of steel the greater the strength.

This phenomenon is illustrated by the decided variations in yield points

(and thus allowable stresses) of the higher strength steels for various

thicknesses. For the three carbon steels the student may wonder why

the yield points are shown to be constant for all steel thicknesses. Sup-

posedly the minimum yield points given for each of these steels is main-
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TABLE 3-1

ALLOWABLE TENSILE Stresses, AISC SpsciFicatTion

Allowable Tension
Minimum Yield on Net Section

Type of Structural Steel Point

(psi) Except at Pin At Pin Holes
Holes (psi) (psi)

ASTM A7 33,000 20,000 15,000

ASTM A373 32,000 20,000 15,000

ASTM A36 36,000 22,000 16,000

ASTM A242, A440 and

A441 (over 1% to 4 in. 42,000 25,000 19,000

thickness)

ASTM A242, A440 and

A441 (over % to 1% in. 46,000 27,500 20,500

in thickness)

ASTM A242, A440 and

A441 (3% in. and less in 50,000 30,000 22,500

thickness)

tained for different thicknesses by altering the chemistry of the steel.

As to the higher-strength steels which have their yield points reduced to

46 ksi and 42 ksi, the student can (and should) quickly go through his

Steel Handbook and mark the W shapes which have these reductions.

Actually there are now on the market A440 and A441 steels which have

their yield points kept at 50 ksi for all thicknesses by using columbium

as an alloy.

It is not likely that stress reversals will be a problem in the average

building frame. Where there are a large number of reversals the matter

of fatigue needs to be considered and will probably require a reduction

in the ‘allowable stresses to be used. Reference should be made to the

AISC Specification (Sec. 1.7) for the reductions necessary when more

than 10,000 stress reversals are anticipated during the life of the structure.

(One reversal each day for an anticipated life of 40 years will equal

14,600 reversals. )

3-3. NET SECTION

The presence of a hole obviously increases the unit stress in a tension

member even if the hole is occupied by a rivet or bolt. (When high-

strength bolts are used there may be some disagreement with this state-

ment under certain conditions.) There is less area of steel to which the
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load can be distributed and there will be some concentration of stress

along the edges of the hole.

Tension is assumed to be uniformly distributed over the net section

of a tension member, although photoelastic studies show there is a de-

cided increase in stress intensity around the edges of holes, sometimes

equaling several times the stresses if the holes were not present. For

ductile materials, however, a uniform stress distribution assumption is

reasonable when the material is loaded beyond its yield point. Should

the fibers around the holes be stressed to their yield point they will yield

without further stress increase, with the result that there is a redistribu-

tion or balancing of stresses. At ultimate load it is reasonable to assume

a uniform stress distribution. The subject of plastic theory will be dis-

cussed at length in later chapters. The importance of ductility on the

strength of riveted or bolted tension members has been clearly demon-

strated in tests. Tension members (with rivet or bolt holes) made from

ductile steels have proved to be as much as one-fifth to one-sixth stronger

than similar members made from brittle steels with the same ultimate

strengths.

It is possible by a laborious mathematical process to consider stress

concentrations occurring around holes and at other sudden changes in the

dimensions of the cross section. The resulting stresses are quite approxi-

mate and it is doubtful if they are appreciably more valuable than those

obtained by dividing the total load by the cross-sectional area after any

holes are subtracted.

The term “net cross-sectional area” or simply “net area” refers to the

gross cross-sectional area of a member minus any holes, notches, or other

indentations. In considering the area of such items as these it is im-

portant to realize that it is usually necessary to subtract an area a little

larger than the actual hole. For instance, in fabricating structural steel

which is to be connected with rivets or bolts the holes are usually punched

4, in. larger than the diameter of the rivet or bolt. Furthermore, the

punching of the hole is assumed to damage or even destroy 4g in. more

of the surrounding mctal; therefore, the area of the holes subtracted is

1, in. larger than the diameter of the rivct or bolt. The area of the holes

subtracted is rectangular and equals the diameter of the hole times the

thickness of the metal.

For steel much thicker than the rivet or bolt diameters it is difficult

to punch out the holes to the full sizes required without excessive de-

formation of the surrounding material. These holes may be drilled or

subpunched slightly smaller than the required sizes after which they are

reamed to the required values. Very little material is damaged by this

method as the holes are even and smooth and it is considered unnecessary

to subtract the 4, in. for damage to the sides. Even though the holes
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are subtracted (whether they are punched or subpunched and reamed)

there will be unequal strains at or near the holes resulting in strcss von-

centrations. Tests have shown that members with drilled holes are

decidedly stronger than those with punched holes.

Example 3-1 illustrates the calculations necessary for determining

the allowable tensile capacity of a plate-type of tension member.
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EXAMPLE 3-1. Determine the capacity of the 8 * %-in. plate shown in

Fig. 3-2 if the allowable tensile stress is 20,000 psi. The plate is connected

at its end with two lines of 34-in. rivets.

Solution:

Net area = 8 KX % — (2) (4 +%) (3%) = 2.34 8q in.

Allowable P = (2.84) (20,000) = 46,800 Ib

The connections of tension members should be arranged so that no

eccentricity is present. (An exception to this rule is permitted by the

AISC for certain welded connections as described in Chap. 10.) If this

arrangement is possible the stress is assumed to be spread uniformly

across the net section of a member and the net area required equals the

total load divided by the allowable stress. Should the connections have

eccentricities, moments will be produced which will cause additional

stresses in ‘the vicinity of the connection. Unfortunately it is often quite

difficult to arrange conncctions without eccentricity. Although specifica-

tions cover some situations, the designer may have to give consideration

to eccentricities in some cascs with estimates of his own.

The lines of action of truss members meeting at a joint are assumed

to coincide. Should they not coincide, eccentricity is present and second-

ary stresses are the result. The centers of gravity of truss members are

assumed to coincide with the lines of action of their respective stresses.

No problem is present in a symmetrical member as its center of gravity is

at its center line, but for unsymmetrical members the problem is a little

more difficult. For these members the center line is not the center of

gravity, but the usual practice is to arrange the members at a joint so
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their gage lines coincide. If a member has more than one gage line, the

one closest to the actual center of gravity of the member is used in de-

tailing. Figure 3-3 shows a truss joint in which the gage lines of all

the members pass through the same point.
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3-4. EFFECT OF STAGGERED HOLES

Should there be more than one row of bolt or rivet holes in a member

it is usually desirable to stagger them in order to provide as large a net

area as possible at any one section to resist the load. In the preceding

paragraphs tensile members have been assumed to fail transversely as

along line AB in either Fig. 3-4(a) or (b). Part (c) of this figure shows a

member in which a failure other than a transverse one is possible. The

holes are staggered, and a failure along section ABCD is possible unless

the holes are a large distance apart.

To determine the critical net area in Fig. 3-4 (c), it might seem

logical to compute the area of a section transverse to the member (as AE)

allA A 7
T T |je 4%: ogo fe fos
8 8 £ OD

(a) (b) (c)

F 1a. 3-4

less the area of one hole and then the area along section ABCD less two

holes. The smallest value obtained along these sections would be the

critical value, but this method is at fault. Along the diagonal line from

B to C there is a combination of direct stress and shear and a somewhat

smaller area should be used. The strength of the member along section

ABCD is obviously somewhere between the strength obtained by using

& net area computed by subtracting one hole from the transverse cross-
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sectional area and the value obtained by subtracting two holes from

section ABCD.

Tests on joints show that little if anything is gained by using compli-

cated and theoretical formulas to consider the staggered-hole situation,

and the problem is usually handled with an empirical equation. The

AISC and other specifications use a very simple method (suggested by

V. H. Cochrane in 1922 in Engineering News Record) for computing the

net width of a tension member along a zigzag section. The method is to

take the gross width of the member regardless of the line along which

failure might occur, subtract the diameter of the holes along the zigzag

section being considered, and add for each inclined line the quantity given

by the expression s?/4g.

In this expression s is the longitudinal spacing (or pitch) of any

two holes and g is the transverse spacing (or gage) of the same holes.

The values of s and g are shown in Fig. 3-4(c). The AISC does not

permit the computed net width along transverse or zigzag sections to

excced 85 percent of the transverse gross section because several decades

of research have shown that a riveted joint seldom has an efficiency

greater than 85 percent. There may be several paths any one of which

may be critical at a particular joint. Each possibility should be consid-

ered and the one giving the least value should be used. Example 3-2

illustrates the method of computing the critical net area of a section

which has three lines of rivets. (For angles, the gage for holes in opposite

legs is considered to be the sum of the gages from the back of the angle

minus the thickness of the angle.)

The problem of determining the minimum pitch of staggered rivets

such that no more than a certain number of holes need be subtracted to

determine the net section is handled in Example 3-3. The Steel Hand-

book has a chart entitled ‘““Net Section of Tension Members,” which can

be used to determine the values of s?/4g. This chart can also be used

to handle the type of problem solved in Example 3-3.
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EXAMPLE 3-2. Determine the critical net area of the 14-in. thick plate

shown in Fig. 3-5 using the AISC Specification (Sec. 1.14.3). The holes are

punched for 34-in. rivets.

Solution: The critical section could possibly be ABCD, ABCEF, or ABEF.

Hole diameters to be subtracted are 34 + 144 = ¥& in. The net widths for each

case are as follows:

ABCD = 11 — (2) (%) = 9.25 in.

2

ABCEF = 11 — (8) (%) + _{3)* = 9,125 in. (controls)
(4) (3)

ABEF = 11 — (2) (%) +, = 9625 in.
(4) (6)

Maximum width by AISC = (0.85) (11) = 9.35 in. > 9.125 in.

Net area = (9.125) (4%) = 4.56 sq in. Ans.

EXAMPLE 3-3. For the two lines of rivet holes shown in Fig. 3-6 determine

the pitch which will give a net area along DEFG equal to the one along ABC.

D A
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The problem may also be stated as follows: determine the pitch which will give

a net area equal to the gross arca less one rivet. The holes are punched for

34 -in. rivets.

Solution:

ABC = 6 — (1) (5) — 5.125 in.

7 3? s-
DEFG = 6 — ~\4. "7 = 4, —G=6 (2)(5)+ (AyD) 4.25 + 5

ABC = DEFG

5.125 = 4.25 + z

s = 2.65 in. Ans.

3-5. DESIGN OF TENSION MEMBERS

The preceding paragraphs have shown that the determination of the

required net area for tension members is not difficult; however, it will
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be seen that the selection of the exact proportions of the members is not

as simple. Although the designer has considerable freedom in the selec-

tion, the resulting members should have the following properties; (a)

compactness, (6) dimensions which fit into the structure with reasonable

relation to the dimensions of the other members, and (c) connections to

as much as possible of the gusset plates so as to minimize stress concen-

trations.

The choice of member type is often affected by the type of connec-

tions used for the structure. Some stcel sections are not very convenient

to bolt or rivet together with the required gusset plates, while the same

sections may be welded together with little difficulty. Tension members

consisting of angles, channels, W or I-beam sections will probably be

used when the connections are made with bolts or rivets, while plates,

channels, and structural tees might be used for welded structures.

Various types of sections are selected for tension members in the

examples to follow and in cach case where bolts or rivets are used some

allowance is made for holes. Should the connections be made entirely

by welding, no holes have to be added to the net areas to give the re-

quired gross areas. The student should realize, however, that very often

welded members may have holes punched in them for temporary bolting

during field erection before the permanent field welds are made. These

holes need to be considered in design.

The slenderness ratio of a member is the ratio of its unsupported

length to its least radius of gyration (L/r) and will be discussed at length

in Chaps. 4 and 5 as it pertains to compression members. Steel specifica-

tions give upper permissible values of L/r for both tension and compres-

sion members. The purpose of maximum L/r values for tension members

is to insure the use of members with reasonable stiffnesses which will not

vibrate or deflect excessively. For tension members other than rods the

AISC permits 2 maximum slenderness ratio of 240 for main members and

300 for bracing and other secondary members (200 and 240 respectively

by AASHQ). Should a tension member be built up from several shapes °

which are not in contact, the shapes will be connected together with tie

bars or tie plates. The AISC says that these parts may not be spaced

at greater intervals than are required to keep the individual parts of the

built-up sections from exceeding an L/r value of 240 between tie plates.

The designer has to use his own judgment in limiting the L/r values for

reds as they usually will be several times the limiting values mentioned

for other types of tension members. His judgment of the size of rods to be

used, apart from actual theoretical stress requirements, will be affected

by his assumption of the treatment they will receive during construction

(i.e., athletic workmen swinging on them, ete.).
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Exampe 3-4. Select a W shape to resist a 290k tensile load using the

AISC Specification and an allowable stress of 20,000 psi. The member is 30 ft
long and is to be connected with 34-in. rivets. Assume that there can be 4 rivet

holes at any one cross section (two in each flange).

Solution:

Net area required = a = 14.50 sq in.

Assuming flanges to be 5% in. thick after some study of the W tables in the Steel

Handbook,

Hole area = (4) (7%) (5%) = 2.18 sq in.

Gross area = 14.50 4- 2.18 = 16.68 sq in.

Try 12W 58

Gross area = 17.06 sq in.

Less holes = (4) (%) (0.641) = —2.24 sq in.

Net area provided = 14.82sq in. > 14.50 sq in. (OK)

L 12 30
~ 7 961 7 143 < 240 (OK)

Maximum permissible net area by AISC = (0.85) (17.06) = 14.50 sq in.

= required net area. (OK)

Use 12 W 58

EXAMPLE 3-5. Design a 9-ft single-angle tension member to resist a total

tensile stress of 39,000 Ib. The member is to be connected with %4-in. rivets and

only one rivet is assumed to be placed at any one section through the angle. Use

the AISC Specification and an allowable stress of 20,000 psi.

Solution: This problem is one which can be conveniently handled with the

use of a table and this procedure is followed here for a few angle sizes.

, 39,000
Net area required = 30,000 = 1.950 sq in.

Angle Area of One | Gross Area | Lightest Angles Available (Equal and Unequal Legs)

Thickness %-in. Hole Required and Their Areas

(in.) (sq in.) (sq in.) (sq in.)

%, 0.219 2.169 6 x 3% x % (2.31)

oe 0.273 2.223 4X4 Ne (2 40)

3% xX 3 xX 38 (2.30)% 0.328 2.278 gh x ae x % (2.48)

z 34 X 24 X Te (2.43)
AG 0.383 2.333 3X3 X Ke (2.43)

3X 2% X % (2.50)We 0.438 2.388 3%3X oi (2.75)
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Lightest section: £4 3, K %e

L 12X%9 _
= 973 = 148 < 240 (OK)

Maximum net area by AISC = (0.85) (2.25) = 1.92 sq in. < 1.95 (N.G.)

Next lightest section: ©3144, *3 Kk %

L 12xX9

r 0.62

Maximum net area by AISC = (0.85) (2.30) = 1.96 > 1.95 (OK)

Use £3% K3X &

= 174 < 240 (OK)

A single-angle tension member was selected in Example 3-5 to resist

a tensile load. Unless the end connections are made to both legs of the

angle it will be eccentrically loaded and secondary bending stresses will

be the result. For this situation some specifications such as the AASHO

require that the effective area of the unconnected leg be reduced by one-

half regardless of whether the connection is bolted, welded, or riveted. A

more desirable situation is created if a double-angle member is used with

one angle on each side of the gusset plate as shown in Fig. 3-7. The

Each member consists

r of 2 4s with} & on

each side of gusset 2

Gusset R~ '
UP | ©

——-7e-* * 1
7

T
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resultant stress is supposedly kept in the plane of the gusset plate with.

this type of connection.

Based on a consideration of plastic behavior, the AISC does not deem

it necessary to make a special reduction in the effective net area of an

angle connected by one leg. Should a load be applied to an angle of this

type the stress in the outside edge of the unconnected leg will quickly

reach the yield point. Increases in the load will cause that part of the

angle to yield with a consequent redistribution of the stresses throughout

the remainder of the angle until the entire section has reached the yield

stress. From this discussion it can be seen that the ultimate strength of

the angle is not greatly affected by the type of connection (that is, to one
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leg or to two legs). This theory does not apply very well to fatigue type

loadings.

Example 3-6 illustrates the design of a single-angle tension member

connected by one leg using the AASHO Specifications and Example 3-7

illustrates the design of a double-angle tension member using the AISC

specifications.

EXAMPLE 3-6. Select a single-angle tension member to resist a total force of

46,000 Ib using the AASHO Specifications and an allowable stress of 18,000 psi.

One leg of the angle is to be connected with %-in. bolts and it is assumed to be

possible for two holes to occur at one section. The length of the member is 12 ft.

Solution:

; 46,000
Net area required = 18,000 = 2.56 sq in.

Try ©7KX4xXK& &

Gross area = 3.98 sq in.

Less hole area = —(2) (1) (%) = 0.75 sq in.

Less 50% area of uncon. leg =

— (0.50) (4— %) (%) = — 0.68 sq in.

Actual net area = 2.55 sq in. < 2.56 sq in.

L 12% 12
— = gg = 163 < 200 _ (OK)

Usel X7K 4K ¥%

EXAMPLE 3-7. Design a 20-ft double-angle tension member by the AISC

Specification to resist a tensile load of 105,000 lb. The member is to be con-

nected with 34-in. bolts and no more than 1 bolt hole in each angle is assumed

to occur at any one section. The allowable tension is 22,000 psi and a %%-in.

gusset plate is used between the angles.

Solution:

. 105,000 .
Net = 7 we ATT S .et area required 22,000 sq In

Angle Area of Two Gross Area Lightest Pair Of Angles

Thickness %-in. Holes Required Available and Their Areas

(in. ) (sq in.) (sq in.) (sq in.)

Ag 0.546 5 32 xX 5% x %e (5.74)

BX BX 3% (5.72)
38 0.656 5.43 45.4 % (5.72)

4X8 X He (5.74)
7Ae 0.766 5.54 Ble x 3% x The (8.74)

3% xX 3 x % (6.00)

*” 0876 5.65 3% X 3% Xx % (6.50)
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Lightest section: 2%s4xK 4x %

L 1220 240
= = Teg = og = 195 < 240 (OK)

Maximum net area by AISC = (0.85) (5.72)

= 4.86 sq in. > 4.77 sq in. (OK)

Use2 ts 4X 4X %

3-6. SPLICES FOR TENSION MEMBERS

A tension member splice has the purpose of replacing the member at

the point where it is cut. At first glance the problem may seem to be an

unusually simple one but there are several difficulties which can arise,

primarily caused by eccentricities of loads.

Tension members are often more than large enough to resist the

calculated maximum stress. This fact causes the following question to

arise: “Should the splice be designed for the maximum calculated stress

or for the actual strength of the member?” The AREA says that the

splice must be made for the full strength of the member—that is, the

full net effective area of the member must be replaced. The AASHO

Says a splice should be designed for the calculated maximum stress or

75 percent of the strength whichever is larger; while the AISC requires

the design to be made for the calculated maximum stress or 50 percent

of the member strength, whichever is larger.

Eccentricity of the loads is a common problem with splices as illus-

trated by the single-angle splice shown in Fig. 3-8. In this type of splice

it may be possible to get the centers of gravities lined up in one direction

as shown in part (a) of the figure but not in the other direction as shown

in part (b) of the same figure.

Perhaps the usual practice in splice design is fo neglect the effect

of eccentricities, but the designer needs to be on the lookout for extreme

' 4 Splice R.

| C.gs do not coincid° t and moment is
produced.

J L-——1 C.g.S coincide

Sg

(a) (b)

Fia. 3-8. Single-angle splice (poor).
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cases so that he can allow for them. Actually the single-angle splice

shown in the preceding figure with one plate is one of the worst types and

should be avoided. In this regard it is desirable to splice all parts of

tension members. For instance, if an angle is being spliced, each leg

should be spliced. As described in Sec. 3-5, the AASHO permits the use

of only one-half of the area of an unconnected angle leg in resisting

stress. A specification such as this one was written to make a rough

allowance for the effect of eccentricity.

A few possible types of tension member splices are shown in Fig. 3-9.

Ground Splice 4 \
Corner

Splice ®

(a) (b) (c)

ae EI eee
<—— | z —

Butt Splice

Shingle Splice

(d) (e)

Fria. 3-9

The rather poor method of splicing a single angle with a single plate is

shown in part (a) of the figure. Part (b) shows a much better method

(perhaps the best one) for splicing a single angle. In this method the

splice is made with another angle. Tho splice angle has shorter legs and

must therefore have a greater thickness than the angle being spliced to

provide the same net area.

Sometimes a lug angie is used as shown in part (c) of the figure.

This angle will reduce the eccentric bending stresses in the member and

stiffen up the whole connection slightly. Splices may be butt splices

or shingle splices. These types of splices are shown in parts (d) and (e)

respectively of Fig. 3-9. In the butt splice a W shape or built-up mem-

ber is cut entirely at one section and splice material must be added to

make the splice. Probably the shingle splice for built-up sections is a

little better in that it causes a reduction of stress concentrations by
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staggering the splices and also keeps the entire member from being cut

at one point.

Sometimes it is necessary to use what is called an “indirect” splice.

An indirect splice is one in which there is an intermediate plate between

the part being spliced and the splice itself. Most specifications require

an increase in the number or amount of connectors (rivets, bolts, or

welds) when indirect splices are used. An increase of from one-fourth to

one-third the number of connectors is usually required for each inter-

mediate plate.

Many persons do not think that gusset plates should be used as splice

plates or as part of them. The truth of the matter probably is that they

should not be designed as gusset plates and then have the additional task

of serving as splice plates without a proportionate increase in section.

In other words, gusset plates which are used for such situations need to

be designed for both tasks.

New‘ Albany Bridge crossing the Ohio River between Louisville, Ky.,
and New Albany, Ind. (The Lincoln Electric Company.)

Rarely is.it necessary to splice steel rods, as they are usually not of

sufficient length to require splicing. Should splicing be necessary, how-

ever, turnbuckles may be used. These devices are also of advantage in

putting initial tension in the rods and in getting them to fit properly as

previously described in this chapter.

3-7. DESIGN OF RODS AND BARS

When rods and bars are used as tension members they may be simply

welded at their ends, or they may be threaded and held in place with
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nuts. If the ends are threaded the net area is determined from the diam-

eter at the root of the thread. The result is that the available area of the

member is reduced. Although not required by the AISC for threaded

rods it is considered good practice to select rods which have diameters, at

the roots of the threads, 4g in. larger than theoretically required by

stress. Stress concentrations undoubtedly occur at these points and tests

have shown that there is a possibility of a brittle fracture in threaded

rods if sudden shocks occur.

Sometimes upset bars are used where the ends are made larger than

the regular bar and the threads placed in the enlarged scction so that

the area at the root of the thread is at least 2C percent larger than that

of the regular bar. The Steel Handbook lists upset bars as being avail-

able from 34 in. to 3% in. in 14 in. increments. Upsctting permits the

designer to use the entire area of the cross sevtion despite stress concen-

trations. The use of upset bars is probably not economical unless a large

order is being made and is usually avoided.

A common example of the use of tension rods occurs in steel-frame

industrial buildings which have purlins running between their roof trusses

to support the roof surface. These types of buildings will also frequently

have girts running between the columns along the vertical walls. Sag

rods may be required to provide support for the purlins parallel to the

roof surface and vertical support for the girts along the walls. For roofs

with steeper slopes than 1 vertically to 4 horizontally, sag rods are often

considered necessary to provide lateral support for the purlins, par-

ticularly where the purlins consist of steel channels. Steel channels are

commonly used as purlins but they have very little resistance to lateral

bending. The section modulus needed to resist bending parallel to the

roof surface is small but nevertheless an extremely large channel is

required to provide such a modulus. The use of sag rods for providing

lateral support to purlins made from channels is usually economical

because of the bending weakness of channels about their y axes. For light

roofs (as where trusses support corrugated stcel roofs) sag rods will

probably be needed at the one-third points if the trusses are more than

20 ft on centers. Sag rods at the midpoints are sufficient if the trusses

are less than 20 ft on centers. For heavier roofs such as those made of

slate, cement tile, or clay tile, sag rods will probably be needed at closer

intervals. The one-third points will probably be necessary if the trusses

are spaced at greater intervals than 14 ft and the mid points will be

satisfactory if truss spacings are less than 14 ft. Some designers assume

that the load components parallel to the roof surface can be taken by the

roof, particularly if it consists of corrugated steel sheets, and that tie

rods are unnecessary. This assumption, however, is open to some doubt

and definitely should not be followed if the roof is very steep.
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It is usually desirable to limit the minimum size of sag rods to 5 in.

because smaller rods than these are often injured during construction.

The threads on smaller rds are quite easily injured by overtightening

which seems to be a frequent habit of workmen. Sag rods are designed

for the purlins of a roof truss in Example 3-8. The rods are assumed to

support the simple beam reactions for the components of the gravity

loads (roofing, purlins, snow and ice) parallel to the roof surface. Wind

forces are assumed to act perpendicular to the roof surfaces and theoret-

ically will not affect the sag rod stresses. The maximum stress in a sag

rod will occur in the top sag rod because it must support the sum of the

stresses in the lower sag rods. It is theoretically possible to use smaller

rods for the lower sag rods but this reduction in size will probably be

impractical.

EXAMPLE 3-8. Design the sag rods for the purlins of the truss shown in

Fig. 3-10. Purlins are to be supported at their third points between the

trusses which are spaced 21 ft on centers. Assume the specifications require a

Q-4
3 oe 8C 115 PRurlins

Tile Roofing

Clip Angles

TY 6@12'=72' >|

Ridge Purlins

Sag

Rods

Purlins
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Slant washers prevent

bending of rods.

Clip angles

are not shown,

\
Top Chord of Truss

minimum size rod of 5 in. and permit a tensile stress of 20,000 psi. It is further

assumed that the required net section will be increased by 4g in. to allow for

stress concentrations. A clay tile roof weighing 16 psf of roof surface is used

and supports a snow load of 20 psf of horizontal projection of roof surface. De-

tails of the purlins and the sag rods and their connections are shown in Figs. 3-10

and 3-11. In these figures the dotted lines represent a common practice of using

ties and struts in the end panels in the plane of the roof to give greater re-

sistance to loads located on one side of the roof (a loading situation which might

occur when snow is blown off one side of the roof during a severe windstorm).

Solution: Gravity loads in psf of roof surface are as follows:

7X 11.5
Purlins = — 79° 2.1 psf

3
Snow = 20—— == 19.0 psf

V/10

; 16.0 psf
Tile roofing = 3711 pst

Component of loads parallel to roof surface = Sis 37.1 = 11.7 psf

Load on sag rod = (37.9) (7) (11.7) = 3,110 Ib

3,110 Ib

20,000

Use 5£-in. sag rod (minimum size permitted)

Net area required = = 0.156 sq in. (5£-in. rod has 0.226 sq in.)

Stress in tie rod between ridge purlins (stress in inclined sag rods assumed

to be a component of this stress) :

Stress = vie ‘S 3,110 = 3,270 lb

3,270
Net area required = 50,000 =0.164sqin. (5-in. rod OK)
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Note: The area calculated here is the required net area for a threaded rod

unless an upset rod is used. In this case a threaded %-in. rod would be required

to supply the necessary area at the root of the thread. (See table, “Threaded

Fasteners, Screw Threads” in Steel Handbook.)

3-8. EYE-BAR TENSION MEMBERS

Until the early years of the twentieth century nearly all bridges in

the United States were pin-connected, but today they are used infre-

quently because of the advantages of riveted, welded, and bolted connec-

tions. One trouble with pin-connected trusses is the wearing of the pins

in the holes causing looseness of the joints. Pin-connected eye bars are

used occasionally today as tension members for long-span bridge trusses

and as hangers for some types of bridges. These types of bridges are

subjected to very large dead loads; and the eye bars are, therefore, pre-

vented from rattling under traffic loads. The design of pin-connected

members is substantially controlled by empirical specifications which are

based on considerations for stress concentrations occurring near the pin

holes.

Eye bars are formed by making a rectangular bar or plate with an

enlarged head and boring a hole in this head to enable it to be pin-con-

nected. Details of the bar as to the diameter of the head, etc., are

probably not worked out by the designer and selection is made from the

shapes available from the steel companies because of the high cost of

other sizes. The truth of the matter is that eye bars are used infrequently

and the cost of any size will be rather large and they will probably have

to be specially ordered.

The large trusses for which eye bars are used require large members.

Each member will probably be made up of several thicknesses of eye bars

each being from 1 to 2 in. thick. From a safety standpoint it is desirable

for failure to occur in the members rather than at the joints and the

specifications usually require the net area of the bar at the pin to be

larger than the net area of the body of the bar. An illustration is the

AREA specification which requires a 35 percent increase in area at the pin.

PROBLEMS

3-1. Using the AISC Specification and A36 steel, what is the allowable

tensile load for a 5 X 31%, & Y, angle which is connected at its ends with one

row of %-in. bolts through the 5-in. leg?

3-2. Determine the allowable tensile load which can be supported by a pair

of 6 X 4 x % angles according to the AISC Specification if A36 steel is used.

Assume that two rows of 1-in. bolts are used in the long legs with a pitch of

3 in. and no stagger.
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3-3. A welded tension member is to consist of two channels placed 12 in.

back-to-back with the flanges turned out. Select the channels for a maximum
tension of 420,000 lb using A36 steel and the AISC Specification.

3-4. A 12 Wshape is to be selected to support a tensile load of 250 k. The

member is to be 25 ft long, has an allowable tensile stress of 20 ksi and is as-

sumed to have two holes for 34-in. high-strength bolts in euch flange. (Maximum

L/r is 200.)

3-5. Select a pair of angles to serve as a tension member to support a 125 k

tensile load if one hole for a %-in. bolt is to be taken out of each angle. The

member is to be 30 ft long, have a %-in. gusset plate between the angles,

and have an allowable tension of 20 ksi. (Maximum L/r is 200.)

3-6. The AISC Specification and A36 steel are to be used in selecting a

single angle member to resist a tensile load of 42 k. The member is 12 ft long

and is assumed to be connected with 1 row of %-in. bolts.

3-7. Select o single-angle tension member 15 ft long to support a load of

24 k if the allowable tension is 18 ksi and one leg of the angle is to be connected

with one line of 34-in. bolts. Use the AASHO provision that only one-half of

the unconnected leg may be considered as being effective.

3-8. Repeat Prob. 3-6 using A440 steel.

3-9. Repeat Prob. 3-6 selecting a pair of angles and using A36 steel. Assume

angle legs are touching.

3-10. Repeat Prob. 3-9 using A440 steel.

3-11. Find the net area of the plate shown in the accompanying illustration.

A 15 X ¥%-in. plate is used and the holes shown are for Y%-1n. high-strength

bolts.
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Pros. 3-11

3-12. Find the allowable tensile load which can be applied to the plate

shown in the accompanying illustration if the allowable tensile stress is 20 ksi.

The plate is 15 & 34 in. and the holes shown are punched for 7-in. high-strength

bolts,



Tension Members 43

— Oo
4"

{

P— i 1 ——~ P

4
3"

7 +

e- 3-4 2"

Pros. 3-12

3-13. A 12[ 30 is connected through its web with three gage lines of 34-in.

bolts. The gage lines are 3 in. on centers and the bolts are spaced 4 in. on

centers along the gage line. If the center row of bolts is staggered with respect

to the outer row determine the net cross-sectional area of the channel.

3-14. A single-angle tension member (8 XK 4 X 34) has two gage lines in

its long leg and one in the short leg for 34-in. bolts as shown in the accompany-

ing illustration. There are two rows of bolts in the long leg which are staggered

with respect to each other and only one row in the short leg. Determine the

allowable tensile load which this member can support if the allowable tensile

stress 1s 20 ksi.
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Pros. 3-14

3-15. Determine the maximum permissible tensile load which can be sup-

ported by the pair of 6 6 X I angles shown in the accompanying illustration

if A36 steel and the AISC Specification are used. Standard gages are to be

used as determined from the Steel Handbook. Holes are for %-in. bolts.
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3-16. One gage line of %-in. bolts is used in each leg of a 4 K 34% K &

angle. If the bolts in each line are 4 in. on centers and are staggered with

respect to each other, determine the allowable tensile load if A36 steel and the

AISC Specification are used. Gage lines are located as given by the usual gages

in the Steel Handbook.

3-17. For the plate and bolts shown in the accompanying illustration find

the minimum pitch s for which only two bolts need be subtracted at any one

section. Bolts are % in.

O me Col — pe | pole
— $—e

Pros. 3-17

3-18. Find the minimum pitch s in the plate of Prob. 3-17 so that only

2¥4-in. bolts need be subtracted at any one section.

3-19. A 6 X 4 & % angle is used as a tension member with one gage line

of %-in. bolts in each Jeg at the usna) gage location. What is the minimum

amount of stagger necessary so that only one bolt need be subtracted from the

gross area of the angle?

3-20. An 8 X 6 & 7 angle is shown in the accompanying illustration. Two

rows of 34 in. high-strength bolts are used in the long leg and one in the short

leg. Determine the stagger (or pitch s in the figure) necessary so that only

two holes need be subtracted in determining the net area.

3-21. Select a threaded round rod as a hanger to resist a total tensile load

of 12,000 lb. Use AISC Specification, A36 steel, and assume the ends are not

upset.

3-22. Repeat Prob. 3-21 if a rod is to be used with upset ends. Refer to

the Steel Handbook for details of upset bars.
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3-23. The outer walls of an industrial building have the following details:

Columns spaced 20 ft on centers; height to eave is 30 ft; girts spread 5 ft 0 in.

on centers; and estimated weight of wall covering, girts and other items is 10 psf.

Select sag rods to support the girts at midspan using A36 steel and the AISC

Specification.

3-24. The roof trusses for a particular industrial building are spaced 21 ft

on centers, have a roof covering weighing an estimated 6 psf of roof surface, and

have purlins spaced as shown in the accompanying illustration and weighing an

estimated 3 psf of roof surface. Design sag rods using A36 steel and the AISC

Specification, assuming a snow load of 25 psf. The sag rods are to be used at

the one-third points.

Ur
LL

3-25. Repeat Prob. 3-24 if sag rods are to be used at the midpoints between

trusses.



chapter 4

Introduction to
Compression Members

4-1. GENERAL

When a load tends to squeeze or shorten a member the stresses pro-

duced are said to be compressive stresses and the member is called a

compression member. There are several types of compression members,

the column being the best known. Among the other types are the top

chords of trusses, bracing members, the compression flanges of rolled

beams and built-up beam sections, and members which are subjected

simultaneously to bending and compressive loads. Columns are usually

thought of as being straight vertical members whose lengths are consider-

ably greater than their thicknesses. Short vertical members subjected to

compressive loads are often called struts or simply compression members;

however, the terms column and compression member will be used inter-

changeably in the pages that follow.

There are two significant differences between tension and compression

members. ‘These are:

1. Whereas tensile loads tend to hold a member straight compressive

loads tend to bend them out of the plane of the loads (a serious situation).

2. The presence of rivet or bolt holes in tension members reduces the

area available for resisting loads; but in compression members the rivets

or bolts are assumed to fill the holes (although there may be some very

slight initial slippage until the bolts or rivets bear against the adjoining

material) and the entire gross area is available for resisting load.

Tests on all but the shortest columns show that they will fail at P/A

stresses well below the elastic limit of the column material because of

their tendency to buckle or bend laterally. For this reason their allowable

stresses are reduced in some relation to the danger of buckling. The

longer a column becomes for the same cross section the greater becomes

its tendency to buckle and the smaller becomes the load it will support.

46
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The tendency of a member to buckle is usually measured by the slender-

ness ratio, which has previously been defined as the ratio of the length

of the member to its least radius of gyration. The tendency to buckle is

also affected by such factors as the types of end connections, eccentricity

of load application, imperfection of column material, initial crookedness

of columns, residual stresses from manufacture, etc.

The loads supported by a building column are applied by the column

section above and by the connections of other members directly to the

column. The ideal situation is for the loads to be applied uniformly

across the column with the center of gravity of the loads coinciding with

the center of gravity of the column. Furthermore, it is desirable for the

column to have no flaws, to consist of a homogeneous material, and to

be perfectly straight; but these situations are obviously impossible to

achieve.

Loads which are exactly centered over a column are referred to as

axial or concentric loads. The dead loads may or may not be concentri-

cally placed over an interior building column and the live loads may

never be centered. For an outside column the loading situation is prob-

ably even more eccentric as the center of gravity of the loads will usually
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fall well on the inner side of the column. In other words, it is doubtful

that a perfect axially loaded column will ever be encountered in practice.

The other desirable situations are also impossible to achieve because

of the following: imperfections of cross-sectional dimensions, residual

stresses, holes punched for rivets or bolts, erection stresses, and transverse

loads. The result of all of these imperfections cannot be expressed in a

formula and they truthfully require the use of high safety factors.

Slight imperfections in tension members and beams can be safely

disregarded as they are of little consequence. On the other hand, slight

defects in columns may be of major significance. A column which is

slightly bent at the time it is put in place will have serious bending

moments. Obviously a column is a more critical member in a structure

than is a beam or tension member because minor imperfections in ma-

terials and dimensions mean a great deal. This fact can be illustrated by

a bridge truss which has some of its members damaged by a truck. The

bending of tension members probably will not be serious as the tensile

loads will tend to straighten those members; but the bending of any

compression members is a serious matter, as compressive loads will tend

to magnify the bending in those members.

The preceding discussion should clearly show that column imperfec-

tions cause them to bend and the designer must consider stresses due to

those moments as well as due to axial loads. Chapters 4 and 5 are limited

to a discussion of axially loaded columns while members subjected to a

combination of axial loads and bending loads are discussed in Chap. 8.

4-2. RESIDUAL STRESSES

In recent years research at Lehigh University has shown that residual

stresses and their distribution are perhaps the most important factors

affecting the strength of axially loaded steel columns. These stresses are

of particular importance for columns with L/r values varying from ap-

proximately 40 to 120, a range which includes a very large percentage of

practical columns. A major cause of residual stress is the uneven cooling

of shapes after hot-rolling. For instance in a W shape the outer tips of

the flanges and the middle of the web cool quickly while the areas at the

intersection of the flange and web cool more slowly. The result is that

tension is caused in the slow cooling areas and compression in the areas

which cool more rapidly.

When rolled-stee] column sections are tested, their proportional limits

are reached at P/A values of only a little more than half of their yield

stresses and the stress-strain relationship is nonlinear from there up to

the yield stress (see Fig. 4-1). Because of the early localized yielding

occurring at some points of the column cross sections, buckling strengths
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are appreciably reduced. Reductions are greatest for columns with

slenderness ratios varying from approximately 70 to 90 and may possibly

be as high as 25 percent? |

Residual stresses may also be caused during fabrication when cam-

bering is performed by cold bending and due to cooling after welding.

Welding can produce severe residual stresses in columns which actually

can approach the yield point in the vicinity of the weld. Another im-

portant fact is that columns may actually be appreciably bent by the

welding process decidedly affecting their load carrying ability. Figure

4-1 shows the effect of residual stresses due to cooling and fabrication

on the stress-strain diagram for a hot-rolled W shape.

LS Curve UW with Residual Stress

! |Stress |
_P

(t=7/ |

Strain fe = 4b) |

Fia. 4-1. Effect of residual stresses on

column stress-strain diagram.

4-3. SECTIONS USED FOR COLUMNS

Theoretically an endless number of shapes can be selected to safely

resist a compressive load in a given structure. From a practical view-

point, however, the number of possible solutions is severely limited by

such considerations as sections available, connection problems, and type

of structuré in which section is to be used. The paragraphs that follow

are intended to give a brief resume of the sections which have proved

to be satisfactory for certain conditions. These sections are shown in

Fig. 4-2 and the letters in parentheses in the paragraphs to follow refer

to the parts of this figure.

The sections used for compression members are usually similar to

those used for tension members with certain exceptions. The exceptions

are caused by the fact that the strengths of compression members vary

in some inverse relation to the L./r ratios and stiff members are required.

Individual rods, bars, and plates are usually too slender to make satis-

1L. S. Beedle and L. Tall, “Basic Column Strength,” Proc. ASCE, vol. 86
(July 1960), pp. 189-173.
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Fia. 4-2. Types of compression members.

factory compression members unless they are very short and lightly

loaded.

Single-angle members (a) are satisfactory for bracing and compres-

sion members in light trusses. Equal-leg angles may be more economical

than unequal-leg angles because their least r values are greater for the

same area of steel. The top chord members of riveted or bolted roof

trusses might consist of a pair of angles back-to-back (b). There will

probably be a space between them for the insertion of a gusset plate at

the joints necessary for connections to other members. An examination

of this section will show that it is probably desirable to use unequal-leg

angles with the long legs back to back to give a better balance between

the r values about the z and y axes.

If roof trusses are welded, gusset plates may be unnecessary and

structural tees (c) might be used for the top chord members because the

web members can be welded directly to the stems of the tees. Single

channels (d) are not satisfactory for the average compression member

because of their almost negligible r values about their web axes. They

can be used if some method of providing extra lateral support in the

weak direction is available. The W shapes (e) are probably the most

common shapes used for building columns and for the compression mem-

bers of highway bridges. Their r values although far from being equal

about the two axes are much more nearly balanced than for channels.

For small and medium loads, pipe sections or round tubing (f) are

quite satisfactory. They are often used as columns in long series of win-

dows, as short columns in warehouses, as columns for the roofs uf covered
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walkways, in the basements and garages of residences, ete. Pipe columns

have the advantage of being equally rigid in all directions and are usually

very economical unless moments are large. The Steel Handbook furnishes

the sizes of these sections and classifies them as being standard, extra

strong, and double extra strong.

Square and rectangular tubing (g) and (h) have not been used to a

great extent for columns until recently. In fact, for many years only a

few steel mills manufactured steel tubing for structural uses. Perhaps

the major reason why tubing was not used to a great extent was the

difficulty of making connections with rivets or bolts. This problem has

been fairly well eliminated, however, by the advent of modern welding.

The use of tubing for structural purposes by architects and engineers in

the years to come will probably be greatly increased for several reasons.

These include:

1. The most efficient compression member is one which has a constant

radius of gyration about its centroid, a property available in round tubing.

Square tubing is the next most efficient compression member.

2. Their smooth surfaces permit easier painting.

3. They have excellent torsional resistance.

4. The surfaces of tubing are quite attractive.

5. When exposed the wind resistance of round tubing is only about

two-thirds of that of flat surfaces of the same width.

A slight disadvantage which comes into play in certain cases is that

the ends of tubing may have to be sealed to protect their inaccessible

inside surfaces from corrosion. Although making very attractive exposed

pane re ets ‘
em Lae Bey! waa ' 1 v7. ie

Bents fabricated from tubing sections in New Jersey. (Bethle-

hem Steel Company.)
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members for beams, tubing is at a definite weight disadvantage as com-

pared to the regular rolled beam shapes. Their maximum section modulus

is considerably less than for a rolled shape of the same weight per foot.

Where compression members are designed for very large structures it

may be necessary to use built-up sections. Built-up sections are needed

where the members are long and support very heavy loads and/or when

there are connection advantages. Generally speaking, a single shape such

as a W section is more economical than a built-up section having the

same cross sectional area. When built-up sections are used they must

be connected on their open sides with some type of lacing (also called

lattice bars) to hold the parts together in their proper positions and to

assist them in acting together as a unit. The ends of these members are

connected with tie plates (also called batten plates or stay plates).

The dotted lines in Fig. 4-2 represent lacing or discontinuous parts

and the solid lines represent parts that are continuous for the full length

of the members. Four angles are sometimes arranged as shown in (i) to

produce large r values. This type of member may often be seen in towers

and in crane booms. A pair of channels (j) is sometimes used as a build-

ing column or as a web member in a large truss. It will be noted that

there is a certain spacing for each pair of channels at which their r values

about the x and y axes are equal. Sometimes the channels may be turned

out as shown in (k).

A section well suited for the top chords of bridge trusses is a pair

of channels with a cover plate on top (1) and with lacing on the bottom.

The gusset plates at joints are conveniently connected to the insides of

the channels and may also be used as splices. When the largest channels

available will not produce a top chord member of sufficient strength a

built-up section of the type shown in (m) may be used.

When the rolled shapes do not have sufficient strength to resist the

column loads in a building or the loads in a very large bridge truss, their

areas may be increased by adding plates to the flanges (n). Similar

shaped sections can be built up from other sections as shown in (0)

through (q). The built-up sections shown in parts (n) through (q) have

an advantage over those shown in parts (i) through (m) in that they do

not require the expense of the lattice work necessary in the former.

Lateral shearing forces are negligible for the single column shapes and

for the nonlatticed built-up sections, but they are defimitely not negligible

for the built-up latiiced columns.

4-4. DEVELOPMENT OF COLUMN FORMULAS

The use of columns goes back before the dawn of history but it was

not until 1729 that a paper was published on the subject by Pieter van
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Musschenbroek, a Dutch mathematician.2 He presented an empirical

column formula for estimating the strength of rectangular columns. A

few years later in 1757 Leonhard Euler, a Swiss mathematician, published

a paper of great value concerning the buckling of columns. He was

probably the first person to realize the significance of buckling. The

derivation of his formula, the most famous of all column expressions,

is presented in Sec. 4-5.

Engineering literature is filled with formulas developed for ideal

column conditions but these conditions are not encountered in actual

practice. Consequently practical column design is based primarily on

formulas which have been developed to fit with reasonable accuracy test-

result curves. The reasoning behind this procedure is simply the fact

that the independent derivation of column expressions does not yield

formulas which give results comparing closely with test result curves for

all ranges of L/r.

The testing of columns of various ranges of L/r results in a scattered

range of values such as those shown by the broad band of dots in Fig. 4-3.

+ at Failure

4 sy
Test Result Curve

Fic. 4-3. Test result curve.

The dots will not fall on a smooth curve even if all of the testing is done

in the same laboratory because of the difficulty of exactly centering the

loads, lack of perfect uniformity of the materials, varying dimensions of

the sections, end restraint variations, etc. The usual practice is to at-

tempt to develop formulas which give results represented by an approxi-

mate average of the test results with an adequate safety factor applied.

The student should also realize that laboratory conditions are not field

conditions and column tests probably give the limiting values of column

strengths.

2L. S. Beedle et al., Structural Steel Design (New York: The Ronald Press
Company, 1964), p. 269.



54 Introduction to Compression Members

4-5. DERIVATION OF THE EULER FORMULA

The Euler formula is derived in this section for a straight, con-

centrically loaded, homogeneous, long slender column with rounded ends.

It is assumed that this perfect column has been laterally deflected by

some means as shown in Fig. 4-4 and that if the concentric load P was

removed the column would straighten out completely.

y

rolerin ~ +s
Fig. 4-4

The x and y axes are located as shown in the figure. As the bending

moment at any point in the column is —Py the equation of the elastic

curve can be written as follows:

d*y

For convenience in integration both sides of the equation are multi-

plied by 2dy and the integration is performed.

dy ,dy

dy\* _ °EI ({) — — Py? +C,

When y = 8, dy/dx = 0, and the value of C, will equal P8? and

dy\? __ 2 2B1 (54) — — Py24 PB

The preceding expression is arranged more conveniently as follows:

dy\’ Piss 2(") EI (3 y*)
dy PP

dx Va io
dy, P

Ve—y VET
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Integrating this expression, the result is

n¥— [Pare sin = RIzt&

When + = 0 and y = 0,C; = 0. The colunnn is bent into the shape

of a sine curve expressed by the equation

Petree el

are sin 4 =: Po x
5 EI

When z = L/2, y = 8, resulting in

x [PL
2 EI 2

Solving this expression for P, the critical load for a slender column:

x? HI

This expression is the Euler formula but is usually written in a little

different form involving the slenderness ratio. Since r = \/1/A and

r? = I/A and I = 7r°A, the Euler formula may be written as

P wWE

A” (L/r)?

The student should carefully note that the buckling load determined

from the Euler equation is independent of the strength of the steel

used. This equation is the only purely theoretical column formula

of significance which has been developed to date, but is of value only when

the end support conditions are carefully considered. The results obtained

by application of the formula to specific examples compare very well with

test results for centrally loaded, long slender columns with rounded ends.

The engineer, however, docs not encounter perfect columns of this type.

The columns with which he works do not have rounded ends and are not

free to rotate because their ends are bolted, riveted, or welded to other

members. These practical columns have different amounts of restraint

against rotation varying from slight restraint to almost fixed conditions.

For the actual cases encountered in practice where the ends are not free

to rotate, different length values can be used in the formula and more

realistic values will be obtained.

Successfully to use the Euler equation for practical columns the

value of L should be the distance between points of zero moment. This

distance is referred to as the effective length of the column. For a pinned-

end column (whose ends can rotate but cannot translate) the points of

zero moment are at the ends a distance L apart. For columns with dif-

ferent end conditions the effective lengths may be entirely different.

P=
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Fia. 4-5

Part (a) of Fig. 4-5 shows the type of bending considered in deriving
the Euler Equation earlier in this section. [Actually Euler’s 1757 publi-
cation presented only the so-called flagpole problem shown in Fig. 4-5(c)
in which one end is built-in or fixed and the other end is free.| In part
(b) of the same figure is shown a column whose ends are fixed. A fixed-
end column has points of inflection (P.I.’s) at its one fourth points and
the effective length or the distance between the points of inflection equals
L/2. Obviously the smaller the effective length the greater the estimated
strength obtained by substitution in the Euler expression. Although the
effective length of the usual practical column falls in between these two
values (L and L/2), it is possible for it to be greater than L. Should a
column be completely free at one end and fixed at the other end its
elastic curve will take the shape of the curve of a pinned-end column
of twice its length and the effective length will be 2L as shown in part
(c) of Fig. 4-5.

It might be interesting to note that for the column shown in part (b)
of the figure the end moments actually restrain the column so as to de-
crease the deflection due to buckling. The result is that the effective
length is less than L and the end moments may be thought of as actually
strengthening the column. In columns of the type shown in part (c) the
end moments actually weaken the column in that they increase the de-
flection due to buckling. Further discussions of effective lengths are made
in Chaps. 5 and 8.
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‘Research work in this field by Thomas H. Johnson showed that when

practical end conditions were used entirely different values should be

used for the Euler formula.2 He found that when column ends were

practically pin connected the value of the Euler formula should be

P _16E
A (L/r)?

For flat or nearly fixed ends he recommended the following:

P_ 25E

A (L/r)?

It is interesting to note that these values can be obtained by using

effective lengths of 0.785Z and 0.628L respectively in the original formula.

These revised values of the Euler formula seem to give reasonable values

for long slender columns with L/r values varying from approximately

120 to 200. The general practice, however, is to use very few members

with the high slenderness ratios for which they are applicable. In fact

some specifications prohibit the use of main members with L/r values

in this range although they may permit such values for secondary mem-

bers. One of the present AISC column expressions which will be discussed

in Chap. 5 is the Euler formula divided by a factor of safety of 1.92.

Using a modulus of elasticity of 29 * 10° psi the formula becomes

P__ 149,000,000

A’ (L/r)?

A simple application of the Euler formula is given by Example 4-1.

It will be remembered that this expression was derived for stresses for

which Hooke’s law applies and, therefore, is not applicable to stresses

above the proportional! limit. This situation is encountered in Example

: |

|

EXAMPLE 4-1. The wood column of Fig. 4-6 has a modulus of elasticity of
2,000,000 psi and a proportional limit of 5,000 psi. If the member is assumed

L 44

Fia. 4-6

3“On the Strength of Columns,” Trans. ASCE, vol. 15, (July 1886), p. 522.
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to be pin connected, what are the maximum axial loads it can support for un-

supported lengths of 15 ft and 5 ft according to the Euler formula?

Solution: Properties of column:

A = (4) (6) = 2489 in.

I, = (%q) (4) (6)3 = 72 ins

1, = (%) (6) (4)8 = 32 ins

Least r = \/1/A = \/32/24 = 1.155 in.

Fifteen-foot column:

L 12X15 _

r 1155 156
P_ wE _ (x?) (2,000,000) _ .

A~ (lyre (i868)?
P = (810) (24) = 19,440 Ib

Five-foot column:

Lb 12X%5 |

1is5

= (n") ae 1000) _ 7,280 psi > 5,000 psi proportional limit

Euler formula not applicable.

4-6. REVISIONS TO EULER FORMULA

Engineers did not make great use of the Euler equation for a good

many years after it was introduced. They felt the values obtained varied

too much from test results. The derivation was based on a definite set

of conditions (straight columns, concentric loads, etc.). When very care-

ful tests are made under conditions approaching the assumed ones the

results compare quite favorably as long as P/A does not exceed the pro-

portional limit of the material. It should be noted here that tests of

short columns show that they often fail at P/A stresses well ubove the

proportional limit of the material.

Above the proportional limit the test values and the Euler values

vary greatly. The reason for these variations can be understood when

it is remembered that the method used to derive the Euler formula was

satisfactory only for cases where stresses were proportional to strains.

In other words, the modulus of elasticity is not constant outside of the

elastic range. His formula with constant £ is valid only for the elastic

range and must be revised before it is applicable in the inelastic range.

As time went by Euler’s formula became fairly well accepted in the
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elastic range but in the inelastic range it was necessary to use certain

empirical formulas (a practice still followed). Buckling at stresses above

the proportional limit is réferred to as inelastic buckling, while buckling

at stresses below the proportional limit is referred to as elastic buckling.

In 1889 Friedrich Engesser proposed the so-called tangent-modulus

theory’ in which the moduli of elasticity for stresses above the propor-

tional limit are determined from the slope of the stress strain curve.

Engesser assumed that the column remained straight until failure and

that the tangent modulus was constant for the entire cross section of a

column. To plot a curve of the Euler equation above the proportional

limit with the Engesser proposal it is necessary to assume certain values

of P/A, find the tangent modulus for each from a stress-strain curve, and

then use the Euler equation to determine the corresponding L/r values

for plotting against P/A.' The application of this method results in curves

which come much closer to test-result curves than does the use of the

regular Euler expression.

Unfortunately the application of the tangent-modulus method is

rather complex. A particular difficulty with the method is that the tan-

gent modulus has to be determined with great care because in a small

distance from the proportional limit to the elastic limit the modulus

changes tremendously (from 29 < 108 psi to 0). The importance of

determining the tangent modulus with extreme care is seen when it is

realized that a great range of practical columns fall into this portion

of the curve. The tangent-modulus method is not frequently used be-

cause of the difficulties mentioned in the preceding sentences.

During the last seventy years appreciation of the tangent-modulus

theory by the engineering profession has made a full circle from consider-

able respect to little respect and back to considerable respect. After its

introduction many engineers claimed that the theory was poor because

a very important fact was not considered in its development. The fact

supposedly negiected was that the strains on one side of the column were

decreasing as were the stresses on that side, and that these changes were

made in the range of the elastic modulus.

Based on’ this criticism Engesser revised his old theory and intro-

duced the reduced-modulus or double-modulus theory in 1895. A reduced

modulus somewhat greater than the tangent modulus is used and the

estimated loads which a column can support are larger than those given by

the original Engesser theory. For a good many years the double-modulus

theory was accepted as being the correct theory of column action in the

inelastic range, but in recent years considerable doubts have been voiced

about the double-modulus theory. Actual test results fall in between the

4 Zeitschrift fur Architekur und Ingenteurwesen, 1889.
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values given by the two theories and in fact they tend to be closer to the

tangent-modulus values than to the reduced-modulus values. Further-

more, the tangent-modulus values are on the safe side while the double-

modulus values are on the unsafe side. F’. R. Shanley presented a paper

Proportional Limit

> —»> Tangent

Modulus

Fia. 4-7

in 19475 which discussed the shortcomings of the double-modulus theory

and showed that the original tangent modulus theory was the better of

the two. Curves are presented in Fig. 4-7 showing the comparison of the

results obtained by using these two formulas and also the Euler formula.

PROBLEMS

4-1. A 1-in. round steel bar serves as a pin-connected column. Using the

Euler expression determine the maximum load which it can support for lengths

of 3 ft and 6 ft. The bar has a modulus of elasticity of 29 * 108 psi and a

proportional limit equal to 30,000 psi.

4-2. Rework Prob. 4-1 using the Johnson-revised Euler formula for pinned-

end columns.

4-3. Rework Prob. 4-1 using the Euler formula but assuming the column

has fixed ends and an effective length of L/2.

4-4. A 10 W 33 is to serve as a 20-ft pin-connected column. What is the

maximum allowable load which it can support according to the Euler expression

if a safety factor of 2.5 is used? The proportional limit = 32,000 psi and

E = 29 X 108 psi.

4-5. Rework Prob. 4-4 using the Johnson-revised Euler formula for pinned-

end columns.

4-6. Rework Prob. 4-4 using the original Euler expression, assuming the

ends are pinned but using an actual effective length of 0.7L.

SF. R. Shanley, “The Column Paradox,” J. Aeron. Sci. (May 1947), p. 26.
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4-7. Rework Prob. 4-4 if one end is fixed and the other is free. Assume the

effective length equals 2L.

4-8. The pin-connected wooden column shown in the accompanying illustra-

tion is assumed to have an E"= 2 10 psi and a proportional limit of 4,000 psi.

What is the allowable maximum load which it can support if a safety factor of

3 is used according to the Euler expression? Use lengths of 25, 20, and 15 ft.

2"

8" 12

2" hey 2"

Pros. 4-8

4-9. Using the Euler expression, determine the required cross section for a

square wooden column 20 ft long to support a load of 15 k. The modulus of

elasticity is 1.6 10® psi, the proportional limit is 4,000 psi and a safety factor

of 2.5 is to be used.

4-10. A 12 W 53 is to be used as a 30-ft pin-ended column but is braced at

middepth in the weak direction. Using a safety factor of 2.5, FE = 29 XX 10® psi,

and a proportional limit of 30,000 psi, determine the allowable total axial load

which the column can support using the Euler formula.



chapter 5

Design of Compression

Members

5-1. PRACTICAL DESIGN FORMULAS

Through the years hundreds of different column formulas have been

developed with which their originators attempted to approximate test-

result curves. Several general types of formulas have been developed

such as the straight-line, the parabolic, the Rankine, and others. Some

persons say there is no more variation in the results given by the various

formulas than occurs in test results. These facts have probably led to

the use of simpler formulas, since it is doubtful if the more complicated

ones result in appreciably better designs. Several of the better-known

column formulas are presented in this chapter.

5-2. STRAIGHT-LINE FORMULAS

The straight-line formulas are the simplest type of column expression

which can be devised for a certain range of L/r. Although there is no

theoretical reasoning behind these expressions they were in common use

for many years particularly in bridge design. The straight-line formula

was first proposed by W. H. Burr in 1882. In 18864 T. H. Johnson pro-

posed a type of straight-line column formula in the Transactions of the

ASCE.!

Straight-line formulas can be devised which will give values ap-

proaching test results for L/r values from about 50 to 120. These same

formulas, however, give allowable stresses which are much too high when

the slenderness ratio is below 50 and much too low when above 120.

When load tests are made on short columns there is little decrease in

strength as the slenderness ratio increases from zero until it exceeds a

value of approximately 50 or 60. Some of the common straight-line

1“On the Strength of Columns,” Trans. ASCE, vol. 15 (July 1886), p. 517.

62
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formulas took this fact into account. One of these was the 1920 AREA

formula (no longer applicable) which follows:

fr = 15,000 — 50 2
A r

The AREA said the maximum value permissible was 12,500 psi

regardless of the value obtained from the formula. In other words for

L/r values from 0 to 50 the allowable compression stress was 12,500 psi

and for higher L/r values the allowable stress was to be determined from

the formula. At that time the AREA did not permit the use of main

members with L/r values greater than 100 nor bracing with L/r values

greater than 120.

Most of the straight-line formulas were developed during the carly

days of column tests when test results were quite inconsistent due to

variations in testing conditions. During the past few decades these con-

ditions have been greatly improved and column materials made more

uniform. These factors have made better test results possible and the

straight-line formulas are generally thought to be too inaccurate to repre-

sent the strength of steel columns. Conscquently these formulas have

been almost entirely replaced with parabolic expressions. Straight-line

design formulas, however, are used today for some other structural ma-

terials. Example 5-1 illustrates the use of the 1920 AREA formula. To

illustrate the trial-and-error nature of column design, a rather poor as-

sumption is made for an allowable stress in this example.

ExaMPLe 5-1. Using the 1920 AREA formula, sclect a W° section to support

a 200 k Joad if the unsupported height of the column is 14 ft.

Solution: Assume that the allowable stress is 10,000 psi, and that the area

required is 200,000/10,000 = 20 sq in.

Try 8 W 67 (A = 19.70 sq in. least r = 2.12)

. P _ 12 14 _ vi
Allow able {= 15,000 — 50 -- 3127 = 11,040 psi

Allowable P = (11,040) (19.70) = 218,000 Ib (overdesigned )

; 200,000 .
Area required = 1040 = 18.1 sq in.

Try 10 W 60 (A = 17.66 sq in., r = 2.57)

P 12 x 14 ,
Allow able = 15,000 — 50 357, = 11,730 psi

Allowable P = (11,730) (17.66) = 207,000 Ib

; 200,000 ,
Area required = 11,730 ~ 17.05 sq in.

Try 12 W 58 (A = 17.06 sq in., r = 2.51)
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P 12x 14 | :
Allowable = = 15,000 — 50 o51 = 11,660 psi

Allowable P = (11,660) (17.06) = 199,000 lb

, 200,000 ;
Area required = 11,660 ~ 17.15 sq in.

Use 10 W 60 (although 12 W 58 is probably OK)

5-3. PARABOLIC FORMULAS

Another group of fairly simple column expressions are the parabolic

formulas. These empirical formulas, first proposed by J. B. Johnson,?

can be made to represent test results fairly well for slenderness ratios

varying from 0 to approximately 140. Above L/r values of 140 they give

values which are much too conservative. The column formulas which are

given at the end of this paragraph are taken from the 1961 AASHO Speci-

fications and are typical of parabolic column formulas. These expressions

are given for concentrically loaded columns of A7 steel with L/r values

not exceeding 140.

P 1 L? ,
{= 15,000 — 47 (riveted ends)

P 1 L? .
{= 15,000 — 3 2 (pinned ends)

Another type of parabolic formula is the one used by the AISC which

is discussed in a later section of this chapter. The design of compression

members with the AASHO formula for riveted ends is illustrated by

Examples 5-2 and 5-3.

ExaMPLE 6-2. Select a 12 W section to resist a compressive load of 160 k

using the 1961 AASHO formula for riveted columns. The member is to consist

of A7 steel and is to be 20 ft long.

Solution: Assume that the allowable P/A is 11,500 psi and that the area

required is 160,000/11,500 = 13.9 sq in.

Try 12 W 50 (A = 14.71 sq in., r = 1.96)

2

Allowable = = 15,000 — a(t) = 11,250 psi
4 1.96

Allowable P = (11,250) (14.71) = 165,000 > 160,000 (OK)

Use 12 W 50

2 J. B. Johnson, F. E. Turneaure, and C. W. Byran, Modern Framed Structures

(New York: John Wiley & Sons, Inc., 1910), p. 47.
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ExaMP_e 5-3. Using the 1961 AASHO Specifications determine the allow-

able compressive load which the riveted member shown in Fig. 5-1 can support

if it is 19 ft long and consists of A7 steel.

Solution:

A = (2) (12.48) + (20) (4%) = 34.96 sq in.

(24.96) (9.5) + (10) (0.25)

34.96

1, = (2) (549.2) + (24.96) (2.64)? + (%4 4) (20) (%)3 + (10) (6.61)?

I, = 1,704.4 in4

I, = (2) (15) + (24.96) (6.90)? + 333.3

I, = 1,553 in.4

1,553
Least r = 34.06 = 6.67

« fp 1/12 19\?7 __ ,,. ,
Allowable 47 15,000 — q(“25-) = 14,710 psi

Allowable P = (14,710) (34.96) = 514,000 Ib

y from top = = 6.86 in.

5-4. GORDON-RANKINE FORMULA

The preceding paragraphs have presented two empirical methods

for estimating the reduction in strength of a column as the slenderness

ratio increased. The straight-line formulas reduced the allowable stress

in direct proportion to the slenderness ratio while the parabolic formulas

reduced the stress by some squared value of the slenderness ratio. An-

other method of reducing the allowable stress with increasing slenderness

is to divide the base stress by a number larger than one, which increases
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as L/r increases. The Gordon-Rankine expression is a formula of this

type, has a fairly rational derivation and gives results in fairly close

agreement with actual tests for L/r values from 120 to 200. For a good

many years the AISC used the Gordon-Rankine expression to follow for

the design of secondary members for L/r values from 120 to 200. (A

main member is defined as a member of primary importance whose failure

would be expected to cause immediate collapse of all or a large part of a

structure. A secondary member is a member of secondary importance

whose failure would not be so serious. It is further defined as a member

which theoretically does not support dead loads other than its own weight

nor live loads other than those caused by wind.)

P_ 18,000

A _ . (L/r)?
1 + 78000

During the years when the AISC required this formula to be used

for the design of secondary members, they also permitted its use for main

members in the same L/r range if the formula was multiplied by 1.6

— (L/r)/200. This type of equation was developed by an English

engineer, Lewis Gordon, but he used the square of the least side dimension

instead of 77. A famous Scottish engineer, W. J. M. Rankine, developed

the equation in its present form.’ For this reason it is commonly called

the Rankine formula rather than the Gordon-Rankine formula. Example

5-4 illustrates the application of a Rankine formula to a bracing problem.

EXAMPLE 5-4. A 15-ft wind-bracing member is to be designed for a load

of 35,000 Ib. It is to consist of a pair of angles with a 3,-in. gusset plate be-

tween them. The following Rankine formula is to be used in the design:

P 18,000

A , . (L/P?
| 78.000

Solution: Assume that the allowable P/A is 8,500 psi and that the area

required is 35,000/8,500 = 4.13 sq in.

Try 2 %s 4&3 X %@ (A = 4.18, r = 1.27) long legs back-to-back

L 12X15
— == 9

r 1.27 if
P _ 18,000

Allowable A> 14 oR? = 8,490 psi

18,000

Allowable P = (8,490) (4.18) = 35,500 > 35,000 (OK)

Use2 Ys 4X3 He

3W. J. M. Rankine, A Manual of Civil Engineering (London: Charles Griffin

and Company 1883), pp. 522-523.
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5-5. THE SECANT FORMULA

A rational type of formula which can be made to approximate test

results for all values of L/r is the secant formula. Many investigators

have worked with this type of column formula which is probably the most

precise of all column expressions and which has fairly wide usage despite

some difficulties of application. The results of all column formulas, no

matter how complex, can be plotted on a graph or recorded in a table for

practical use. On the other hand, the engineer may desire to substitute

directly in the formula and for such cases the simpler formulas are prob-

ably more desirable.

The ASCE formed a committee for column research in 1923. In its

reports this committee recommended the secant formula as being a very

satisfactory expression for column design. The general form of the equa-

tion is as follows:

Y

m| "9 €c PL1 + ye cco ( AE ¥)

In this expression y is the yield point of the steel, c is the distance

from the centroid to the extreme fiber, and e is the eccentricity of load

application. This formula has a definite advantage in that it provides

specifically for some eccentricity of load application. On the basis of

studies of test results this committee recommended that a value for ec/r?

(called the eccentric ratio) equal to 0.25 be used. This value supposedly

provides for secondary stresses caused by bending and initial crookedness

of columns.

The difficulty in using the secant formula is that while the goal is to

obtain an allowable P/A stress for a particular column, P/A appears in

both sides of the equation. The value of P/A, therefore, can be deter-

mined only with a trial-and-error process. The value finally obtained

from the formula is actually the estimated load at which yielding begins

in an eccentricaliy loaded column as its derivations made use of Hooke’s

law. The difference between the loads at which yielding begins and at

which failure occurs may vary from only a few per cent to approximately

50 percent. The variation depends on such items as the slenderness ratio,

direction of bending, shape of section, etc.

The 1956 AREA Specifications present the following secant formula

for steel compression members with riveted ends.

y/f

0.75L LF)1 + 0.25 cco ( or BA

In this expression y is the yield point of the steel and f is the

Safety factor (which for A7 steel are 33,000 psi and 1.76 respectively by

P_
>=
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the AREA). The AREA says that the values given by this expression

agree quite closely with those given by their parabolic formula (previ-

ously given in Sec. 5-3) for L/r values up to and including 140. They,

therefore, permit the use of the parabolic formula for that range and re-

quire the use of the secant formula for Z/r values greater than 140.

5-6. THE AISC FORMULAS

The AISC expressions were developed to incorporate the latest re-

search information available concerning the behavior of steel columns.

These formulas take into account the effect of residual stresses, the actual

end restraint conditions of the columns, and the varying strengths of

different steels. The important effect of residual stresses on the stress-

strain curves was discussed in Sec. 4-2 and illustrated in Fig. 4-1. Dif-

ferent types of end restraints cause entirely different effective lengths
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and column strengths. A discussion of this subject was previously pre-

sented in Sec. 4-5 and is continued in Sec. 5-7 as it pertains to the AISC

formulas.

The use of the AISC formulas results in more logical and economical
designs than those given by the older expressions. Design by many other

column formulas gives members which are appreciably overdesigned in

the lower L/r range but the AISC formulas give fairly economical designs

for all ranges of L/r. The expressions are rather complex to solve mathe-

matically but as tables are available in the Steel Handbook, designs can

be made with little difficulty..

The AISC assumes that the upper limit of elastic buckling is defined

by an average stress equal to % of the yield point (4F,). If this stress

is equated to the Euler expression, the value of the slenderness ratio at

this upper limit can be determined for a particular steel. This value is

referred to as C,, the slenderness ratio dividing elastic from inelastic

buckling, and is determined as follows:

Fy _ ME _ WE
~ (L/r)? C2

9n?B

C= VF,
The values of C, can be computed with little difficulty but the Steel

Handbook gives its values for each steel (126.1 for A36, 116.7 for the

42,000 psi yield point steels, etc.). For slenderness ratios less than C,

a parabolic formula (AISC Formula 1) is used. This is the Column

Research Council equation for the ultimate strength of a centrally loaded

column with a factor of safety applied.‘ In this expression F, is the

allowable axial stress (P/A), K is the factor to be multiplied by the

unsupported column lengths to give their estimated effective lengths (see

Sec. 5-7) and F.S. is the factor of safety used (to be discussed later in

this section}.

KL/r)?

oe eee roa
F.S.

For values of KL/r greater than C, the Euler formula is used. With

a factor of safety of 1.92 and a modulus of elasticity of 29,000,000 psi the

expression becomes

(AISC Formula 1)

149,000,000

(KL/r)?

4Column Research Council, Guide to Design for Metal Compression Members

(Urbana, IIl., 1960).

F,= (AISC Formula 2)
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AISC Formula 2

KL Ce
KL

Fic. 5-2

Figure 5-2 shows the ranges in which the two AISC expressions are

used.

The factor of safety to be used 1n applying Formula 1 is to be deter-

mined from the following meee

3 KL/r (KL/r)' 8

OF 8 C3

When KL/r is less than ‘c the factor of safety varies in accordance
with the preceding expression and is not much greater than the one used

for axially loaded tension members. Tests have shown that short columns

are not greatly affected by small eccentricitics permitting the use of lower

factors of safety. As columns become slenderer they become more sensi-

tive to small imperfections and the factor of safety is increased up to

15 percent. It might also be noticed that the medium length columns are

those in which residual stresses and initial column crookedness become

quite important. The F.S. expression is a quarter sinc wave which equals

1.67 when AL/r is equal to zero and increases up to 1.92 when KL/r

equals C’..

F.S.= 2+

5-7. EFFECTIVE COLUMN LENGTHS

The value of KL used in the AISC Specification is the effective

length of the column which has previously been defined as the distance

between the inflection points of the column. This distance was found to

vary for different columns depending upon their types of end restraint.

Should a column be perfectly fixed at each end (see Fig. 4-4) inflection

points would occur at the quarter points when it is laterally deflected

giving an effective length of L/2. Should the column be connected with
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frictionless pins (see Fig. 4-5) the effective length would equal the actual

length of the column.

Actually there are no perfect pin connections nor.any perfect fixed

ends, and the usual column falls in between the two extremes. This

discussion would scem to indicate that column effective lengths always

vary from an absolute minimum of L/2 to an absolute maximum of L,

but there are exceptions to this rule. An example is given in Fig. 5-3

where a simple bent is shown. The base of cach of the columns is pinned

and the other end is free to rotate and move laterally (called sidesway).

Examination of this figure will show that the effective length will exceed

the actual length of the column as the elastic curve will theoretically take

the shape of the curve of a pinned end column of twice its length. Table

C 1.8.2 in the “Commentary on AISC Specification” in the Steel Hand-

book gives recommended effective lengths when ideal conditions are ap-

proximated. This table is reproduced here as Table 5-1 with the permis-

sion of the AISC. K is the theoretical value to be multiplied times the
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column length to give its theoretical effective length; however, more con-

servative values are recommended in the table for actual design practices.

The use of these latter values will be illustrated in several design prob-

lems in the pages to follow and KL will be referred to as the effective

length of the column.

The selection of the K value to be used for a particular column has

given practicing engineers as much trouble as any other part of the

AISC Specification. On many occasions K values have been selected

which are too large, resulting in overdesigned columns with resulting

economy losses. The difficulty seems to lie in distinguishing symmetrical

buckling from sidesway buckling. When sidesway buckling occurs a

smaller load can be supported.

When translation of the tops of the columns is clearly prevented as

by diagonal bracing, shear walls, attachment to adjacent buildings, ete.

(read Sec. 1.8.2 of the AISC Specification), symmetrical buckling will

occur. For such cases as these the column effective lengths can be no

greater than their actual lengths. Values of K equal to 1.0 can be con-

servatively assumed or lesser values estimated from parts (a), (b), or (d)

of Fig. 5-1 (AISC Table C.1.8.2) or by charts prepared for this purpose

such as the “sidesway prevented” chart given by the Column Research

Council in their publication Guide to Design of Metal Compression Mem-

bers. A large percentage of the columns designed by the usual structural

designer fall into this class.

It should be realized that most of the columns which the structural

engineer has to design serve as members of frames and have effective

lengths which are controlled by the amounts of restraint applied to their



Design of Compression Members 73

TABLE 5-1

EFFEecTIVE LENGTHS For Main Mempers OnLY*

(a) (b) (c) (d) (e) (f)

Buckled shape of column

is shown by dashed line

Theoretical K value 0.5 0.7 1.0 1,0 20 2.0
— eevee fe mm ne eee Fee sae

Recommended design

value when ideal condi- 0.65 0.80 1.2 1.0 2.10 2.0

tions are approximated
ee a ee i ee ee ey

“— Rotation fixed and translation fixed

End conditi d 7 Rotation free and translation fixed

me CONENNOD COEe A Rotation fixed and translation free
t Rotation free and translation free

* Manual of Steel Construction (New York: American Institute of Steel Construction,

1968), p. 5-117.

ends by the other members of the frame and by the walls of the structure

itself. As no coluran ends are completely fixed or perfectly pinned, the

designer may wish to interpolate between the values given in the table,

the interpolation to be based on his judgment of the actual restraint con-

ditions. |

For most buildings, sidesway is substantially eliminated by masonry

walls, but for buildings built with light curtain walls and large column

spacings or for tall buildings built without a positive system of lateral

bracing sidesway is appreciable. For such cases the bending stiffness of

the structural frame provides most of the lateral support.5 The effective

lengths of columns for such laterally unsupported continuous frames are

discussed in Chap. 8.

The AISC values given for bracing and secondary members are quite

liberal because of the relative unimportance of these members. Another

reason for the high allowable stresses available for the design of bracing

and secondary members is that the persons writing the specifications took

5 Manual of Steel Construction (New York: American Institute of Steel Con-
struction, 1963), pp. 5-117 and 5-118.
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into account the appreciable end restraint which secondary members

usually have. In other words, effective lengths have already been con-

sidered and the designer should use the actual lengths of secondary and

bracing members and not their effective lengths. This discussion means

that the secondary AISC column formulas should be used only for mem-

bers which are fairly well braced against rotation and translation at the

points where they are braced.

5-8. DESIGN OF COLUMNS WITH AISC FORMULAS

Examples 5-5 through 5-9 illustrate the design of different columns

using the AISC expression. In part (a) of Example 5-5 the solution is

made by substituting into the formulas but in the remainder of this ex-

ample and in the other examples the Steel Handbook tables are used to

simplify the calculations. It should be remembered that the yield points

of the A242, A440 and A441 steels vary for different thicknesses (unless

specially alloyed to keep values same for thicker members); therefore,

when high-strength steels are involved the greatest thickness of the mem-

ber is determined and the correct yield point recorded (see AISC or

Table 3-1).

EXAMPLE 5-5. Select a W section for the column and load shown in Fig.

5-4 using (a) A36 steel and (6) A441 steel.

600 k

ape

{ t

"

600 k

Fia. 5-4

Solution: (a) Using A36 steel:

Assume that the allowable F, is 19.5 ksi and that the area required is

600/19.5 = 30.8 sq in.

Try 14W 103 (A = 30.26, r = 3.72)
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Effective length from Table 5-1 = (0.65) (15) = 9.75 ft

KL _ (12) (9.75)

r 379 ON,

_ Pre [Oar wOxiec= «EE = [OE SIP _ 19

7 _ 5 S(KL/r) (KL/r)® 5 (3) (31.4) (31.4)8 _

SB = 3 eC — aes = 3+ (8) caged) ~ ® (is6ays ~ 178
(KL/r)? | (31.4)2 n

— E 202 |? y E ~ (5) Casey? | 26.000 10.84 ke
=" FS. = 176 ~ eee

Allowable P = (19.84) (30.26) = 601k > 600k (OK)

Use 14 W 103

(6) Using A441 steel:

Assume that the allowable F, is 26 ksi and that the area required is

600/26 = 23.1 sq in.

Try 14W 78 (A = 22.94 sq in., r = 3.00, max. ¢ = 0.718 in.; therefore,

F, = 50,000) °

s) Q 75KL _ 12 < 9.75 —_ 39

r —s 3.00

Allowable F, = 25.97 ksi (from table)

Allowable P = (25.97) (22.94) = 594k < 600k

Use 14 W 78 (slightly overstressed)

EXAMPLE 5-6. Select a W section (with cover plates if necessary) for the

load and column shown in Fig. 5-5 using (a) A441 steel and (6) A36 steel.

Solution: (a) Using A441 steel:

Assume that the allowable F, is 22 ksi and that the area required 1s

2,700/22 = 122.8 sq in.

Try 14 W.426 (A = 125.25, r = 4.34, ¢ = 3.083; therefore, Fy = 42,000)

KL = (1.0) (15) = 15 ft

KL 12X15 _

> = ya 744

Allowable F, = 21.94 ksi

Allowable P = (21.94) (125.25) = 2,750k > 2,700k (OK)

Use 14 W 426
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2700 k

fe

a |

2/00k

Fig. 5-5

(b) Using A36 steel:

Assume that the allowable F, is 19 ksi and the area required is 2,700/19 =

142 sq in. Largest rolled W (14W 426) does not provide sufficient area.

Try 14W 320 column core section (A = 94.12 sq in.)

With 1 cover R 20 & 1% each flange = 50.00 sq in.

Total area = 144.12 sq in.

I, == 4,141.7 + (2) (25) (9.03)? = 8,201 in‘

I, = 1,635.1 + (4% 2) (2.50) (20)® = 3,302 in4

3,302r= em —_ 4.79

KL = (1.0) (15) = 15 ft

KL (12) (15)

r 490 37.6
Allowable F, = 19.38 ksi

Allowable P = (19.38) (144.12) = 2,793 k > 2,700 k (OK)

Use 14 W 320 with 1 cover R 20 K 14% each flange

ExaMPLeE 5-7. Select a pair of unequal leg angles with a 3,-in. gusset plate

between them using A36 steel and the AISC Specification to support a 32-k load.

The member is to be 19 ft long and is assumed to be secondary.
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Solution: Assume that the allowable F, is 6.5 ksi and that the area re-

quired is 32/6.5 = 4.92 sq in.

Try 2484 3 & 3%°(A = 496, r = 1.26)

Using actual length and not the effective length for a secondary member.

Allowable F, = 6.56 ksi

Allowable P = (6.56) (4.96) = 326k > 32k (OK)

Use2%s4x«K3X ¥

ExaMpie 5-8. Select a pair of channels for the column and load shown in

Fig. 5-6. A36 steel and the AISC Specification are to be used. For connection

purposes the back-to-back distance of the channels is to be 12 in.

280 k

“A

—J

20

As ae SS
Jo—-.-- 12"

280k

Fia, 5-6

Solution: Assume that the allowable F, is 17.5 ksi and that the arca

required is 280/17.5 = 16.0 sq in.

Try 2-12 fs 30 (A = 17.58, r, = 4.28)

I, = (2) (5.2) + (17.58) (5.32)? = 507 in4

“507k,= \ee- 5.30
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KL = (1) (20) = 20 ft

KL _ (12) (20) _

7 = gpg = 98
Allowable F, = 17.81 ksi

Allowable P = (17.81) (17.58) = 313 k > 280k (OK)

Use 2-12 £s 30

In the previous column examples the lesser value of the radius of

gyration has been used. For some conditions it may be necessary to use

the larger radius. Steel columns may be built into a substantial masonry

wall in such a manner that the column is fully supported in the weaker

direction. The designer, however, should be quite careful in assuming

complete lateral support parallel to the wall, because a poorly built wall

will not provide 100 percent lateral support.

Columns may often be supported at different intervals in one direc-

tion than in the other, as where girts running parallel to the exterior walls

of a building frame into the sides of the columns. For such cases the

columns are probably turned so that their stronger axes face the larger un-

supported lengths. The design will be governed by the larger of the two

slenderness ratios. Example 5-9 illustrates the design of a column which

is braced at different intervals about its x and y axes. For another ex-

ample the student is referred to Example 1 in the column section of the

Steel Handbook.

ExaMP.e 5-9. A 12 W column of A36 steel is to be designed to support an

axial load of 400 k. The column is assumed to have an effective length with

respect to its strong or major axis of 24 ft, and 18 ft for its weak or minor axis.

Solution: Assume that the allowable F, = 16 ksi and that the area required

is 400/16 = 25 sq in.

Try 12 W 85 (A = 24.98 sq in., r, = 5.38, r, = 3.07)

KL, 12X24

>, 7 3387 7 8
KL, 2X18 _,,.

= B07 = 108
Allowable F, = 16.40 ksi

Allowable P = (16.4) (24.98) = 410 k > 400 k (OK)

Use 12 W 85

5-9. LACING AND TIE PLATES

The necessity for built up compression members in large buildings

and bridges has previously been discussed in Chap. 4. When members
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are built up from more than one section it is necessary for them to be

connected or laced together across their open sides. The purpose of

lacing or lattice work is to hold the various parts parallel and the correct

distance apart and to equalize the stress distribution between the various

parts. The student will understand the necessity for lacing if he considers

a built-up member consisting of several sections (such as the four-angle

member of Fig. 4-2) which supports a heavy compressive load. Each of

the parts will tend to buckle laterally unless they are tied together to act

as a unit in supporting the load. In addition to lacing it is necessary to
have tie plates (also called stay plates or batten plates) as near the ends

of the member as possible and at intermediate points if the lacing is in-

terrupted. Parts (a) and (b) of Fig. 5-7 show arrangements of tic plates

and lacing. Other possibilities are shown in parts (c) and (d) of the

same figure.

yend Tie ® Lacing

coool @ | alias rr \"

0000 —~— — WS a h__J}

Double

Lacing _g Gusset Rs

YN fa_l[eeol 77 ooo] AK
9° ° | 9

_ NC’ _ Nd _[ooe 00]

Perforated

Cover Bs
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The failure of several structures in the past has been attributed to

inadequate lacing of built-up compression members. Perhaps the best-

known example was the failure of the Quebec Bridge in 1907. Following

its collapse the gencral opinion was that the lattice work of the compres-

sion chords was too weak and resulted in failure. This disaster brought

home to the engineering profession the importance of carefully designed

lacing.

Dimensions of tie plates and lacing are usually controlled by the

specifications. The AISC (Sec. 1.18) says that the tie plates shall have a

thickness at least equal to %» the distance between the connection lines

of rivets, bolts or welds and shall have a length parallel to the axis of the

main member at least equal to the distance between the connection lines.

Lacing usually consists of flat bars but may occasionally consist of

angles, perforated cover plates, channels or other rolled sections. These

pieces must be so spaced that the individual parts being connected will

not have L/r values between connections which exceed the governing

valuc for the entire built-up member. Lacing is assumed to be subjected

to a shearing stress normal to the member equal to not less than 2 percent

of the total compression in the member. The AISC column formulas are

used to design the lacing in the usual manner. Slenderness ratios are

limited to 140 for single lacing and 200 for double lacing. Double lacing

must be used if the distance between connection lines is greater than 15 in.

Rather than using tie plates and lacing bars it is permissible to use

continuous cover plates over the open sides of the built-up sections.

Access holes are necessary, and these plates are referred to as perforated

cover plates. Stress concentrations and secondary bending stresses are

usually neglected but lateral shearing stresses must be checked as they

must be for other types of lattice work. Perforated cover plates are

becoming popular with an increasing percentage of engineers because they

possess these advantages:

1. They are easily fabricated with modern gas cutting methods.

2. Some specifications permit the inclusion of their net areas in the

effective section of the main members, provided the holes are made in

accordance with their empirical requirements which have been developed

on the basis of extensive research.

3. Painting of the members is probably simplified as compared to

ordinary lacing bars.

Example 5-10 illustrates the design of lacing and end tie plates for

the built up column of Example 5-8. Bridge specifications are somewhat

different in their lacing requirements from the AISC but the design

procedure is much the same.
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| —j 5° UE c— |

l2 C 30~ 9.8" _—_ oe oem ow ae ewes aw ae ub com 4
5 m7

g =).75" 8.5" g=175"

Fic. 5-8

EXAMPLE 5-10. Using the AISC Specification design riveted single lacing

for the column of Example 5-8. Reference is made to Fig. 5-8.

Solution: Distance between lines of rivets is 8.5 in. < 15 in.; therefore,

single lacing OK.

Assume an inclination of 60° with axis of member. Length of channels

between lacing connections is 8.5/cos 30° = 9.8 in., and L/r of 1 channel be-

tween connections is 9.8/0.77 = 12.7 < 56, which is L/r of main member.

Force on lacing bar:

V = 0.02 P = (0.02) (280) = 56k

Y, V = 28k = shearing force on each plane of lacing

Stress on bar = (9.8/8.5) (2.8) = 3.22 k

Properties of a flat bar:

I= 4, bt

A = bt

r= [He PO
bt

r = 0.288 ¢

Design of bar:

Maximum — = 140

98

0.288 ¢

¢ = 0.243 in. (try 14-in. flat bar)

L 9.8

(0.288) 10.250) = 156
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Allowable F, = 8.78 ksi (for secondary members)

Area required = a = 0.367 sq in. (1.47 & 14)

Minimum edge distance if 34-in. rivet used = 114 in.

Use 24%, X Y, bar

Design of end tie plates:

Minimum length = 8.5 in.

With ¢ not less than 1% distance between rivet lines,

t = (\%_) (8.5) = 0.17 in.

Use 8%, X % mg X 11% end tie Rs

5-10. BASE PLATES FOR CONCENTRICALLY LOADED COLUMNS

The allowable compressive stress in a concrete or other type of

masonry footing is much smaller than it is in a steel column. When a

steel column is supported by a footing it is necessary for the column load

to be spread over a sufficient area to keep the footing from being over-

stressed. Loads from steel columns are transferred through a steel base

plate to a fairly large area of the footing below. (It will be noted that a

footing performs a related function in that it spreads the load over an

even larger area so that the underlying soil will not be overstressed.)

The base plates for steel columns can be welded directly to the

Anchor Bolts

‘yo

Concrete

_, Footing. é
a N

(a) (b)

Fia. 5-9. Column base plates.
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columns or they can be fastened by means of some type of riveted or

welded lug angles. These connection methods are illustrated in Fig. 5-9.

A base plate welded directly to the column is shown in part (a) of the

figure. For smal! columns these plates are probably shop-welded to the

columns but for larger columns it may be necessary to ship the plates

separately and set them to the correct elevations. The columns are then

set and connected to the footing with anchor bolts which pass through the

lug angles which have been shop-welded to the columns. This type of

arrangement is shown in part (b) of the figure. Some designers like to

use lug angles on both flanges and web.

The method of design suggested here is the one which is reeommended

by the Steel Handbook. To analyze the base plate shown in Fig. 5-10 the

column is assuincd to apply a total load P to the base plate, and this

| Base ® has a tendencyJo ~~ to curl up.
+-Footing

71 240 0.804-e = 2 —=
_

Mm

0.95d q

; —_—— —) |
Mm

1

a——— 2 —--—_->

Fia. 5-10
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load is assumed to be transmitted uniformly through the base plate to the

footing below with a value of F, psi (P/A). The footing will push back

with a pressure of F, psi and tend to curl up the cantilevered parts of the

base plate outside the column as shown in Fig. 5-10. This pressure also

tends to push up the part of the base plate between the flanges of the

column, but the Steel Handbook permits this bending to be almost ig-

nored and the plate designed for the outside bending with points of

maximum moment being assumed to occur near the contact of the flange

with the plate.

With reference to Fig. 5-10 the Steel Handbook suggests that maxi-

mum moments in a base plate occur at distances approximately 0.80b

and 0.95d apart. The bending moment is calculated at each of these

sections and the largest value used to determine the plate thickness

needed. This method of analysis is only a rough approximation of the

true conditions because the actual plate stresses are caused by a com-

bination of bending in two directions.

From Fig. 5-10 the following moment expressions can be written for

the two critical sections considering in each case a 1-in. width of plate:

_ n _ Fyn?
M=Fn >= 9

_ m_ Fym?*
M=F,m-5 =—~9

The section modulus of a 1-in. width of plate of t thickness is:

_ (Ars) GO) (8) _
C7 t/2 — 6

Since the stress is M,./I = M/S, the required thickness of the base

plate can be determined:

sat

M _F,m? _3F,m?*

m= 3 = E76

—_ 3F, m2

F,

Similarly in the other direction,

1 [3 Fon?
= F,

Knowing the values of m and n, the thickness of plate required can

be calculated. The example to follow illustrates the design of a column

base plate. The allowable value of stress in a bearing plate by the AISC

is 0.75F, (27,000 psi for A36 steel). Before the final dimensions of the

base plates are selected reference should be made to the Steel Handbook
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so that standard sizes will be used. In this way the designer will be

insured of economy and promptness of delivery. The Steel Handbook

includes a table entitled “Column Base Plates” which presents sizes of

column base plates designed for the maximum column loads which various

column sections can support. Selection of plates from these tables will

usually give sizes which are decidedly overdesigned; therefore, it is recom-

mended that they be individually designed as described herein.

EXAMPLE 5-11. Design a column base plate with A36 steel for a 12W 65

column and a load of 360k. The column is to be supported by a concrete footing

with an allowable bearing pressure of 750 psi. The dimensions are as shown in

Fig. 5-11.

n=6.20° a a ee. m= 6.20"

m=5.24

{ —————, —
| 2200

O.957=1151"| | d=1212"

HL
m=5.24 | |
1

421200"
~———_—— 22.00 ——_—_—__»

Fic. 5-11

Solutin:

36 ,Area required = iat = 480 sq in. (22 K 22 Bs = 484)

360,000 | |
Fy = 4° 744 psi

n = 6.20 in.

- ga Fant __ |(8) (744) (6.202
NF, 27,000

¢t = 1.78 in.

Use 22 K 1% X 22 Rs

PROBLEMS

5-1. Using the 1920 AREA formula (P/A = 15,000 — 50 L/r with a maxi-
mum value of 12,500 psi) determine the allowable load for each of the com-

pression members shown in the accompanying illustration.
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fA Spacing

24s BX6XF 2=|1'-6"

(long legs back to back)

L=12'-0"
8"

(a) (b)

2-12 Cs 30.0

L=24'-0"

jo —]2"— -o

(c)

Pros. 5-1

5-2. Using the 1920 AREA straight-line expression, determine the allowable

axial compressive load which each of the following members can support.

(a) a 25-ft 10 W 54 (d) a 15-ft ST 5 W 56

(6) a 15-ft 12 W 58 (e) an 18-ft 10 I 25.4

(c) a 20-ft 14. W 264

5-3. Select a 14 W section to support a 200 k axial load for an unsupported

length of 15 ft using the 1920 AREA expression.

5-4. Select the most economical I-beam section available for the following

column situations using the 1920 AREA formula.

(a) P= 200k, L= 10 ft

(6) P= 280k, L= 15ft

5-5. Determine the allowable maximum compressive load which can be

supported by the section shown in the accompanying illustration according to the

1961 AASHO formula for riveted ends (P/A = 15,000 — 4 L?/r?). The mem-

ber is 18 ft 6 in. in length.

18 X ‘ Gover 2

5-6. Two 6 X 3% & % angles (long legs back-to-back) are separated

3, in. by gusset plates and are used as the top chord of a roof truss. If the
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member is 12 ft long and has no intermediate lateral support, what is the maxi-

mum allowable compressive load according to the parabolic expression P/A =

17,000 — 0.485 (L/r)??

5-7. Select a W compression member for a bridge truss to resist a total

load of 275 k using the 1961 AASHO expression P/A = 15,000 — 4 L?/r*.

The unsupported length of the member is 12 ft 6 in.

5-8. Select a 12 W section to support a 200 k load for an unsupported

length of 15 ft using the 1961 AASHO expression.

5-9. Using this Gordon-Rankine formula

P 18,000

A 2/8

18,000

determine the maximum axial compressive load which a 10W 60 with a

10 * ¥-in. cover plate on each flange can support if the unsupported length

is 36 ft.

5-10. Select a 12 W section to support a compressive load of 350 k in an

industrial building. The unsupported length of the column is 18 ft and the

Gordon-Rankine formula given in Prob. 5-9 is to be used.

5-11. Using the Gordon-Rankine formula given in Prob. 5-9 select a struc-

tural tee to serve as the compression chord of a roof truss. The load is to be

100 k and the unsupported length is 13 ft 6 in.

5-12. A 12W 50 with fixed ends consists of A36 steel and is 15 ft in length.

What is the maximum axial compressive load which can be supported by the

column according to the AISC Specification?

5-13. A 10W 112 is 18 ft O in. in length and consists of A36 steel. If

both ends are assumed-to be pinned, determine the maximum allowable axial

compressive load according to the AISC Sperification.

5.14. Repeat Prob. 5-12 if one end is assumed to be fixed and the other

pinned.

5-15. Repeat Prob. 5-14 if A440 steel is used.

5-16. A steel section is to be selected to serve as an interior building column

and support a, 220 k load. The member is to have fixed ends and is 18 ft long.

Using the AISC Specification and A36 steel determine the most economical W

section.

5-17. Repeat Prob. 5-16 if the ends are pinned.

5-18. Repeat Prob. 5-16 if lateral support is supplied in the weak direction

at middepth. Assume lateral support is pinned. .

5-19. A 12-ft column fixed at the bottom and free at the top is to consist

of A36 steel and to support an axial load of 400 k. Select the most economical

W section for the column using the AISC Specification.

5-20. Repeat Prob. 5-19 using A440 steel.

5-21. Select a W section to serve as a column section to support an axial

load of 600 k using A36 steel and the AISC Specification. The member is 16 ft

long and is pinned at both ends.
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5-22. Select a single steel angle 8 ft in length to resist a 30 k axial com-

pressive load. The member is assumed to have its ends fixed and is to consist of

A36 steel. Use the AISC Specification.

5-23. Four 5 X 5 & 5% angles are used to form the compression member

shown in the accompanying illustration. The member is 22 ft long, has pinned

ends, and consists of A36 steel. Calculate the maximum allowable axial com-

pressive load according to the AISC Specification. Also, design the lacing and

end tie plates, assuming they are connected to the angles with 34-in. bolts.

22" (back-to-back)

|
le 22" (back-to-back)

Pros. 5-23

5-24. A pinned end column is to support an axial compression load of 660 k

and is to have a length of 22 ft. Using the AISC Specification and A36 steel

select 4 equal-leg angles (20-in. back-to-back) arranged as were those in Prob.

5-13. Design lacing and end tie plates, assuming they are connected to angles with

34-in. bolts.

5-25. Select the lightest W section which can be used to support an axial

load of 100 k for a 30-ft height. The column is fixed at its ends and has lateral

support in the weak direction at middepth. Use A36 steel and the AISC Speci-

fication. Assume pinned connection at middepth.

5-26. Using the AISC Specification and A36 steel select a standard pipe

column to be 24 ft long and support an axial compressive load of 22 k. It is

assumed that the column will be sufficiently embedded in concrete at each end

to be fixed at those points.

5-27. A steel water tank is to be supported by four 15-ft steel columns

consisting of A36 steel. Assuming the columns are braced to prevent sidesway

select single angle sections to support axial loads of 35 k each using the AISC

Specification.

5-28. Twenty-four-foot steel columns for a steel building frame are to be

braced at the third points for the minor axis. If they are to support axial loads

of 76 k each and are to consist of A36 steel, select channel sections using the AISC

Specification. Assume all connections are pinned.

5-29. A 10W 39 is supporting an axial compressive load of 140 k. Using

the AISC Specification and A36 steel design a base plate for the column if the

supporting concrete spread footing has an allowable bearing pressure of 600 psi.
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5-30. Design a column base plate for a 14W 142 supporting a load of 700 k.

The column is bearing on a concrete footing having an allowable bearing pressure

of 750 psi. Use A36 steel and the AISC Specification.

5-31. An 8W 31 steel column supporting a 150 k load is bearing on a brick

wall with an allowable bearing pressure of 500 psi. Design a base plate for the

column using A36 steel and the AISC Specification.



chapter 6

Design of Beams

6-1. TYPES OF BEAMS

Beams are usually said to be members which support transverse loads.

They are probably thought of as being used in horizontal positions and

subjected to gravity or vertical loads; but there are frequent exceptions—

rafters, for example.

Among the many types of beams are joists, lintels, spandrels, string-

ers, and floor beams. Jovsts are the closely spaced beams supporting the

floors and roofs of buildings, while lintels are the beams over openings in

masonry walls such as windows and doors. A spandrel beam supports the

exterior walls of buildings and perhaps part of the floor and hallway loads.

‘2?
a

Harrison Avenue Bridge, Beaumont, Tex. (Bethlehem Steel Com-

pany.)

90
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The discovery that steel beams as a part of a structural frame could

support masonry walls is said to have permitted the construction of to-

day’s “skyscrapers.” Stringers are the beams in bridge floors running

parallel to the roadway, whereas floor beams are the larger beams in

many bridge floors which are perpendicular to the roadway of the bridge

and are used to transfer the floor loads from the stringers to the support-

ing girders or trusses. The term girder is rather loosely used but usually

indicates a large beam and perhaps one into which smaller beams are

framed. These and other types of beams are discussed in the paragraphs

to follow.

6-2. THE FLEXURE FORMULA

Included in the items which need to be considered in beam design

are moments, shears, crippling, buckling, lateral support, deflection, and

perhaps fatigue. Beams will probably be selected which satisfactorily

resist the bending moments and then checked to see if any of the other

items are critical. To sclect a beam for a given situation the maximum

moment is calculated for the assumed loading and a section having that

much resisting moment is selected from the steel handbook.

The resisting moment of a particular section can be computed with

the flexure formula (f = Mc/I). This expression and the P/A expression

are perhaps the most famous of all formulas to civil engineers. The fre-

quency of their application is illustrated by the fact that some of the

more modest structural designers often say, “All I know is P/A and

Mc/I.” .

In the flexure formula f is the fiber stress in the outermost fiber a

distance c from the neutral axis and J is the moment of inertia of the

cross section. It should be remembered that this formula is limited to

stress situations below the clastic limit because it is based on the usual

clastic assumptions: a plane section before bending remains a plane sec-

tion after bending; stress is proportional to strain, ete.

The value of I/c is constant for a particular section and is known as

the section modulus. If a beam is to be designed for a particular bending

moment M and for a certain allowable stress f the section modulus re-

quired to provide a beam of sufficient bending strength can be obtained

from the flexure formula as follows:

M : = § = the section modulus
j

6-3. SELECTION OF BEAMS

The W shapes will normally prove to be the most economical beam

sections and they have largely replaced channels and I beams for beam
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usage. Channels are sometimes used for light beams, such as purlins; but

they have very little resistance to lateral forces and need to be braced as

illustrated by the sag rod problem in Chap. 3. The W shapes have more

steel concentrated in their flanges than do I beams and thus have larger

section moduli values for the same weights. As their name implies they

are relatively wide and have appreciable lateral stiffness. It is rare for

beams to be made from bars, angles, or T sections because these shapes

have low section modulus values in comparison to their weights and thus

little resistance to bending.

A table is given in the Steel Handbook entitled “Elastic Section

Modulus Table for Shapes Used as Beams.” From this table stec! shapes

having sufficient section moduli can be quickly selected. Two important

items should be remembered in selecting shapes. These are as follows:

1. These steel sections cost so many cents per pound and it is there-

fore desirable to select the lightest possible shape having the required

section modulus (assuming that the resulting section is one which will

reasonably fit into the structure). The table has the sections arranged

in various groups having certain ranges of section moduli. The heavily

typed section at the top of cach group is the lightest section in that group

and the others are arranged successively in the order of their section

moduli. Normally the deeper scctions will have the lightest weights

giving the required section moduli, and they will be gencrally selected

unless their depth causes a problem in obtaining the desired headroom, in

which case a shallower but heavier section will be selected.

2. The section moduli values in the table are given about the hori-

zontal axes for beams in their upright positions. Ifa beam is to be turned

on its side the proper section modulus can be found in the detailed tables

entitled ‘Properties For Designing” in the handbook. A W shape turned

on its side may only be from 5 to 15 percent as strong as one in the upright

position when subjected to gravity loads. In the same manner, the

strength of a wood joist with the actual dimensions 2 * 10 in. turned on

its side would only be 20 percent as strong as in the upright position (the

percentage being based on the relative values of the section modul1).

The example problems to follow illustrate the design of steel beams

whose compression flanges have lateral support, thus permitting the use

of the same allowable stresses in the tension and compression flanges.

Beams without lateral support for the compression flanges are considered

in Secs. 6-5 and 6-6.

In each of these examples the weight of the beam to be selected must

be included in the calculation of the bending moment to be resisted, as the

beam must support itself as well as the external loads. The estimates of

beam weight are very close here because the author was fortunately able

to perform a little preliminary paperwork before making his estimate.

The student is not expected to be able to glance at a problem and cstimate
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exactly the weight of the beam required. Following the same procedure

as did the author, however, he can do a little figuring un the side and

make a very reasonable estimate. For instance, he could calculate the

moment due to the external loads only, obtain the required section mod-

ulus, and select a beam having the required value. From this beam size

he should be able to make a very good estimate of the weight of the final

beam section which will often be a little larger than the trial beam size.

The limiting moment permitted by the allowable stress method is

the moment at which the stress in the outermost fibers first reaches the

yield point. The true bending strength of a beam, however, is larger than

this commonly used value because the beam will not fail at this condition.

The outermost fibers will yield and the stress in the inner fibers will in-

crease until they reach the yicld stress, etc., until the whole section is

plastified (see Sec. 21-3). It will be shown in Chap. 21 that before local

failure will occur moments must be produced approximately 12 percent

larger than those which will first produce the yield point stress in the

outermost fibers of W shapes.

The plastification process just mentioned is correct only if the beam

remains stable in other ways: that is it must have sufficient lateral support

to prevent lateral buckling of the compression flange (see Sec. 6-5) and it

must have a sufficiently stocky profile to prevent local buckling.

For bending the AISC gives separate sets of allowable stresses, those

for Compact Sections and those for Noncompact Sections. A compact

section is one which is capable of developing its plastic moment capacity

before any local buckling occurs. To qualify as compact a section must

have an axis of symmetry in the plane of loading, have width-thickness

ratios for the projecting clements of the compression flanges not excecding

certain values as described in Sec. 1.5.1.4 of the AISC Specification.

For noncompact laterally supported sections the AISC permits an

allowable bending stress equal to 0.60 F, while for laterally supported

compact sections the allowable stress is increased 10 percent to 0.66 F,,.

Fortunately almost all W and I shapes can safely be classified as compact

sections if they are made with A7, A36, or A373 steel; and the large

majority of these shapes are compact if rolled from the higher strength

steels. The previously mentioned elastic section modulus table has the

noncompact shapes clearly marked with single daggers (+) or double

daggers ({) depending on the type of steel.

To qualify for the 0.66 F, allowable stress it is to be remembered that

the lateral support requirements. for the compression flange must also be

met. A member is said to have lateral support when points of such

support are located no further apart in inches than 2,400 6,/\/ Fy, or

20,000,000 A,/d F,. For substitution in these expressions b, is the width

of the compression flange, A; is the cross-sectional area of the flange, and

dis the total depth of the beam. For A7, A373, and the A36 steels lateral
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support at distances no greater than 13 times the flange width will satisfy

requirements for use of the 0.66 F, allowable stress values. For the

higher strength steels the distance limitation between points of lateral

support varies in inverse proportion to \/ Fy.

ExaMPLeE 6-1. Select a beam section for the span and loading shown in

Fig. 6-1, assuming full lateral support is provided for the compression flange by

the floor above. Allowable bending stresses are 24,000 psi.

4.4 k/ft (not including beam weight)

LLLLLLLLLLLLLLLLITLLLTLLLLLLLLLLLLLLSLELLUPLLLTLLILLIE LE
A

NX

le 21" -+|
F1a. 6-1

Solution: Assume beam weight = 62 Ib/ft

2 c 2

mM a WE _, 84-462) (21)? _ ogg tek
8 8

Required section modulus = (12) (246) = 123 in
24

The possible solutions include the following: (a) A 12W92 (S = 125.0)

is the section which has the closest S on the safe side. (b) But a 21 W 62

ig the most economical solution. (c) Should depth be restricted, a 12 W 92 or

even a 10W 112 (very uneconomical) could be selected.

Use 21 W 62

EXAMPLE 6-2. A 5-in. reinforced concrete slab is to be supported with steel

beams 8 ft 0 in. on centers. The beams, which will span 20 ft, are assumed to be

simply supported. If the concrete slab is designed to support a live load of

100 psf, determine the lightest steel section required to support the slab. The

compression flange of the beam will be incorporated in the concrete slab and is

thus laterally supported. The concrete weighs 150 lb/ft? and the allowable

bending stresses in the steel are 24,000 psi.

Solution:

DL: Slab = (8) (5) (150) = 500 lb/ft

Estimated beam weight = 30

LL: 8X 100 = 800

Total uniform load = 1,330 lb/ft

2

M = os) ey" = 66.5 ft-k

_ (12) (66.5) 3
S req. = —>3 = 33.2 in.

Use 14 B 26
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6-4. HOLES IN BEAMS

It is often necessary to have holes in steel beams. They are obviously

required for the installation of bolts and rivets and sometimes for pipes,

conduits, ducts, etc. If at all possible these latter type holes should be

completely avoided. When absolutely necessary they should be placed

through the web if the moment is large and through the flange if the

shear is large. Cutting a hole through the web of a beam does not reduce

its section modulus greatly or its resisting moment; but, as will be de-

scribed in Sec. 7-1, a large hole in the web tremendously reduces the

shearing strength of a steel section. When large holes are put in beam

webs, extra plates are sometimes connected to the webs around the holes

to serve as reinforcing against possible web buckling.

The presence of holes of any type in a beam certainly docs not make

it stronger and in all probability weakens it somewhat. The effect of

holes has been a subject which has been argued back and forth for many

years. The questions, “Is the neutral axis affected by the presence of

holes?” and “Is it necessary to subtract holes from the compression flange

which are going to be plugged with rivets or bolts?” are frequently asked.

The theory that the neutral axis might move from its normal position

to the theoretical position of its net section when holes are present 1s quite

questionable. A linear distribution of stress has been assumed in the pre-

eeding paragraphs of this chapter but when holes are present the situation

is changed because there is considerable stress concentration around the

holes.

Tests seem to show that flange holes for rivets or bolts do not

appreciably change the location of the neutral axis. It is logical to assume

that the location of the neutral axis will not follow the exact theoretical

variation with its abrupt changes in position at rivet or bolt holes as

shown in part (b) of Fig. 6-2. A more reasonable change in ncutral

axis location is shown in part (c) of this figure where it is assumed to

have a more gradual variation in position.

It is interesting to note that flexure tests of steel beams seem to show
that their failure is based on the strength of the compression flange even

though there may be rivet or bolt holes in the tension flange. The pres-

ence of these holes does not seem to be as serious as might be thought

particularly as compared to holes in a pure tension member. These tests

show little difference in the strengths of beams with no holes and in beams

with holes up to 15 percent of the gross area of either flange.

The AISC does not require the subtraction of holes in either flange

provided the hole area in any one flange does not exceed 15 percent of

the gross area of that flange, and then the deduction is only for the area

in excess of 15 percent. Furthermore the AISC does not make a distinc-

tion between holes in the compression and tension flanges. Although the
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W Beam with

Bolt Holes in
Tension Flange

Theoretical
a-/ ~~ N.---- AN. -<=— —- Variation of

N.A.

(b)

—t More Probable
ae a et A Se cee <= — Variation of

N.A.

(c)

Fig. 6-2

15 percent value is permitted by the AISC, many specifications (notably

the bridge ones) and a good many designers have not adopted the idea

and follow the more conservative practice of deducting all holes.

The AASHO and AREA require the calculation of two moments of

inertia when holes are present. For compressive stresses the gross moment

of inertia is to be used regardless of the presence of rivet or bolt holes.

For tensile stresses the net moment of inertia is to be used. The neutral

axis Is assumed to remain at its normal position for both calculations.

The effect of using the two different moments of inertia is to assume that

rivets or bolt holes on the compression side of the beam have less effect

than those on the tension side.

The usual practice is to subtract the same area of holes from both

flanges whether they are present or not. For a section with two holes in

the tension flange only, the properties of the section would be computed

based on the subtraction of two holes from the tension flange and two

holes from the compression flange. Example 6-3 illustrates this method.

Again the author has made a few preliminary calculations in estimating

the member size.

ExaMPLe 6-3. Redesign the beam of Example 6-1 assuming that it will be

necessary to punch holes for two 34-in. bolts in the tension flange. The AISC

reduction is not to be permitted in this beam. Figure 6-3 shows a sketch of the

assumed section.

Solution: Assume beam weight = 68 lb/ft

_ (4.468) (21)?
M = 246 ft-k

Net Sno = (12) (246) = 13?
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jt 7

11.86"

N.A: - ae 237)"

1186"

t

11 57"

0.582" |
t_ ~__}~

e

Fria. 6-3

Try 24 W 68 (S = 153.1 in.3)

Assuming two holes in each flange, J of holes about N. A. is

(4) (%) (0.582) (11.57)? = 272 in4

and S of holes is

272
-— — = 22.9 in?its6 =

Actual net S = 153.1 — 22.9 = 130.2 in3 > 123 in3 (OK)

Use 24 W 68

Should a hole be present in only one side of a flange of a W section,

there will be no axis of symmetry for the net section of the shape. A

correct theoretical elastic solution of the problem would involve the loca-

tion of the principal axes, the calculation of the principal moments of

inertia, ete. or substitution into the lengthy generalized equations for

unsymmetrical bending presented in Sec. 7-5. Rather than following such

lengthy procedures over a minor point it seems logical to assume holes in

both sides of the flange. The results obtained will probably be just as

satisfactory as those obtained by the more laborious methods mentioned.

6-5. LATERAL SUPPORT OF BEAMS

Probably the large majority of steel beams are used in such a manner

that their compression flanges are restrained against lateral buckling.

(Unfortunately, however, the percentage has not been quite as high as

the design profession has assumed.) The upper flanges of beams used to
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support concrete buildings and bridge floors are often incorporated in

these concrete floors. For situations of this type where the compression

flanges are restrained against lateral buckling the allowable bending fiber

stresses in the tension and compression flanges are considcred to be equal.

Should the compression flange of a beam be without lateral support

for some distance it will have a stress situation similar to that existing

in columns. As is well known the longer and slenderer a column becomes

the greater becomes the danger of its buckling for the same loading condi-

tion. When the compression flange of a beam is long enough and slender

enough it may quite possibly buckle unless lateral support is provided.

There are many factors affecting the amount of stress which will

cause buckling in the compression flange of a beam. Some of these factors

are the properties of the material, the spacing and types of lateral support

provided, the types of end support or restraints, the loading conditions,

ete.

The tension in the other flange of a beam tends to keep that flange

straight and restrain the compression flange from buckling; but as the

bending moment is increased the tendency to buckle may become large

enough to overcome the tensile restraint. When the compression flange

does begin to buckle, twisting or torsion will occur, and the smaller the

torsional strength of the beam the more rapid will be the failure. The

W, I, and channel shapes so frequently used for beam sections do not

have a great deal of resistance to lateral buckling and the resulting

torsion. Some other shapes, notably the built-up box shapes, are tre-

mendously stronger. In fact, the AISC requires no reduction in the

allowable compressive bending stresses for box-type members regardless

of the lateral support situation. (These latter types of members have a

great deal more torsion resistance than the W, I, and plate girder sections.

Tests have shown that they will not buckle latcrally until the strains de-

veloped are well in the plastic range. If they mect the requirements for

compact shapes their allowable bending stresses are 0.66 F, and if they

are not compact their allowable bending stresses are cqual to 0.60 F,. In

any case the width-thickness ratios of the projecting elements of the

compression flanges may not exceed 3,000/\/F, as described in the AISC

Specification. )

Some judgment needs to be used in deciding what does and what does

not constitute satisfactory lateral support for a steel beam. A beam which

is wholly encased in concrete or which has its compression flange incor-

porated in a concrete slab is certainly well supported laterally. When a

concrete slab rests on the top flange of a beam, the engineer must study

the situation carefully before he counts on friction to provide full lateral

support. Perhaps if the loads on the slab are fairly well fixed in position,
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they will contribute to the friction and it may be reasonable to assume

full lateral support. If on the other hand there is much movement of

the loads and appreciable vibration, the friction may well be reduced and

full lateral support should not be assumed. Such situations occur in

bridges due to traffic, and in buildings with vibrating machinery such as

printing presses.

Should lateral support of the compression flange not be provided by

a fioor slab, it is possible that such support may be provided with con-

necting beams or with special members inserted for that purpose. Beams

which frame into the sides of the beam or girder in question and are con-

nected to the compression flange can usually be counted on to provide

full lateral support at the connection. If the connection is made primarily

to the tensile flange, little lateral support is provided to the compression

flange. Before support is assumed from these beams the designer should

note if they themselves are prevented from moving. The scries of beams

represented with horizontal dotted lines in Fig. 6-4 provide questionable

E=--->22E------ -—------- =
S<

” ~

X-bracing

Fe- = 39E----- $2 ----5
~“ ”
Columns

F ia. 6-4

lateral support for the main beams between columns. For a situation of

this type some system of x-bracing may be desirable in one of the bays.

Such a system *s shown in Fig. 6-4. This one system will provide suffi-

cient lateral support for the beams for several bays.

The corrugated sheet-metal roofs which are usually connected to the

purlins with metal straps probably furnish only partial lateral support.

A similar situation exists when wood flooring is bolted to supporting

stecl beams. At this time the student quite naturally asks, “If only

partial support is available, what am I to consider to be the distance

between points of lateral support?” The answer to this question is for

him to use his judgment. As an illustration, a wood floor is assumed to

be bolted every 4 ft to the supporting steel beams in such a manner that

it is thought only partial lateral support is provided at those points.
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After studying the situation the engineer might well decide that the

equivalent of full lateral support at 8-ft intervals is provided. Such a

decision seems to be within the spirit of the specifications.

6-6. DESIGN OF LATERALLY UNSUPPORTED BEAMS

The general practice through the years has been to reduce the allow-

able stress in the fibers of the compression flange of a beam with little

lateral support. As an illustration, the 1961 AASHO Specifications permit

bending stresses of 18,000 psi in A7 and A373 steels if full lateral support

is provided. If full lateral support is not provided, the allowable com-

pressive stress is to be reduced in accordance with the following formula:

2

F, — 18,000 — 5 os

In this expression J, is the distance in inches between points of lateral

support and b is the flange width in inches. The maximum [/b value

permitted by the AASHO is 30 under any circumstances. For higher

strength steels such as A242, A440 and A441 the allowable values can be

computed with similar expressions to be found in those specifications.

The 1964 AREA Specifications require the use of a similar formula but

L/b has a maximum value of 40. Example 6-4 illustrates the use of this

expression in the design of a beam. The application of lateral-support

formulas is quite similar to that required for the various column expres-

sions, and a section which can adequately resist the moment can quickly

be found. It will be noted, however, that the determination of the

lightest. section which can adequately support the loads may involve

quite a lengthy trial-and-error process.

EXAMPLE 6-4. Select a steel section for the loads and span of Fig. 6-5. The

beam is to be designed with A7 stcel and the 1961 AASHO Spccifications. Lateral

support is provided only at the beam ends.

Fia. 6-5

Solution: Assume beam weight = 80 Ib/ft

(0.080) (20)
M = (20) (10) + = 204 ft-k
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Assume allowable fiber stress = 14 ksi

L 12X22 2, -% = RoE = 28-7 < 30 (OK)

Allowable f = 18,000 — 5 is = 18,000 — (5) (26.7)2 = 14.430 psi

12 X 204
8 wa. = yg = 170 < 1754 (OK)

Use 24 W 76

The AISC Specification presents two expressions for determining the

allowable bending fiber stresses in beams for which continuous lateral

support is not provided. The expressions are applicable to rolled shapes,

plate girders, and built-up members having an axis of symmetry in the

plane of the web, but as previously described are not applicable to box-

type beams and girders. The designer may substitute in each of the two

lateral-support formulas and use the larger value obtained provided the

result is not greater than the maximum permissible value of 0.60 F,.

The lateral buckling strength of a beam can be estimated by taking

into account the torsional resistance of the beam about its longitudinal

axis and the lateral bending resistance of the beam plus the resistance

of the flange to torsion.‘~* The resulting expression is, however, too com-

plicated for practical engincering usc.

For shallow thick-walled sections the resistance to torsion about the

longitudinal] axis and the lateral buckling resistance are the most im-

portant factors. For these cases, AISC Formula 5 is considered to give a

reasonable approximation of an allowable buckling stress. In this ex-

pression which follows, 1. is the distance between points of lateral support,

d is the beam depth, and A; is the flange area. Should the beam under

consideration he a cantilever the unsupported length can be conservatively

assumed to equal the actual length.®

1 Karl De Vries, “Strength of Beams as Determined By Lateral Buckling,”
Trans. ASCE, vol. 112 (1947), pp. 1245-1271.

2G. Winter et al., “Discussion of ‘Strength of Beams as Determined By Lateral
Buckling,’” Trans. ASCE, vol. 112 (1947), pp. 1272-1320.

3G. G. Kubo, B. G. Johnston, and W. J. Eney, “Nonuniform Torsion of Plate
Girders,” Trens. ASCE, vol. 121 (1956), pp 759-785.

4K. Basler and B. Thiirlimann, “Strength of Plate Girders In Bending,” Proc.
ASCE, vol. 87, no. 6 (August 1961), pp. 153-181.

6S. Timoshenko, Theory of Elastic Stability (New York: McGraw-Hill Book
Company, Inc., 1936), pp. 264, 267.
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7, 12,000,000

> = T/A,

The preceding expression more nearly approaches the shallow thick-

walled sections but is extremely conservative for a few deep thin W

sections and nearly all plate girders. The designer could use the preceding

formula and ignore the other one. His designs would be perfectly safe

although considerably overdesigned for the cases mentioned. For these

members the resistance of the flange to torsion is the predominant factor.

AISC Formula 4 estimates the resistance of the flange to this item.

7 (L/r)?= | 1.0 — 502 G, | 0.00F,

In this expression (’, is the slenderness ratio, previously mentioned

in Chap. 5, which theoretically divides elastic from inelastic buckling; ZL

is the unbraced length of the compression flange; r is the radius of gyra-

tion of the compression flange plus one-sixth of the web taken about an

axis in the plane of the web; and C, is a bending coefficient determined

as follows:

(AISC Formula 5)

M, M,\?0, = 175 — 105 (8) +03 (Mi)f<22

The end restraint conditions and the loading conditions may be such

as to provide appreciable resistance to lateral buckling. C, 1s a modifier

which is given to estimate the effect of these items.® In this expression

for C,, M, is the smaller and M, the larger of the bending moments at

the ends of the unbraced length. Should the moment at any point within

the unbraced length be larger than the end moments, M,/M, shall be

taken as 1. It is necessary to use the correct signs of M, and M, when

the formula is applied.

Example 6-5 illustrates the trial-and-error solution involved in the

design of a laterally unsupported beam in accordance with the AISC

Specification. An allowable stress is assumed, the required section modu-

lus computed, a trial beam selected, the allowable stress determined for

the trial beam size, etc.

The Steel Handbook greatly simplifies this problem with their charts

entitled “Allowable Moments in Beams with Unbraced Length Greater

Than L,” (where L, is the greatest unbraced length at which the allow-

able stress can be taken as 0.6F,). From the charts which are applicable

to A36 stcel it is possible to directly select the most economical rolled

section for a beam which does not have full lateral support.

6 Column Research Council, Guide to Design for Metal Compression Members

(Urbana, IIl.: 1960).
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ExaMpte 6-5. Select the lightest available steel section for the beam shown
in Fig. 6-6, using the AISC Specification and A36 steel. Lateral support is
provided at the ends only.

6.0 k/ft

LLL LALLA LALA LLL LLL AMAA,

S »

le 22'-0" 1

Fia. 6-6

Solution: Assume beam weight = 110 lb/ft

_ (6.11) (22)?
3 = 370 {t-kM

Assume allowable F, = 16 ksi

_12X 370
S rea. =—Fg — = 278 in

The following selection assumed after some preliminary scratch work:

Try 24W 110 (S = 2744 in3, d = 24.16, b, = 12.042, ty = 0.855,

ty = 0.510, 1, = 229.1)

12,000,000 12,000,000 .
Myo =—Ta = 1350 DC ad 1G ~ 1935 ksi

Ay 12.042 K 0.855

C, = 1.0 when moment in span exceeds that at both ends
C, from tables for A36 steel = 126.1

For dimensions see Fig. 6-7.

Ay + ¥% Ay = (12.042) (0.855) + (1%) (22.45) (0.510) = 12.21 sq in.

I, of 4; + 4% A, = approximately ¥, I, for whole shape

1, = (44) (229.1) = 114.5 in4

114.5 .
r= 1221 = 3.06 in.

F, = E _ {L/n)? 0.60 F, = 19 — U2 X 22/3.06)? (0.60) (36,000)
20,2 Cy ~ (2) (126.1)? (1.0)

= 16.94 ksi

Controlling F, = 19.35 ksi

S req. = 0 = 229 in? < 2744 in’ (overdesigned)

Might try lighter section as 18 W 105
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}*+——12.042" > a

A+ LAy

, 24.16"
—>j 0.510

22.45"

CC _)

Logs"
Fia. 6-7

The student should at this time study the information presented in

the Steel Handbook on the subject of lateral support. First he will note

that for each of the steels (A7, A36, etc.) the second formula used in

Example 6-5 can be reduced by substituting into it the values of C, and

0.60 F,, which are constant for that steel. For instance the value of this

expression for A36 steel can be reduced to the following:

0.679 /L\?F, = 22,000 — “C (=)

Secondly, ,he should study the ‘Beam Load Tables” given in the

Steel Handbook. These tables present for compact beam sections the

allowable uniform load in kips for the spans for which they are practical.

Although the information is primarily presented for A36 steel, factors

are given to apply the information to beams made from A242, A440, and

A441 steel. Also of particular interest are the values given for L, and L,

for each shape. L, is the maximum unbraced length of the compression

flange of compact shapes for which the 0.66F, allowable bending stress

is applicable, and L, is the maximum unbraced length above which the

allowable bending stress is less than 0.60F,. Use of this information can

prevent a great deal of unnecessary substitution in the tedious lateral

support expressions.

The student may quite logically ask the question, ‘“What do I do if

the beam in question has no compression flange?” Such a situation might

very well occur in the bottom chord member of a truss subject to an
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intermediate load which causes bending in addition to the normal axial

stress. Should the member consist of a pair of angles or a structural tee

with the flanges on the tension side there will be no compression flange,

only a web.

The formulas presented in this section are for members which are

symmetrical about both z and y axes, as W or I shapes. For other shapes

more complicated expressions are needed for estimating the allowable

stresses. For reference the student is referred to Guide to Design Critena

for Metal Compression Members published by the Column Research

Council, Urbana, IJl. A reasonable and very conservative practice is to

assume F’, — 0.60 F, for all such situations, as long as the local buckling

requirements of AISC Sec. 1.9.1 are satisfied.

6-7. DESIGN OF CONTINUOUS MEMBERS

The AISC Specification for the elastic design of continuous members

leans definitely towards the plastic design theories. Both theory and tests

show clearly that continuous ductile steel members meeting the require-

ments for compact sections have the desirable ability of being able to

redistribute the moments caused by overloads. (The student is again

referred to the introductory paragraphs of Chap. 21 for a detailed discus-

sion of this subject.)

The continuous beam of Fig. 6-8 is considered in this paragraph. The

magnitude of the load applied to this beam can be increased until it

reaches a value above which there will be no increase in the support
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Elastic

Bending
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Plastic

Bending

X RAY S N

Fic. 6-8

moments. (These moments, which are defined as plastic moments in

Chap. 21, occur when the steel has been stressed to its yield point all the

way through the section at some point.) Should the load be increased

further the beam will act as though there is no continuity over the in-

terior supports. These points will act as though they are hinges so far

as load increases go but will continue to transfer the plastic moments.

Increases in load will cause increases in the positive moments out in the

“simple beams” between supports but no increases at the supports. The

result is that the negative and positive moments in the beam tend to

equalize as the load is increased. The beam may be said to have a re-

serve of strength and will not fail until the load is decidedly increased

above the value at which the outermost fibers of the steel were first

stressed to its yield point.

The AISC says that for continuous compact sections the design may

be made on the basis of 99 of the maximum negative moments caused

by gravity loads if the positive moments are increased by 4 o of the

average negative moments at the adjacent supports. (The 0.9 factor is

applicable only to gravity loads and not to lateral loads such as those

caused by wind and earthquake. The factor can also be applied to

columns which have axial stresses of less than 0.15 F,.) Example 6-6 (a)

illustrates the design of a two-span beam falling into this class. Part (b)

of this example illustrates the design of the same beam when the unsup-

ported lengths exceed the maximum values permitted for compact sec-

tions.
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EXAMPLE 6-6. (a). Design the beam shown in Fig. 6-9 with A7 steel and

the AISC Specification if continuous lateral support is supplied from a conercte

slab. (6b). Redesign the beam if lateral support is provided only at beam

supports and midspans.

1 2 k/ft (inctuaing

estimated beam weight)

LLL. KML hihhiiisibiktidilglliiiitiitiLl Lh ba MMMM LLL LILLE aha ALLL ALAR

x 3 ,

we ———~12 §' ——-—pe- ———12.5) ete - —-12.5' - -— ny ——
i —-— 25' of —__—_—__-——- 25'- oo

125tt-k 125tt-k

187.5 ft-k

Fic. 6-9

Solution: {a) Continuous lateral support:

Negative moment = (0.9) (187.5) = 168.8 ft-k

Positive moment = 125 + (0.10) (“= pas 7 = 134.4 [t-k

S req. = fe oN 92 in3

Use 18 W 55

(b) Lateral support at 12.5-ft. intervals: Minimum flange width for moment

reduction is 12.5 & 12/13 = 11.55 in. Flange width. in all probability, will be

less than 11.55 in. Therefore, use full negative moment.

Assuine allowable F, = 19 ksi

12 187.6
S neq. = Ag = Bins

Try 21W 62 (d = 20.99, b = 8.240, t = 615)

Flange width = 8.240 in. < 11.55 in.

Considering the 12.5 ft at end of beam:

_ 12,000,000

(12 X 12.5) (20.99)

(8.240) (0.615)

F, 19.35 ksi
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C, = 1.75 — 1.05 (355) + (03) (a3) - = 1.75

A, + 1% A, = (8.24) (0.615) + (1%) (20.99 — 2 X 0.615) (0.400) = 6.38 sq in.

0.571 /12 < 12.5\2 oa

S req. = 12x18 = 774 in3
Considering the interior 12.5-{ft sections:

125 125 \?
= — 5 —— | = .C, = 1.75 — (1.05) (- — as) + (0 (5 a :)= 2.58 > 2.30

0.571\ /12 < 12.5\2 | ,F,, = 20,000 — ( =) ( a ) = 18.67 ksi

_ 121875
S req. — 7935 == 1161n

Might try 18 W 60

PROBLEMS

6-1. Select the most economical W section available for a 22-ft simple span

if the beam is to support a uniform load of 3 k/ft. The beam is assumed to have

full lateral support and an allowable bending stress of 20,000 psi.

6-2. A steel beam is to span 18 ft and support a uniform load of 4 k/ft.

Assuming that the floor construction completely restrains the compression flange

against lateral buckling select a W = section using the AISC Specification and

A36 steel. Assume simple end supports.
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6-3. Select the most economical section for the beam shown in the accom-

panying illustration using an allowable bending stress of 18,000 psi. Full lateral
support is assumed for the entire span.

6-4. A 21W 73 made from A36 steel is used for a simple span of 24 ft.

Using the AISC Specification and assuming full lateral support determine the

maximum allowable uniform load which this beam can support in addition to its

own weight.

6-5. A 30-ft simple beam is to support two movable 16-k loads a distance

12 ft apart. If the beam is to have full lateral support select a W section to

resist the largest possible bending moment. Allowable bending stress is 18,000 psi.

6-6. A beam consists of an 18W 96 with two 16 X 1% in. cover plates

welded to each flange. If it has full lateral support and the allowable bending

stress is 20,000 psi, determine the allowable uniform load which the beam can

support for a 30-ft simple span.

6-7. An 18 W 60 with full lateral support is used for a 20-ft simple span

and supports a 3 k/ft uniform load. There are assumed to be two holes in each

flange for %-in. high-strength bolts. Compute the maximum tensile and com-

pressive stresses using the net moment of inertia.

6-8. Rework Prob. 6-7 using the AISC Specification.

6-9. Rework Prob. 6-7 using the AREA Specifications.

Girder
Column | \

— bF1— -

27-0"
y Beams ~

—_—— i -4j¥—— ¥

|«——— 39): 27'-0" ——+

Pros. 6-10

6-10. The accompanying illustration shows the arrangement of beams and

girders which are used to support a 6-in. reinforced concrete floor for a small

industrial building. Using A36 steel and the AISC Specification design beams

and girders assuming they are simply supported. Assume full lateral support

and a live load of 100 psf.

6-11. Using the 1961 AASHO expression for A7 steel select a steel beam to
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support a uniform load of 1 k/ft for a 32-ft simple span if lateral support is

provided only at the beam ends and centerline.

6-12. Compute the allowable bending stresses in a 21W 62 consisting of

A36 steel using the AISC Specification for simple spans uf 10, 12, and 18 ft without

lateral support.

6-13. Rework Prob. 6-3 assuming lateral support is provided at ends and

concentrated loads only, using the 1961 AASHO expression.

6-14. Repeat Prob. 6-4 assuming lateral support is provided at beam ends

and centerline only.

6-15. Repeat Prob. 6-4 assuming lateral support is provided at beam ends

only.

6-16. The beam shown is to be designed using A7 steel and the 1961 AASHO

Specifications. Lateral support is provided at beam ends only.

3 k/ft

\N 2
ge —_

Pros. 6-16

6-17. Repeat Prob. 6-16 using the AISC Specification.

6-18. Select a W section using A36 steel and the AISC Specification to

support a 4. k/ft uniform load on a 10-ft cantilever span. Full lateral support is

assumed.

6-19. Repeat Prob. 6-18 if lateral support is provided only at the fixed end.

6-20. Using the 1961 AASHO expression for A7 steel select a rolled-steel

section to serve as the beam shown in the accompanying illustration if lateral

support is provided only at the 120 k load and the supports.

30k 120k |

WH: | Wi
<—— 10-0" 10'-0'———>

— 6 -0" 20'-0" —— 6-0"

Pros. 6-20

6-21. It is desired to select a section to support a 2.5-k/ft load for an 18-ft

span. If full lateral support is assumed and two 34-in. high-strength bolts are

needed in each flange, select a W section using A36 steel and the AISC Specifica-

tion.

6-22. Repeat Prob. 6-21 if lateral support is provided at beam ends only.

6-23. What is the largest concentrated load which can be placed at the

centerline of a 36 W 135 (A36 steel) which has lateral support applied at its ends
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only? The beam is simply supported and has a span of 30 ft. Use AISC Specifi-

cation.

6-24. Repeat Prob. 6-21 using A7 steel and the 1961 AASHO expression.

6-25. Select a W section of A36 steel to serve as the continuous beam of

the accompanying illustration using the AISC Specification. Full lateral support

is assumed.

3 k/ft

MLL LLL hha

SN N \

————20'-0" wl.ore 2 Q'- 0"

Pros. 6-25

6-26. Repeat Prob. 6-25 using A441 steel.

6-27. Repeat Prob. 6-25 assuming lateral support is provided only at sup-

ports and at span centerlines.

6-28. The architects specify that a beam no greater than 13.00 in. in depth

be designed to support a uniform load of 10 k/ft for an 18-ft simple beam.

Design the beam with A36 steel assuming full lateral support using the AISC

Specification.

6-29. Select the lightest available W section which will support the loads

shown in the accompanying illustration using A36 steel and assuming full lateral

support. Use AISC Specification.

12’ 12° —

Pros. 6-29
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Design of Beams (Continued)

7-1. SHEAR

The beam supporting transverse loads, shown in Fig. 7-1 (a), is

sometimes said to be subjected to two types of shear—transverse and

longitudinal. The first of these two shears in illustrated in part (b) of

£ po |(a) (b)

Bearing | |
(F

Ww SS IS coped YUL),
(c) (d)

F1a. 7-1

the figure where there is a tendency of the part of the beam to the left

of section 1-1 to slide upward with respect to the part. of the beam to the

right of the section. Actually this type of shear failure will not occur

in a regular steel beam because web crippling (discussed in next section)

will occur first. ‘Transverse shear, however, can feasibly cause failure

112
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directly if the beam has been deeply coped as shown in part (c) of the

figure. .
The second type of shear is illustrated in part (d) of Fig. 7-1 and

occurs due to the bending of the member which causes changes in lengths

of the longitudinal fibers. For positive bending the lower fibers are

stretched and the upper fibers are shortened while somewhere in between

there is a neutral axis where the fibers do not change in length. Due to

these varying deformations a particular fiber has a tendency to slip on

the fiber above or below. The largest value of longitudinal or horizontal

shear occurs at the neutral axis.

If a wooden beam was made by stacking boards on top of each other

and not connecting them they would obviously tend to take the shape

shown in part (d) of the figure. The student may have observed short

heavily loaded timber beams with large transverse shears which split

along horizontal planes.

This presentation may be entirely misleading in seeming to com-

pletely separate horizontal and vertical shears. In reality horizontal and

vertical shear at any point are the same and may not be separated. Fur-

thermore, one cannot occur without the other.

The tendency to slip is resisted by the shearing strength of the ma-

terial. Although steel beam sizes are rarely controlled by shear it is

wise to check them, particularly if they are short and heavily loaded.

Maximum external shear usually occurs near the supports but shear is

present throughout the beam. The average transverse shearing stress

on the cross section of a beam at a certain point in the span equals the

external shear divided by the cross-sectional area of the beam. The

Jongitudinal shearing stress formula, however, shows that the shearing

stress is not constant across a beam cross section but is zero at the outer-

most fiber and has its largest value at the neutral axis. The familiar

formula, to follow, can be used to calculate the unit shearing stress at

any point. (This formula applies to beams with open cross sections which

are not subjected to torsion.)

Design of Beams (Continued)

_ VQ

e = Or

where V = external shear at the section in question

Q = statical moment of that portion of the section lying outside

(either above or below) the line on which v is desired, taken

about the neutral axis

I = moment of inertia of the entire section about the neutral axis

b = width of the section where the unit shearing stress is desired
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When this expression is used to calculate the shear across the face

of aW or I section the resulting values are very small in the flanges and

quite large in the web. The values in the web are fairly uniform from top

to bottom. Figure 7-2 shows the variation of shear on the cross section

of a 24 W 76 which is resisting an external shear of 60,000 Ib.

227 psi Inside Flange

—>(— 4,640 psi Top of Web
(neglecting fillet)

A 6,520 psi
24W 76 @ Middepth

—_— x 4,640 psi
2e/ psi

Fig. 7-2

The common practice of assuming a uniform shearing stress variation

in the web from top to bottom (using the full depth of the section) ap-

pears to be reasonable after examining Fig. 7-2. The shearing stress ob-

tained in accordance with this assumption equals 60,000/ (23.91) (0.440)

== 5,710 psi which is not much smaller than the maximum theoretical

value of 6,520 psi. The truth of the matter is that the allowable shearing

stresses given by most specifications have been developed on the assump-

tion that uniformly distributed shear calculations will be made. For

most W, I and channel sections having fairly large flanges and thin webs

the results obtained from this assumption are reasonable. For other

shapes a few calculations may be necessary to sec if the per cent error

Is appreciable.

A more conservative approach followed by some engineers is to use

only the web depth in figuring the average shear. This method would

give a result equal to 60,000/ (22.51) (0.440) — 6,050 psi in the case being

considered. Although some designers use the total heam depth and others

only the web depth or even the depth between the toes of the fillets for

rolled sections, they nearly all agree to use only the web depth for plate

girders.

As previously indicated the webs of rolled shapes are capable of carry-

ing almost any shears to which they may individually be subjected. An

exception to this statement was the coped beam shown in Fig. 7-1 (c).

For this situation the shear could be calculated in the remaining depth of

the beam. Should it exceed the allowable value, shear plates could be

connected to the web. Another high-shearing-stress situation can occur

when two or more members are rigidly connected together so their webs
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lic in a common plane. In Sec. 1.5.1.2 of the Commentary on AISC

Specification, formulas are given which show when the webs are over-

stressed in shear and how much they need to be thickened or reinforced

when overstressed. This situation which commonly occurs at the junc-

tions of columns and beams (or rafters) in rigid frame structures is

discussed in Chap. 22.

7-2. WEB CRIPPLING

Beams which support heavy concentrated loads sometimes fail by

web crippling or crushing unless the web is stiffened near the loads. Web

crippling occurs due to the stress concentrations at the junction of the

flange and the web, where the beam is trying to transfer compression in

the relatively wide flange to the narrow web. Failure will occur when the

metal begins to fail at the toe of the fillet in bearing and the flange and

web have a tendency to fold over cach other.

Most specifications assume the reaction or load spreads out from

its place of application along a 45° plane (see Fig. 7-3). The toe of the

fillet is the most dangerous location for failure because the resisting area

has its smallest value there. The AISC does not permit the compression

at this point in beams without web stiffeners to excced 0.75 F,. Should
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a
Toe of k

Fillet \ 45°
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tte

A = concentrated load

R

— wena TOY not exceed 0.75 F,

M = jength of bearing, which cannot be Concentrated load
less than 4 (b)

& = distance from toe of fillet to outside

of flange

f= thickness of web

A= reaction

Awea MOY not exceed 075 F

Reaction

(a)

Fia. 7-3

the allowable value be exceeded it is necessary to use stiffeners, or the

bearing of the load or reaction must be spread over a greater length. The

expressions for the length of bearing required are shown in Fig. 7-3. The

top flanges of a beam must have lateral support at the reaction points or

the web crippling strength is greatly reduced.

The minimum bearing length at the end of a certain beam is calcu-

lated in Example 7-1. For many beams the theoretical bearing length

determined is too small to be practical. Should this be the case, the

designer will select a reasonable value which will fit in with the construc-

tion requirements. For steel beams bearing on wasonry a minimum

bearing length of probably 4 in. should be used. It is to be remembered

that a fairly large pereentage of structural failures have occurred, par-

ticularly during erection, due to insufficient bearing. Another fact to

keep in mind is that the bearing area should be large enough to keep the

bearing stress from exceeding the allowable value of the supporting

material. This subject is considered in Sec. 7-9 of this chapter.

50k 50 k

2 k/ft (including

beam weight )
CL LLLLLLLA ALLAN LL hahahah had hel hhehhhehed LASAAA AA L Ahhh hhh hehahhehheh Ah MMA Ahhh)

fy
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EXAMPLE 7-1. A 33 W 130 consisting of A36 steel has been selected for the

loading and span of Fig. 7-4. (a) Determine the minimum bearing length at the

reactions. (6) The 50 k concentrated loads are applied to the beam over a

width of 6 in. Is this sufficient ?

Solution:

Properties of a 33 W 130

Web ¢t = 0.580 in.

k = 11 @Q in. = 1.688 in.

(a) Minimum bearing length required at the reactions:

R 7
t(N+k) = (1.75 F,

80,000 _

(0.580) (N 4 1.688) ~ (9-75) (38,000)

N = 3.43 in.

(6) Web-crippling stress under concentrated loads:

R
P(N 2k) not to exceed 0.75 F,

50,000
= 9,200 psi si

(0.580) (6 2 < 1688) ~ 27700 ps! < 27,000 psi (OK)

7-3. VERTICAL BUCKLING OF WEBS

The usual steel sections are rolled with proportions such that web

crippling will occur before web buckling is possible. Although steel speci-

fications at one time required the investigation of steel beams for web

buckling, the requirement has been dropped; and they now only call for

investigation of the possibility of web crippling. Built-up sections with

high thin webs are a different matter and are considered in Chap. 16.

7-4, MAXIMUM DEFLECTIONS OF BEAMS

The deflections of stec] beams are usually limited to certain maximum

values. Among the several excellent reasons for deflection limitations are

the following:

1. Excessive deflections may damage other materials attached to or

supported by the beam in question. Plaster cracks caused by large ceil-

ing joist deficctions are one example.

2. The appearance of structures is often damaged by excessive de-

flections.

3. Extreme deflections do not inspire confidence in the persons using
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a structure although it may be completely safe from a strength stand-

point.

4. It may be necessary for several different beams supporting the

same load to deflect equal amounts.

Standard American practice for buildings has been to limit live-load

deflections to approximately 14459 of the span length. This deflection is

supposedly the largest value which ceiling joists can deflect without caus-

ing cracks in underlying plaster and is the value permitted by the AISC

for beams and girders supporting plastered ceilings. The 46,9 deflection

is only one of many maximum deflection values in use because of different

loading situations, different engineers and different specifications. For

situations where precise and delicate machinery is supported maximum

deflections may be limited to 4599 or %.o9o9 of the span lengths. The

1961 AASHO Specifications limit deflections in steel beams and girders

due to live load and impact. to Y%oo of the span.

Before substituting blindly into a formula which will give the deflec-

tion of a beam for a certain loading condition the student should thor-

oughly understand the theoretical methods of calculating deflections.

These methods include the moment area, conjugate beam, and virtual

work procedures. From these methods the centerline deflection expres-

sion for a uniformly loaded simple beam can be determined. Example

7-2 illustrates the application of this expression. In this problem all units

are changed into pound and inch units. The conversion of the uniform

load given in kips per foot to pounds per inch should be particularly noted.

5 wlt

384 EI

EXAMPLE 7-2. Determine the centerline deflection of the 21W62 beam

used in Example 6-1. Does the resulting value exceed 4% of the span length?

Assume E = 30 X 108 psi and J = 1,326.8 in.

ee

Solution:

(5) (“F5-) (21x 12)¢
st = (384) (30 X 108) (1,326.8)

8 € = 0.486 in.

Maximum allowable § = (55) (12 & 21) = 0.700 in. > 0.486 in. (OK)

Another deflection expression frequently used is the one giving the

deflection at the centerline of a beam loaded with a concentrated load at

the centerline.

PL

8% = aT



Design of Beams (Continued) , 119

Some specifications handle the deflection problem by requiring cer-

tain minimum depth-span ratios. For example the AASHO suggests the

depth-span ratio be limited to a minimum value of 1/25. A shallower

section is permitted but it must have sufficient stiffness to prevent a de-

flection greater than would have occurred if the 1/25 ratio had been used.

For beams and girders supporting flat roofs the AISC does not permit the

ratio of depth to span to be less than the computed maximum bending

stress divided by 600,000. This limitation was established to keep the

depth of water pools on flat roof decks from becoming excessive during

rains. For other situations the AISC does not require limiting ratios or

deflections, but limiting values should be set by the good judgment of the

designer. The Commentary on the AISC Specification suggests limita-

tions on depth-span ratios of F,/800,000 for fully stressed beams and

girders supporting floors and F,,/650,000 if appreciable shock or vibration

is anticipated. Should shallower members than these be used, they sug-

gest the allowable stresses be reduced in the same proportion. The AREA

gives a preferable limiting ratio of depth to span of 1/15 for rolled

beams. Shallower sections are permitted if deflections are limited to the

value which would have occurred if the 1/15 ratio had been followed.

A steel beam can be cold-bent or cambered an amount equal to the

deflection caused by dead load or the deflection caused by dead load plus

some percentage of the live load. Approximately 25% of the camber so

produced is elastic and will disappear when the cambering operation 1s

completed. Detailed information for particular shapes is given in the

Steel Handbook in the section entitled “Standard Mill Practice.”

7-5. UNSYMMETRICAL BENDING

From mechanics of materials it is remembered that cach beam cross

section has a pair of mutually perpendicular axes known as the principal

axes for which the product of inertia is zero. Bending which occurs about

any axis other than one of the principal axes is said to be unsymmetrical

bending. When the external loads are not in a plane with either of the

principal axes or when Joads are simultaneously being applied to the

beam from two or more directions unsymmetrical bending is the result.

When the external loads are not 1n the principal plane the stresses

can be determined by breaking the loads into components perpendicular

to the principal axes, calculating the moments about each axis, and deter-

mining the maximum stresses caused by a combination of the two mo-

ments. The following expression can be written for the stress at any

point in a beam subjected to unsymmetrical bending:

I, I, S, Sy
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It might be noted there that the longitudinal shearing stresses for a

beam of this type can be calculated with a similar expression:

_. VQ. + V,Q,
=%1, ~ bl,

When a section has one axis of symmetry that axis is one of the

principal axes and the calculations necessary for determining stress are

quite simple. For this reason unsymmetrical bending is not difficult to

handle in the usual beam section, which is probably a W, I or [. Each

of these sections has at least one axis of symmetry and the calculations

are appreciably reduced. A further simplifying factor is that the loads

are usually gravity loads and probably perpendicular to the z axis. For

a case of this type the formula for stress is simply f = Mc/I.

Among the beams which must resist unsymmetrical bending are

crane girders in industrial buildings and purlins for ordinary roof trusses.

The xz axes of purlins are parallel to the sloping roof surfaces while the

large percentage of their loads (roofing, snow, ectc.) are gravity loads.

These loads do not lie in a plane with either of the principal axes of the

inclined purlins and the result is unsymmetrical bending. Wind loads

are generally considered to act perpendicular to the roof surface and thus

perpendicular to the z axes of the purlins with the result that they prob-

ably do not cause unsymmetrical bending. The z axes of crane girders

are usually horizontal but the girders are subjected to lateral thrust loads

from the moving cranes as well as to gravity loads.

A trial-and-error process is involved in selecting a section for un-

symmetrical bending. A section will be selected which is somewhat larger

than would be required for the moment perpendicular to the x axis (M,)

alone and the maximum stress duc to the two bending moments is calcu-

lated. From these stresses a better estimate can be made of the required

section and after a few trials a satisfactory section will be found. Several

methods have been developed for better estimating the required section

without so much trial-and-error work.

A further complication in the design of beams subject to unsym-

metrical bending is caused by the fact that the loads often do not pass

through the centroid of the section. For instance, the loads applied to a

purlin are generally applied to its top flange and the result is a twisting

moment or torsion in the inclined purlin. Rather than become involved in

torsion calculations, the common design practice is to assume the lateral

loads are carried only by the top flange of the beam. Only one-half of the

section modulus about the y axis is considered effective and the stress

formula becomes:

M M
Fy Ty

J=5, =yS,
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Examples 7-3 and 7-4 illustrate the design of beams subjected to

unsymmetrical bending. To illustrate the trial-and-error nature of the

problem the author did not do quite as much paperwork as in the

‘first example. The first design problems of this type which the student

attempts may quite well take him several trials. Consideration needs

to be given to the question of lateral support for the compression flange.

Should the lateral support be of questionable nature the engineer should

reduce the allowable compressive stresses by means of one of the expres-

sions previously given for that purpose.

EXAMPLE 7-3. A certain beam is estimated to have a vertical bending

moment of 120 ft-k and a lateral bending moment of 25 ft-k. These moments

include the effect of the estimated heam weight. The loads are assumed to pass

through the centroid of the section and the entire section modulus value is there-

fore available about each axis. Select a W shape which can resist these moments.

Use A36 steel and the AISC Specification and assume full lateral support for

the compression flange. Allowable F, = 0.60 F, = 22,000 psi.

Solution:

First trial: The S required for vertical bending moments is (12 120) /22

= 65.5 in. Try a section with a larger section modulus.

Try 21 W 73 (S, = 150.7, Sy = 16.0)

Ms My _ 2X10 | WX

S, S, 150.7 16

f = 28.27 ksi > 22 ksi (N.G.)

Final trial:

Try 14W 78 (S, = 121.1, 8, = 34.5) after some rough paperwork

12 120 12 * 25

f= 121.1 + 34.5
= 20.56 ksi < 22 ksi (OK)

Use 14W 78

ExaMPLE 7-4. Redesign the beam of Example 7-3 if the lateral loads are

assumed to be applied to the top flange of the beam and thus do not pass through

the centroid of the section. Reduce the effective modulus for the y axis by 50

percent.

Solution:

Try 14W 95 (S, = 150.6, S, = 52.8)

_ 12 X 120 12% 25
f= 1506 + B28 9.57 + 11.35

f = 20.92 ksi < 22 ksi (OK)

Use 14W 95
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In this example the lateral moment was estimated to cause a stress

of 11.35 ksi. Of this amount 5.67 ksi, or 27.1 percent of the total stress,

was thrown in to approximate the torsion effect. (Is this a precise en-

gineering calculation?)

When a section does not have an axis of symmetry, the work required

to locate the neutral axis, to calculate the principal moments of inertia,

and to determine the necessary distances for a particular point are quite

tedious. The expressions (from mechanics of materials) at the end of

this paragraph can be used to locate the principal axes and calculate the

" 7

x’

qa

y’

| ee es

Tt —— ; 4
—_—_— \

\ _)

Fia. 7-5

principal moments of inertia. In these expressions J,, is the product of

inertia while the various other symbols used are shown in Fig. 7-5.

_ laytan 2¢ = L—I.

Iz, = cos? oI, + sin? ¢ I, — 2 sin ¢ cos ¢ Igy

Ty, = cos? ¢ I, + sin? 6 I, + sin ¢ cos Iny

After the principal moments of inertia are determined the stresses can

be obtained by breaking the loads into components perpendicular to each

of the principal axes, calculating the moments about each, and substitut-

ing in the unsymmetricai bending expression. It will, however, be noted

that the remaining calculations are still tedious particularly those in-

volved in computing the perpendicular distances to each point (x and y

in Fig. 7-5) from the principal axes.

The equation to follow may be more useful when the section in ques-

tion has no axis of symmetry.

j Mele — Maley , | Maly — Myley

Tal, ~— I,,? I,1, — I,
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This general expression is applicable to any straight beam of constant

cross section regardless of the shape and regardless of whether the section

is open or closed. The z and y axes can be assumed in any convenient

direction as long as they are perpendicular to each other and pass through

the centroid of the cross section.

Example 7-5 illustrates the application of this expression. For sub-

stitution in the formula (as well as in the calculations for J,,), z is

considered to be positive for points to the right of the y axis and minus

to the left, while y is positive for points above the z axis and minus below.

A plus sign for the resulting stress indicates compression, and a minus

sign indicates tension.

EXAMPLE 7-5. Determine the stress at points A, B, and C in the 6 K 4X

3/-in. angle shown in Fig. 7-6 due to gravity loads which cause a moment of

5 ft-k.

y

a 4

,

3.92"

6"

—~ Xt

2.08"

4 ja c
11.08" 2 92°-—>

4"

Fic. 7-6

Solution» Properties of section:

IT, = 24.5 in4

I, = 87 in+

I,y = (3.00) (+ 0.92) (— 1.71) 4- (8.94) (— 0.71) (4 1.30)

= — 8.36 in.‘

Stress at A:

_M,l, — M yl cy M,I, — Myloy ,
i= Ipl, — Tay 7+ Igy — Poy
__0 — (60,000) (—8.36) (60,000) (8.7) —0 (4.3.92

fa = (aay (87) — (—0.36)2 (— 18) + eas) (87) — (eae F 8%)
= -+ 10,620 psi (compression)
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Stress at B:

_ 0 — (60,000) (— 8.36) | (60,000) (8.7) — 0

In = (24.5) (8.7) — (— 8.36)? (— 1.08) =F (24.5) (8.7) — (— 8.36)?
= — 11,350 psi (tension)

Stress at C:

_ 0 — (60,000) (— 8.36) (60,000) (8.7) — 0

lo = (24.5) (8.7) — (8.36)? (+> 2.92) -+ (24.5) (8.7) — (—8.36)2
= -+ 2,700 psi (compression )

(— 2.08)

(— 2.08)

7-6. DESIGN OF PURLINS

To avoid bending in the top chords of roof trusses, it is theoretically

desirable to place purlins only at panel points. For large trusses, how-

ever, it is more economical to space them at closer intervals. If this

practice is not followed for large trusses the purlin sizes may become so

large as to be impractical. When intermediate purlins are used the top

chords of the truss should be designed for bending as well as axial stress.

Purlins are usually spaced from 2 to 6 ft apart depending on loading

conditions, while their most desirable depth to span ratios are probably

in the neighborhood of 1/24. Channels or I beams are the most fre-

quently used sections but on some occasions other shapes may be con-

venient.

As previously described in Chap. 3, the channel and I sections are

very weak about their web axes and sag rods are often necessary to

reduce the span lengths for bending about those axes. Sag rods, in effect,

make the purlins continuous sections for their y axes and the moments

about these axes are greatly reduced, as shown in Fig. 7-7. These moment

diagrams are developed on the assumption that the changes in length of

the sag rods are negligible. It is further assumed that the purlins are

simply supported at the trusses. This assumption is on the conservative

side since they are often continuous over two or more trusses and ap-

preciable continuity may be achieved at their splices. The student can

easily reproduce these diagrams from his knowledge of moment distribu-

tion or other analysis methods. Inthe diagrams 1. is the distance between

trusses, w, is the load component perpendicular to the ‘web axis of the

purlin and w', is the load component parallel to the web axis.

If sag rods were not used the maximum moment about the web axis

of a purlin would be w,Z?/8. When sag rods are used at midspan this

moment is reduced to a maximum of w,L?/32 (a 75 percent reduction)

and when used at one-third points is reduced to a maximum of 2w,L7/175

(a 91 percent reduction). In the example problem to follow (Example

7-6), sag rods are used at the midpoints and the purlins are designed for
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Wy

“Wy
y

Channel purlin

(a)

2, L2Bio Mt ae say?
oe- Na Le

“-g2 0° [oe 6 2
L_______ £_

2 + |
Moment about web axis of purlins — sag rods at midspan

(b)

2 my L? 2u,L? ane

eee 4
Sa

_*
Moment about web axis of purlins — sag rods at one-third points

(c)

Welna

Moment about X axis of purtin

(d)

Fia. 7-7

a moment of w,L?/8 parallel to the web axis and w,L?/32 perpendicular

to the web axis. To estimate the effect of torsion, the section modulus

about the web axis is reduced by 50 percent.

In addition to being of advantage in reducing moments about the web

axes of purlins, sag rods can serve other useful purposes. First, they can

provide lateral support for the purlins; secondly, they are useful in keep-
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ing the purlins in proper alignment during erection until the roof deck is

installed and connected to the purlins.

Purlins
4- 5" O C

Fia. 7-8

EXAMPLE 7-6. Select an 8-in. [ purlin for the truss shown in Fig. 7-8. The

trusses are 15 ft 0 in. on centers and sag rods are used at the midpoints between

trusses. Full lateral support is assumed to be supplied from the roof above.

Use A386 steel and the AISC Specification. Loads are as follows in terms of

pounds per square foot of roof surface:

Snow = 20 psf

Roofing = 6psf

Estimated purlin weight = 4 psf

Total 30 psf

Wind pressure == 10 psf L to roof surface

Solution:

Ww gravity — (4.42) (30) = 132.6 lb/ft

W wina = (442) (10) = 44.2 lb/ft

20 1132.6w, == 44.2 -+(—= 5 (132.6) = 163 lb/ft «42\|

uw, =(] 75) 1328) = 9.2/1 .

2vo 1 O88 aan \_—»
2

ye, = (00892) (18) _ gare tk

Try 8 £ 11.5 (S, = 8.1, S, = 0.79)
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M,
%S,

— (12) (458) (12) (0.416)

81 (%) (0.79)

= 19.40 ksi < 22 ksi (OK)

Use 8 { 11.5

7-7. THE SHEAR CENTER

The application of the usual equations for bending and shear is based

on the condition that no twisting takes place. The transverse loads

applied to a beam must pass through a certain longitudinal line called

the bending axis if the beam is to be prevented from twisting as it bends.

The shear center or the center of rotation or the center of twist is the

point in each cross section through which the bending axis passes. Should

the loads pass through this point, it is unnecessary to analyze the beam

for torsional moments. For a beam with two axes of symmetry the shear

center will fall at the intersection of the two axes, thus coinciding with the

centroid of the section. For a beam with one axis of symmetry the shear

center will fall somewhere on that axis but not necessarily at the centroid

of the section. This surprising statement means that to avoid torsion in

some beams the lines of action of the loads should not pass through the

centroid of the section.

The average designer probably docs not take the time to go through

the sometimes tedious computations involved in locating the shear center

and calculating the effect of twisting. He may instead just ignore the

situation, or he may inake a rough estimate of the effect of torsion on the

bending stresses. An illustration of a rough estimate of the torsion effect

in purlins was given in Example 7-4, where only one-half of S, was con-

sidered effective when lateral loads were applied to the top flange. The

large percentige of the total stress due to the rough estimate made in that

example should keep the designer on the lookout for cases where his esti-

mates might be too inaccurate.

Shear centers can be located quickly for beams with open cross sec-

tions and relatively thin webs. For other beams the shear centers can

probably be found but only with considerable difficulty. The term shear

flow is often used when speaking of thin-wall members although there is

really no flowing involved. It refers to the shear per inch of cross section

and equals the unit shearing stress times the thickness of the member.

(The unit shearing stress has been determined by the expression VQ/ bI

and the shear flow can be determined by VQ/I if the shearing stress 1s

assumed to be constant across the thickness of the section.)
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Shear

Center f

|!
f

+“I

(a) (b)

Fia. 7-9

The channel section of Fig. 7-9 (a) will be considered for this discus-

sion. In this figure the shear flow is shown with the small arrows and in

part (b) the values are totaled for each component of the shape and

labeled H and V. The two H values are in equilibrium horizontally and

the internal V value balances the external shear at the section. Although

the horizontal and vertical forces are in equilibrium, the same cannot be

said for the moment forces unless the lines of action of the resultant of

the external forces passes through a certain point called the shear center.

The horizontal H forces in part (b) of the figure can be seen to form a

couple. The moment produced by this couple must be opposed by an

2.08 k/in.

Aw 8 —
ost

’

D | H | — 2.08 k/in.

3" Variation of shearing stresses

(a) (b)

Fia. 7-10
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equal and opposite moment which can only be produced by the two V

values. From this information the following equation can be written

from which the shear center’ can be located:

Ve=Hh

The external resultant shearing force must pass through this point

a distance e from the € of the channel web if torsion is to be prevented.

Example 7-7 illustrates the calculations involved in locating the shear

center for a channel. It will be noted that the location of the shear

center is independent of the value of the externa] shear although a V

value is given in the example.

EXAMPLE 7-7. The channel section shown in Fig. 7-10 (a) is subjected to an

external shear of 30 k. Locate the shear center.

Solution: Properties of section:

A = (10) (0.3) + (2) (2.7) (0.8) = 4.62 sq in.

Ip = (%o) (3) (10)? — (1% 5) (2.7) (9.4)3 = 63 ins

(30) (3 X 0.3 X 4.85)

63

Total H = (14) (3) (2.08) == 3.12k

vat B= == 2.08 k/in.

Location of shear center:

Ve = Hh

30 e = (3.12) (9.7)

e == 1.01 in. from back of channel

Lea
[—— — — —]

—_

—> —— 6 —o—
—— — =e «41

Fia. 7-11
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The location of shear centers for several open sections are shown in

Fig. 7-11. It will be noted that each of the sections shown is rather weak

in torsion, and for them and similar shapes the location of the resultant

of the external loads can be a very serious matter. A previous discussion

has indicated that the addition of more parts to these shapes so they are

changed into box shapes would greatly increase their torsional resistance.

7-8. LINTELS

Openings in brick or block walls which have relatively flat tops, such

as windows and doors, require beams above them to support the masonry

and other loads above. Although considerable arch action exists in the

masonry after the mortar has set, it is still necessary to support the

masonry while it is green to prevent settlement and possible destruction

of the arch action before it can develop. These supporting beams, called

lintels, may consist of any number of different shapes. For very small

openings, flat bars or plates may be used, whcreas angles are convenient

for slightly larger openings. When the openings become quite large

structural tees, channels, I beams, W sections, or even built-up sections

may be necessary.

The amount of load which must be supported by a particular lintel

is quite uncertain and a good estimate can only be made after a careful

study is made of the particular situation. The window shown in Fig. 7-12

mK

7 SN
Brick “> / AN + Brick

J —

/ | , r
Lintel~ | /

| 2 |
—

JA Oren Cracks @ 45°

no[~
rls

Total load = W

W

Me =(3)($-45)=

(a) (b)

Fia. 7-12

(a) is assumed to be located in a brick wall which is solid and continuous

above and around the sides of the window. It seems logical to assume

that the lintel will carry the triangular shaped portion of the wall above

the window. This loading situation appears even more reasonable when



Design of Beams (Continued) 131

it is known that examinations of old brick buildings often reveal cracks
above the windows in approximately the shape of a triangle when the

lintels have settled. In part, (b) of the figure an expression is developed

for the maximum moment in this type of lintel.

Figure 7-13 shows a group of windows located between two columns.

_”

_-7 Lintel

Brickwork

Lo
-

\ i

TM~ Windows —~

Fia. 7-13

A spandrel wall is located above the windows and as the figure shows the

lintel will in all probability have to support the entire overhead wall.

Another loading condition for lintels which is often encountered in

small buildings is shown in Fig. 7-14. The lintel shown there, which 1s

Windows

7” Floor Slab Above ,
r -

_, Lintel Brickwork

“windows

Fic. 7-14

placed above a series of windows on one floor, supports not only the walls

above but also the reactions from the beams under the floor above.

The lintel selected for a particular wall must have dimensions which

fit in reasonably well so that the brick or blocks can be placed without
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unusual difficulty. As it is desirable for the lintel not to be visible from

one or both sides of a wall, it is usually buried in the wall. For this

reason an inverted structural tee (1) or a pair of angles back to back

(JL) are very satisfactory in many situations.

For many walls which consist of more than one thickness of brick or

blocks (or combinations of bricks and blocks), the lintel may consist of

two or more angles or other shapes or some combination of shapes one in

each thickness which are not connected to each other. Should noncon-

nected shapes be used an effort should be made to keep the deflections in

each part equal. It is true that the window and door headers below might

prevent the separate parts of the lintel from deflecting differently. Even

if this is true, additional loads will probably be thrown on the lintel which

tends to have the smallest deflection and cause it to be overstressed.

There is a great deal of information available as to the size of lintels

which should be used for different size openings. One table suggests a

3% X %-in. flat bar for each 4-in. thickness of wall for openings of less

than 2 ft;a 3% & 3% > 5g-in. angle for each 4-in. thickness of wall

for openings of 2 to 5 ft, etc. Despite the availability of this excellent

information concerning lintel sizes consideration should be given to the

particular loading conditions and member arrangements in the building

under study to insure the selection of satisfactory sizes.

7-9. BEAM-BEARING PLATES

When the ends of beams are supported by direct bearing on concrete

or other masonry construction it is frequently necessary to distribute the

beam reactions over the masonry by means of beam bearing plates. The

reaction is assumed to be spread uniformly through the bearing plate to

the masonry and the masonry is assumed to push up against the plate

t = Yo
1 4

al
Fig. 7-15

7
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with a uniform pressure equal to F, psf. This pressure tends to curl up

the plate and the bottom flange of the beam. The Stecl Handbook

recommends that the bearing plate be considered to take the entire bend-

ing moment produced and that the critical section for moment be assumed

to be a distance k from the centerline of the beam (see Fig. 7-15). The

distance k is the same as the distance from the outer face of the flange

to the web toe of the fillet given in the tables for each section (or it equals

the flange thickness plus the fillet radius).

The determination of the true pressure distribution in a beam bearing

plate is a very formidable task and the uniform pressure distribution

assumption is usually made. This assumption is probably on the con-

servative side as the pressure is probably larger at the center of the beam

than at the edges. The outer edges of the plate and flange tend to bend

upwards and the center of the beam tends to go down concentrating the

pressure there.

The required thickness of a 1-in.-wide strip of plate can be deter-

mined as follows:

2

M = Fyne ="

~ CT t/2 ~ 6

M
“=—S§

i.

Fyn? _
2 6

t= '3F nr
— F,

Example 7-8 illustrates the calculations involved in designing a beam

bearing plate: Netice that the distances B and (’ are desirably taken to

the nearest full inch.

Exampte 7-8. An 18 W 70 beam (b = 8.75, k = 154 in.) is to be end

supported by a masonry wall which has an aliowable bearing strength of 250 psi.

Design a bearing plate for the beam with A36 steel and the AISC Specification.

The end reaction is 40 k and the maximum length of bearing available is 12 in.

Solution: Minimum length of bearing for web crippling:

R

(N+ k)

40,000

0.438 (N + 1546)

N = 2.07 in. (minimum permissible value of C)

=0.75 Fy

== (0.75) (36,000)
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. 40,000 ,
Area required == 350° = 160 sq in.

160 ,
B= > 13.33 in.

Try 12 K 14in. R

n= 7.00 — 154 = 5.69 in.

40,000
F, — 2X14 238 psi

t= 3F yn? _ (3) (238) (5.69)?

F, 27,000

== 0.926 in.

Use 12K 1X 14i0.R

On some occasions the beam flanges alone probably provide sufficient

bearing area, but bearing plates may be used anyway as they may be

useful in erection and they insure an even bearing surface for the beam.

They can be placed separately from the beams and carefully leveled to

the proper elevations. When the ends of steel beams are enclosed by

the concrete or masonry walls it is considered desirable to use some type

of wall anchor to prevent the beam from moving longitudinally with

respect to the wall. The usual anchor consists of a bent steel bar pass-

ing through the web of the beam and running parallel to the wall. These

are called government anchors and details of their sizes are given in

the Steel Handbook. Occasionally clip angles attached to the web are

used instead of government anchors. Should longitudinal loads of con-

siderable size’ be anticipated, regular vertical anchor’ bolts may be used

at the beam ends.

PROBLEMS

7-1. An 18 W 45 has a maximum end shear of 35 k. Calculate the average

unit shearing stress in the section (using the total depth of the section) and

the actual maximum shearing stress.

7-2. Using the AISC Specification and A36 steel determine the maximum

uniform load which can be placed on a 16W 36 for a span of 6 ft 0 in. The

beam is simply supported and has full lateral support.

7-3. A 16W 40 consisting of A36 steel is used as a simple beam for a span

of 10 ft. Using the AISC Specification determine the maximum uniform load

in k/ft which the beam can support if it has full lateral support.

7-4. Repeat Prob. 7-3 using an 18 W 50.

7-5. Repeat Prob. 7-3 using A242 steel.
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7-6. A 36W 230 is required for a certain beam but, due to a strike in the

steel mills, cannot be obtained in time; however, an extra 36 W 150 of sufficient
length is available along with a good supply of plates. Select 5 in. cover plates to be
welded to the flanges of the 36W 150 to provide a satisfactory substitute for
the original beam. Use A36 steel and the AISC Specification assuming full

lateral support.

7-7. Repeat Prob. 7-6 if the original beam was to consist of A36 steel and

the substitute material consists of A7 steel. Select 34 in. plates.
7-8. Design a beam of A36 steel with a depth no greater than 10.00 in. to

support a uniform load of 6 k/ft for an 18-ft simple span. Full lateral support

is assumed to be present and the AISC Specification is to be used.

7-9. A 15-ft simply supported beam with full lateral support is to support

a 2 k/ft uniform load for its entire span and a 60 k concentrated load at the

centerline. Using A386 steel and the AISC Specification select the lightest W

shape. Check the shearing stresses by the average method for full beam depth,

and determine the minimum bearing length at the beam end from the standpoint

of web crippling. Also determine the minimum bearing width of the concen-

trated load for web crippling.

7-10. Repeat Prob. 7-9 assuming lateral support is provided at the beam

ends only.

7-11. Select a beam for an 18 ft simple span to support a 3 k/ft uniform

live load. The beam may not have a live load deflection greater than 4 goo

of the span. Assume an allowable bending stress of 18,000 psi.

20k 20k

3k/ft

7 to 7

1 —er— 10 10' _
. 30 a

Pros. 7-12

7-12. Select the lightest W section (A36 steel) which can support the loads

shown in the accompanying illustration so the deflection will not exceed 44 299

of the span. Use the AISC Specification and assume full lateral support.

_ —30' ol. 30° —+
Pros. 7-13

7-13. The continuous beam shown in the accompanying illustrations is as-

sumed to have full lateral support and may not be allowed to deflect more than
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Y, 500 Of the individual spans. Select the lightest W which will do the job

using A36 steel and the AISC Specification.

7-14. The beam shown in the accompanying illustration 1s assumed to have

full lateral support. Select the most economical W shape, using A36 steel and

the AISC Specification, which will not deflect more than \ 599 of the span

length.

24k 24k

i

24' ——_——_-

Pros. 7-14

7-15. A timber beam with the actual dimensions 4 X 10 in. is inclined 30°

with the vertical and is subjected to gravity loads passing through the center

of gravity of its cross section. If a maximum total bending moment of 10 ft-k

is produced determine the maximum stress at each corner of the beam. (For

lumber the term actual size refers to the size of the dressed lumber while the term

nominal size is the name given to the section and equals the rough green size.

For instance a piece of lumber with 2 X 4 in. nominal dimensions has 154

35% in. actual dimensions.)

7-16. An 18 W 50 serves as a 15-ft simple beam supporting a uniform load

of 4 k/ft. Compute the maximum tensile and compressive stresses in the beam

if the beam is inclined with a slope of 4 vertically to 1 horizontally.

7-17. Locate the shear center of the channel shown in the accompanying

illustration.

0.25° >|

0.25"

Pe
Pros. 7-17

7-18. Find the shear center for the section shown in the accompanying

illustration.

7-19. Select a W section to serve as a purlin between roof trusses 20 ft on

centers. The roof is assumed to support a dead load of 18 psf of roof surface



Design of Beams (Continued) 137

f

po 3"

3

i
>} 0,3" 6"

3
-
a
Pros. 7-18

12"

and a snow load of 20 psf of horizontal roof surface projection. The slope of the

roof truss 1s 1 vertically to 2 horizontally and the purlins are to be spaced 12 ft

on centers. Use A36 steel and the AISC Specification assuming full lateral

support. Sag rods are assumed to be placed half way between trusses.

7-20. Repeat Prob. 7-19 assuming lateral support at beam ends only.

7-21. An opening of 11 ft 0 in. is formed by a doorway in a 12-in. brick wall

weighing 120 Ib/cu ft. Design a lintel using the AISC Specification and A36 steel.

7-22. Select a structural tee and an angle to form a lintel for a 12-in. brick

wall (120 lb/cu ft) over a 15 ft 0 in. opening using A36 steel and the AISC Spec-

ification. The parts should be selected so their deflections will be approximately

equal.

7-23. Using the AISC Specification design a steel bearing plate of A36 steel

for a 24W 76 with an end reaction of 35 k. The beam bears on a masonry

wall having an allowable bearing of 250 psi. In a direction perpendicular tu the

wall the bearing plate may not be longer than 8 in.

7-24. Design a stcel bearing plate of A36 steel for a 27 W 94 section sup-

ported by a concrete wall. The allowable bearing on the concrete is assumed

to be 750 psi and the maximum beam reaction is 80 k. Use the AISC Specifica-

tion and assume athe width of the plate perpendicular to the wall may not

exceed 6 in.



chapter 8

Bending and Azial Stress

8-1. OCCURRENCE

Structural members which are subjected to a combination of bending

and axial stress are far more common than the student may realize.

This section is devoted to listing a few of the more obvious cases. Col-

umns which are part of a steel building frame must nearly always resist

sizable bending moments in addition to the usual compressive loads. It

is almost impossible to erect and center loads exactly on columns even

in a testing lab and in an actual building the student can see that it is

even more impossible. Even if building loads could be perfectly centered

at one time they would not stay in one place. Furthermore, columns may

be initially crooked or have other flaws with the result that lateral bend-

ing is produced. The beams framing into columns are quite commonly

supported with framing angles or brackets on the sides of the columns.

These eccentrically applied loads produce moments. Wind and other

lateral loads cause columns to bend laterally, and the columns in rigid

frame buildings are subjected to moments even when the frame is sup-

porting gravity loads alone. The members of bridge portals must resist

combined stresses as do building columns. Among the causes are heavy

lateral wind loads, vertical traffic loads whether symmetrical or not, and

the centrifugal effect of traffic on curved bridges.

The previous experience of the student has probably been to assume

truss members axially loaded only. Purlins for roof trusses, however,

are frequently placed in between truss joints, causing the top chords to

bend. Similarly the bottom chords may be bent by the hanging of light

fixtures, ductwork, and other items between the truss joints. All hori-

zontal and inclined truss members have moments caused by their own

weights, while all truss members whether vertical or not are subjected to

secondary bending stresses. Secondary stresses are developed because

the members are not connected with frictionless pins as assumed in the

usual analysis, the member centers of gravities or those of their con-

nectors do not exactly coincide at the joints, etc.

138
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Moments in tension members are not as serious as those in compres-

sion members because tension tends to reduce lateral deflections while

compression increases them. Increased lateral deflection in turn results in

larger moments, which result in larger lateral deflections, cte It is hoped

that members in such situations are quite stiff so as to keep the additional

lateral deflections from becoming excessive.

8-2. CALCULATION OF STRESSES

Sometinies members are encountered which have as their most im-

portant loadings transverse bending moments but which are also subjected

to axial loads. However, this is not nearly as common a situation as

where the major loading is axial with some transverse bending occurring

at the same time. The name beam-column is often given to members

which have appreciable amounts of both axial compression and bending

stresses. The stresses in members subjected to a combination of axial

load and bending are difficult to obtain exactly and the stresses calculated

in this chapter are truly approximate.

The stress at any point in a member subject to bending and direct

stress is usually obtained from the familiar expression to follow. (This

expression is said to be approximate because it does not include the effect
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of increased lateral deflections caused by moments and their subsequent
effect on the moments and thus the stresses. )

Frequently bending occurs about some axis other than the z or y

axis; that is, it occurs about both axes simultaneously. The corner col-

umns of buildings may fall into this class. Stresses for members sub-

jected to axial loads and bending about both axes are usually determined

by the following expression:

Py My Ms
f=" +777

Example 8-1 shows the calculations involved in computing the total

stress in a member of a bridge truss due to its computed axial stress plus

the flexure stress caused by its own weight. The calculations here are

quite straightforward, but a few comments will probably be of value.

First, it will be noted that although this is a riveted member the gross

area of the section is used, because the rivet holes are at the ends of

the member while the maximum bending is assumed to occur at the

centerline. Secondly, the flexure stresses due to the weight of the mem-

ber in this example are not very large, and as a matter of fact they are

not very large in the average truss member. As truss members become

unusually long and heavy the moments due to their own weights may be-

come of appreciable magnitude.

The engineers who prepare the usual specifications used for the

design of truss members have reduced the allowable axial stresses by

approximately one-fourth to take into account the so-called secondary

stresses. A similar discussion can be made for the magnitude of column

flexure stresses due to column imperfections. slightly off-centered loads,

and moments due to lateral deflections. This discussion shows that if the

engineer went overboard theoretically, he would design all members,

whether columns or beams or truss members, for axial load and bending.

It is probable, however, that the decreased allowable stresses provide a

sufficient margin to cover the usual case of off-center loads or otherwise

imperfect columns and secondary truss member stresses. Unless the situ-

ation is severe the designer will probably not include the moments in his

design. Specifications rarely mention the matter and it is up to the

individual designer to use his own judgment. This discussion is not in-

tended to apply to truss members which have transverse loads applied to

them between the truss joints nor to columns which have appreciable

moments applied as a part of a rigid frame structure.
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ExaMPLe 8-1. A bottom chord of a riveted bridge truss is 22 ft long, has a

maximum tensile stress of 310 k, and is made up of 4 &s, 6 K 4 X& 4, arranged

as shown in Fig. 8-1. Determine the maximum stress in the member due to the-

axial tension load plus the flexure, stress due to the member’s own weight.

— —

4as 6xX4Xx$

|
—_jJ L_

LL L

Fia. 8-1

Solution: (A gross = 19 8q in., J, = 43.8 in‘)

19
Weight of Xs = iad 490 = 648 lb/ft

2 2

M = WE. (848) (22) 3 900 fet
8 8

__P M, __ 310,000 (12) (3,920) (4.00)

f=4qtryR 49 Tt 88
f = 16,300 + 4,290 = 20,590 psi

Percent stress due to member’s weight = 4,200 == 20.8 percent
ee ° Bm = 30,500!

8-3. SPECIFICATIONS FOR COMBINED STRESSES

The preceding paragraphs have shown how stresses due to flexure and

axial load can be combined. As a matter of fact the calculations were

quite simple, but the problems of establishing an allowable combined

stress is a much more difficult problem. There are allowable stresses for

pure bending and other allowable stresses for pure axial loads, but the

two values given in one specification are probably appreciably different.

What is the value to be used when the two types of stresses occur simul-

taneously? The conservative AREA says that the combination of the

two may not exceed the value given for axial stress only. Other organi-

zations use an allowable stress which is some combination of the two

individual allowables. Expressions of this type are referred to as inter-

action equations. One interaction equation used by many specifications

is as follows:

fo fr
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In this expression fa is the axial stress (P/A), F, is the allowable

stress if only axial stresses occurred, f, is the flexure stress (Mc/I), and

F, is the allowable flexure stress if only bending stresses were present.

For many years the AISC also used this expression for members subjected

to a combination of the two types of stresses. Today the AISC permits

its use only for certain conditions (to be described later in this chapter).

This expression might be thought of as a percentage formula. For in-

stance, if 60% of the allowable axial stress is used up by f,/F¢, only

40 percent of the allowable flexture stress remains for the Mc/I stress.

This expression has the affect of giving an allowable combined stress

which will fall proportionately between the allowable individual values

as each type of stress is to its allowable value. When the flexure stress

is large with respect to the axial stress, the allowable combined stress will

approach very nearly the allowable flexure stress. Similarly, when the

axial stress is large in comparison to the flexure stress the allowable

combined stress will be close to the allowable axial stress. Example 8-2

presents an illustration of the combination of the two types of stresses

according to this commonly used expression.

Should bending occur about both axes, the following expression is

used to consider the combined stress situation:

fo b+(F), +(#). <10
b

EXAMPLE 8-2. A ‘owe49 (A = 14.40 sq in., d = 10.00 in., J, = 272.9 in4,
r = 2.54 in.) is subjected to a moment of 40 ft-k and an axial compressive load of
100 k. The member is 15 ft long and has an allowable bending stress of 18 ksi

and an allowable axial compressive stress to be determined from the formula

P/A = 15,000 — ¥, (I/r)?. Is the member overstressed according to the

fo/Fa + fo/Fo 1 expression?

Solution:

he = == 6.94 ksi

F, = 15,000 — Z (AB) == 13.75 ksi

f= BX OX 5 gs

F, = 18 ksi

8-4. DESIGN FOR AXIAL COMPRESSION AND BENDING

When the average designer is faced with the problem of selecting a

member to resist combined stresses, he will probably estimate the size
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member required, after which he will check its combined stress in ac-

cordance with the requirements of the specification being used. Example

8-3 illustrates the design of a member of this type. To arrive at the

assumed section in this example it was assumed that roughly one half

of each allowable stress (F, and F,) was caused by the loads. The re-

sulting axial stress value was divided into the total axial load to estimate

the cross-sectional area required, and the flexure stress value was divided

into the bending moment to estimate the required section modulus. A

section was selected which had these proportions. Although the section

selected by the method was satisfactory in this example it is usually neces-

sary to make another trial or two to obtain an economical solution. The

division of stresses was purely an estimate and some other division might

be better. For instance if the axial load seems quite large in proportion

to the bending moment, the designer might decide to estimate that 75 per-

cent of the axial stress allowable is used and 25 percent of the bending

stress allowable; or some other division.

ExaMPLe 8-3. Select a 10 W column to support an axial load of 120 k

and a bending moment of 50 ft-k. The member has an unsupported length of

18 ft, has an allowable flexure stress of 18 ksi, and an allowable compressive stress

of P/A = 15,000 — ¥% (l/r)?. The f,/F, + f,/F, S 1.0 expression is to be

used in the design.

Solution: Estimated axial stress == 7 ksi

120
A eq, == —g— = 17.289 in.

Estimated flexure stress = 9 ksi

S req. =X" == 66.7 in

Try 10 W 60 (A = 17.66 sq in., S, = 67.1, r == 2.57)

120,000 _ ;
te = 1766 = 6,800 psi

. 1/12 18\2 __ |F, = 15,000 — Z “a } == 13,230 psi

__ (12) (50,000) __ ,

fy =——er = 8940 pat

F, = 18,000 psi

fa , fo _ 6,800 ,° 8,940

F, + F, 13,230 + 18,000

= 0.513 + 0.496 = 1.009 (slightly overstressed) (OK)
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8-5. AISC REQUIREMENTS

For many years the AISC used the previously discussed {./F, ++

f./F, < 1.0 formula, but today they permit its use only under certain

conditions. The present expressions are more conservative than the older

expressions because a factor has been introduced in the equations to esti-

mate the effect of additional moments caused by lateral displacements.

As previously indicated a member subjected to a moment deflects laterally

and an additional moment equal to the axial load times the lateral de-

flection is developed.

The present AISC Specification says that members subjected to

a combination of axial compression and flexure stress must be proportioned

to meet the requirements of both of the following expressions:

To Cmfo <F +- a f/F)F, = 1.0 (AISC Formula 7a)

and, applicable only at braced points,

fo the0.6 F, + F, > 1.0 (AISC Formula 7b)

In these expressions f,, f,, Fa, and F, are the same values which have

been previously defined. Fis the Euler stress divided by a safety factor.

Its value is given by the expression to follow in which L is the actual

unsupported length in the plane of bending, 7, is the corresponding radius

of gyration, and K is the effective length factor in the plane of bending.

149,000,000

(KL/r,)*

The value of FZ can be increased by one-third for wind and seismic

stresses according to the AISC Specification provided the section used

is not overstressed (not counting the one-third increase) for the design

dead, live and impact loads. In the first of the two AISC expressions

1 — fa/F~¢ is the amplification factor which has as its purpose the estima-

tion of the increased moments caused by lateral deflection. The ampli-

fication factor is in the direction of greater conservatism as compared to

the old fo/F. + f./F, expression. In fact for some conditions (depending

on the actual slenderness ratios, axial loads, and moments involved) it

is too conservative; and the formula has a modification or reduction factor

to keep the estimated moments due to deflection from being too large.

For determining the value of the modification factor, Cm, Table

C1.6.1.1. from the AISC Specification is reproduced as Table 8-1 in this

|

1For development of these formulas the student is referred to pages 364-369

in Structural Steel Design written by Beedle et al. (The Ronald Press Company,

New York, 1964).
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TABLE 8-1

Cate- Loading

gory Conditions fy Ce. Remarks

Computed moments pe M,
maximum at end; Ay ;

av

no transverse load-

ing; joint transla-

A tion not prevented Ms 0.85 ly __.|

M. < M2; My positive as
Ms;

shown

Check Formulas (7a) & (7b)

Computed moments M M, M,

maximum at end; (04 May s
B no transverse load- Ms M, ve UE

ing; joint transla- S os) > 04 | b |
tion prevented

Check Formulas (7a) & (7b)

Transverse loading ; M: M, My

joint translation “s- —Sqyetl —
prevented Using | M, |

lp
Formula

(7b)

C M 1+y Check Formulas (7a) & (7b)
3
.

Using
Formula

(7a)

chapter with the permission of the AISC. This table shows the three

separate categories used for determining the value of Cy. The formula

numbers referred to in the table are the numbers given to them in the

AISC Specification. These numbers were shown by the formulas earlier

in this section.

Category A should be self-explanatory but a few notes are given

here pertaining to the other categories. In category B, M,/M, is the ratio.

of the smaller moment to the larger moment at the ends of the unbraced

length. The ratio is positive if the moments cayse the member to bend

in single curvature ( ’) or . ( ) and negative if they bend the

member in reverse curvature ( » 4 or CO, ). It should be obvious
that a member in single curvature has larger lateral deflections than a

similar member bent in reverse curvature. With larger lateral deflections

the moments duc to the axial loads and thus the stresses will be greater.

When a column is bent in single curvature substitution in the AISC

formula will, therefore, give smaller allowable stresses.
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Category C applies to members which are subjected to transverse

loading between the joints and which are braced against joint translation

in the plane of loading. The compression chord of a truss with a purlin

load between its joints is a typical example of this category. The values

of C,, for various cases of category C are shown in Table 8-2. This table

is a reproduction of Table C1.6.1.2 from the AISC Specification.

TABLE 8-2

Case y Cc

- pCO — 03 1—o3 f

Zu. | 04 1 — 044s

~"f - —0.2 1 — 02 Js

ks fe—_ Ye —04 1— 04-—
1 Fe

_.} i _ _ o6 t4— 4— 06 1-064

Most of the members encountered in actual practice which are sub-

ject to appreciable amounts of combined bending and axial stress are parts

of a rigid frame structure, and the other members rigidly connected to the

member in question have some appreciable effect on that member. This

means that to determine the allowable axial stress the effective length

of the member needs to be determined as previously described. From that
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previous discussion it is remembered that if sidesway is possible the effec-

tive length can be greater than the actual length, but if sidesway is pre-

vented as by fairly heavy masonry walls the effective length will be less

than the actual length.

In category A the effective lengths of the members are used in

calculating F, and it can never be less than the unbraccd length and

may even be greater. The effective length in the direction of bending

is used in calculating F~. For the moment computations the actual un-

braced length is used. In category B the columns have no sidesway nor

transverse loading and the effective length is used for calculating Fo.

It cannot be greater than the unbraced length and may be less. Again

the effective length in the direction of bending is used in calculat-

ing F%. For the moment calculations the actual unbraced length is used.

In category C the actual length of the members is used for all calculations

or K = 1.0.

Examples 8-4 and 8-5 illustrate the design of members subjected to

combined bending and axial stress in accordance with the AISC Specifica-

tion.” It will be noted in these examples that f, is the bending stress at

the point of the member being considered. When there are no transverse

loads the stress will be computed for the largest of the moments at the

ends of the unbraced length. When a transverse load is applied the

largest moment between the points of lateral support is used to compute

f. for substitution in the first of the two AISC expressions. For substitu-

tion in the second expression the largest moment at either of the supported

points is used.

The joints of a truss are restrained from translation. For this reason

it might seem reasonable to use an effective length for the compression

members of a truss somewhat less than the actual lengths. The AISC,

however, suggests that the use of K = 1.0 is wise when the ultimate load

situation is considered. Should all of the members of a truss reach their

ultimate load capacity at the same time the restraints against translation

mentioned would be drastically reduced or eliminated.*

Should bending occur about both axes, the second term of AISC

Formula (7a) may be written as follows:

Caf — C me +- Fy, + Cmy + hoy

(1 — fe/Fe) Fo = (1 — fa/ Foo) Foo © (1 — fo/Fey) Foy

It should also be noted that if f./F, is less than 0.15 the AISC says

that the member shall be able to satisfy the f,/F, + fr/F» S 1.0 expres-

ston and it is unnecessary to apply the other expressions.

*For a practical design incthod for such members the student is referred to page
3~10 of the sixth edition of the Steel Handbook.

3’“Commentary on AISC Specification,” Manual of Steel Construction (New
York: American Institute of Steel Construction, Inc., 1963) p. 5-119.
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Us

~~

=

<?—_—___
FB © 6 @ 12'=72' ,

(a)

1

Oe “Tes "Lo \ th© 2

125k \

(b)

Fia. 8-2

EXAMPLE 8-4. For the truss shown in Fig. 8-2 (a) an 8W 31 is used as a

continuous top chord member from joint Z, to joint U;. If the member consists

of A36 steel, does it have sufficient strength to resist the loads shown in part (b)

of the figure using the AISC Specification? Part (6) shows the portion of the

chord from L, to U/, and the 10 k load represents the effect of a purlin.

Solution:

Try 8W 31 (A = 9.12 sq in., d = 8.00 in., b = 8.00 in., ¢, = 0.433 in.,

S, = 27.4, rg = 3.47, ry = 2.01,— — 231)
I

125

ha = 9.12
Assuming that the member is fixed at L, and U, for the purpose of estimating

moment:

== 13.7 ksi

PI (10) (13)
SS ——_—S- =z 2M = 5 16.25 ft k

12 X 16.25 .

Lateral support is provided at 13-ft intervals. Is this sufficient to permit

F b— 0.66 F yi

13 K b, = (13) (8) = 104 in. or 8.67 ft < 13 ft (No)

12,000,000 ; ,
PF, = i213 X 231 33.3 ksi > 0.6 F, (use 22 ksi)

Fi =. 149,000,000 == 73.9 ksi (can be looked up in Steel Handbook)
eT] (1.0) (12 X 13)2

(3.47)
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The member falls into category C:

ana fa 13.7
C,, = 1 —.06 pr = 1 — 08 aq = 0.880

Determining allowable value of F,:

KL _(10) (12) (13)

r——Ssé««D

F,, = 15.61 ksi (from Steel Handbook)

= 777

Substituting into AISC expressions:

fa Cabo _ 137 (0.889) (7.1)
Fe + U—fe/F) PF, ~ i561 + (1 — 137/730) (By) PB >! (NG)

te fy _ 18.7 7.1

06 F, TF, = "9g tb gg 08 <1
Section is unsatisfactory.

k

WN220 ft-k 7
14- Q”

200 ft-k

“T~

t500%
Fia. 8-3

EXAMPLE 8-5. Select a 14 W to resist the loads and moments shown in

Fig. 8-3 if A36 steel and the AISC Specification are to be used. In the plane

of loading there is no bracing and the column is subject to sidesway but has no

transverse loading. An analysis of effective lengths has resulted in K, = 1.92.

In the perpendicular plane there is bracing and K, has been estimated to equal

0.80.

Solution:

Try 14W 158 (A = 46.47,'6, = 15.55, S, == 253.4, r, == 6.40, r, = 4.00)

500 .

fy = (12) (220)
3534. 10.42 ksi
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K,L, _ (1.92) (12) (14)

rT 6.40 = 50.3
K,L, _ __ (0 80) (12) (14) _ 336

Ty 4.00

F, = 18.32 ksi

136, = 18) 1555) __ este > iat
12

Therefore,

F, = 0.66 F, = 24 ksi

and

» 149,000,000 _ .

N= TeX 12 K Ae 8
6.40

Member falls into category A, therefore

Cm = 0.85

Substituting into AISC expression:

fe 4 Crt __ 10.78 (0.85) (10.42)
F, | d—{f,/F) Fy, 18.82 +a (1 — 10.78/58.9) 24

fe f, 10.78 , 10.42
—ae eee ——

O6F, °F, 22 +34

Section is unsatisfactory

= 1.041 > 10 (N.G.)

— 0.924 < 10

8-6. COMBINED AXIAL TENSION AND BENDING

The foregoing paragraphs and example problems have all pertained

to members subjected to a combination of axial compression and bending.

A less critical case but one which can occasionally be quite important

occurs when a member is subjected to simultancous axial tension and

bending. This subject has previously been considered in Sec. 3-5. Vari-

ous specifications have different design requirements. For instance the

AREA, whether for combined axial compression and bending or axial

tension and bending, savs the combination may not exceed the allowable

axial value (compression or tension as the case might be).

The AISC requires a member subject to a combination of axial

tension and bending to satisfy the expression which follows. In this

expression f, is the maximum tensile bending stress and F, is the allow-

able bending tensile stress.

fey he <
o6F,+F, ~\°



Bending and Axial Stress 151
f

An additional requirement is that f,, the computed axial tensile

stress, may not exceed the allowable tension value for an axially loaded

member.

8-7. EFFECTIVE LENGTHS OF COLUMNS IN FRAMES SUBJECT

TO SIDESWAY

The subject of effective lengths was previously discussed in Chaps. 4

and 5. In fact Table 5-1 was presented to provide suggested effective

lengths for columns with different degrees of end restraint. It is to be

remembered that this table was developed for certain idealized conditions

which might be quite different from practical design conditions.

In the large majority of existing buildings it is probable that the

masonry walls provide sufficient lateral support to prevent sidesway.

Many modern buildings, however, are subject to sidesway. When light

curtain walls are used, as they often are in modern buildings, there is

probably little resistance to sidesway. Sidesway is also present in tall

buildings in appreciable amounts unless a definite diagonal bracing system

is used. For these cases it seems logical to assume that resistance to

sidesway is primarily provided by the lateral] stiffness of the frame alone.

Perhaps a few explanatory remarks should be made at this point

concerning the definition of sidesway as it pertains to effective lengths.

In this discussion sidesway refers to a sidesway type of buckling. This

not only includes sidesway as used in the analysis of indeterminate

frames (where the frames deficct laterally due to the presence of lateral

loads or unsymmetrical vertical loads) but also to columns whose ends

could move transversely if the columns were loaded until buckling oc-

curred.

For structures with sidesway the designer may make his own mathe-

matical analysis of the structure to determine its effective length (al-

though too lengthy to be practical for the average designer and design

problem); he may on the basis of his judgment of the particular condi-

tions interpolate between the valucs given in Table 5-1; or he may obtain

effective lengths from the chart in the Stcel Handbook entitled “Align-

ment Chart for Effective Lengths of Columns in Continuous Frames.”

This chart is reproduced in Fig. 8-4 with the permission of the AISC.

The alignment chart is to be used to estimate the effective lengths of

columns in frames where resistance to lateral movement is provided by

the stiffness of the members of the frames. To use the chart it is neces-

sary to obtain the sizes of the girders and columns framing into the

column in question before its effective length can be determined. In other

words, before the chart can be used a trial design has to be made of each

of the members.
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Ga K Ge
© The subscripts A and B refer to

© 200 — the joints at the two ends ds of the
. column section being considered.

100.0 + 10. - 1000 G is defined as
SO On I 50 E 300 Te

T Le20.0- tT 40 - 20.0 G- si
— > P >.

Lo

10.0- + 3.0 - 10.0 in which Z indicates a aummation
0 + = 30 of all members rigidly connected
0 7 4 a 70 to that joint and lying in the plane
. . in which buckling of the column

60- — 60 is being considered, Ic is the
= — 5Q ‘moment of inertia and Lr the

5.0 7 . uneupported prnsth of a column
Ch — G0 jon, and Ig ia the moment of

4.0- + 2.0 LL inertia and Lg the unsupported
30 ‘ ‘ 30 lengtts of a girder or other re-
O- — 3: straining member. [fe and /

L are taken about axes perpend icular
“ T to une apyane of buckling being

Le considered.
2.0- Il is 2.0 5 For column ends supported

- =, L y but not rigidly connected to a

“ ] footing or foundation, CG ia

r theoretically infinity, but, unless

io ] L 1.0 actually designed as a true fric-
J - tion free pin, may be taken as

J 1 *10" for practical designs. If

P r the column end is rigidly attached
e ] > to a properly designed footing,

“ f > G may be taken as 1.0. Smaller
o- _ me) - O values may be used if justified by

analysis.

Sidesway Uninhibited

Fia. 8-4. Alignment chart for effective length of columns in continu-

ous frames.

The effective lengths o: each of the columns of a frame are estimated

with the alignment chart in Example 8-6. (When sidesway is possible

it will be found that the effective lengths are always greater than the

actual lengths as is illustrated in this example. When frames are braced

in such a manner that sidesway is not possible K will be less than 1.0.)

An initial design has provided preliminary sizes for each of the members

in the frame of Example 8-6. After the effective lengths are determined

each column can be redesigned. Should the sizes change appreciably,

new effective lengths can be determined, the column designs repeated, etc.

Several tables are used in the solution of this example. These should be

self-explanatory after the clear directions given by the AISC on the

alignment chart are examined.

For most buildings the values of K, and Ky, should be examined

separately. The reason for such individual study lies in the different

possible framing conditions in the two directions. Many multistory

frames consist of rigid frames in one direction and conventionally con-

nected frames with sway bracing in the other. In addition the points of
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lateral support may often be entirely different in the two planes. An

examination of Example 8-5 will show that it is highly possible for the

column action to be governed by K, and for K, to govern F%.

16 W 36 fF 16 W 58 L

© gg
4 4 10' Q"

ce cw18 W 50 18W 96 |
7 H

WwpF 28 > ew Oo S t+YV 8 W 40N Tr
20- 0-

Fia. 8-5

EXAMPLE 8-6. Determine the effective lengths of each of the columns of the

frame shown in Fig. 8-5 using the AISC alignment chart given in Fig. 8-4. The

tentative sizes of each member are given in the figure.

Solution: Stiffness factors:

Member Shape I L I/L

AB 8 W 24 82.5 144 0.572

BC 8 Ww 24 82.5 120 0.687

DE 8 W 40 1463 144 1.015

EF 8 W 40 1463 120 1.220

GH 8 W 24 82.5 144 0.572
HI * 8 W 24 82.5 120 0.687
BE ‘| 18W50 800.6 240 3.34

CF 16 W 36 4463 240 1.86
FH 18 W 96 1,674.7 360 4.65
FI 16 W 58 746.4 360 2.07

G factors for each joint:
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Joint S (1,/L,)/E (,/L,) G

A See Fig. 8-4 10.0

B 0572 + Ossi 0377

C = 0.360

See Fig. 8-4 1.0

a om
tie too O31

G See Fig. 8-4 10.0

H le 0271

I po 0.331

Column K factors from chart:

Column G Values at Column Ends K

AB 10.0 0.377 1.72

BC 0.377 0.369 1.12

DE 1.0 0.280 1.20

EF 0.280 0311 1.10

GH 10.0 0.271 1.72

Hl 0.271 0.331 1.10

PROBLEMS

8-1. Determine the maximum stresses in the compression chord of a roof

truss caused by its own weight. The member is 24 ft 0 in. long and consists of

two 12 [s 20.7 with a top cover plate 12 % 1% in. Assume the lacing and tie

plates weigh 200 lb.

8-2. The top chord of a roof truss is shown in the accompanying illustration.

Determine the maximum stresses at the extreme fibers of this member if it is

subjected to a moment of 50 {t-k and an axial compression of 400 k.

6-3. A column has a laterally unsupported length of 18 ft, an axial com-

pression of 120 k and a bending moment of 40 ft-k. Select a W section for

this member using the following interaction formula and allowable stress values:
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F, = 15,000 — \ (L/r)?

F,, = 18,000 psi

fo/Fa t+ fo/Fy S10

7% 20xl

Pros. 8-2

8-4. A 12-ft column in a rigid frame building is subjected to an axial load

of 300 k and to a moment of 80 ft-k. Using the interaction formula and the

allowable stresses of Example 8-3 select a W shape.

Load

Xx é x

<|— 3" _.

Pros. 8-5

8-5. The column shown in the accompanying ilustration is to be designed

to support an eccentric load of 120 k, located as shown in the figure. Select the

lightest. available W section using the design information of Prob. 8-3. L = 18 ft.

Load

6_ = +

Pros. 8-6
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8-6. Same question as for Prob. 8-5 except the load is 100 k and is applied

as shown in the accompanying illustration.

8-7. A column has a laterally unsupported length of 18 ft, an axial compres-

sion of 300 k and a bending moment of 60 ft-k. Using the design formulas given

in Prob. 8-3 select the most econcmical W section.

8-8. A column with an unsupported length of 28 ft must support an axial

compressive load of 65 k and a moment of 60 ft-k. Select a W using the

design formulas of Prob. 8-3.

8-9. Repeat Prob. 8-7 using the AISC Specification and A36 steel. The

column is assumed to be pinned at both ends, to have no sidesway, and to have

no transverse loading applied. The moments are maximum at the column ends

and tend to bend the column in reverse curvature.

8-10. Repeat Prob. 8-8 using the AISC Specification and A36 steel. The

member is fixed at its ends and has no sidesway or transverse loading. The

moments are maximum at the column ends and tend to bend the column in

single curvature.

8-11. Repeat Prob. 8-6 for the same conditions described in Prob. 8-10.

8-12. A 16-ft pinned-end column is subjected to a moment of 100 ft-k at

one end and 120 ft-k at the other end such that it is bent in single curvature.

There are no transverse loads, no sidesway, and joint translation is prevented.

If the axial load is 150 k, select a W section using the AISC Specification and

A36 steel.

8-13. Using the AISC Specification and A36 steel select a structural tee for

a 10 ft horizontal truss member with a 65 k axial compression load and a trans-

verse uniform load of 75 lb/ft. The ends of the member are assumed to be

pinned and joint translation is prevented.

8-14. Repeat Prob. 8-13 if the member ends are assumed to be fixed.

8-15. Repeat Prob. 8-13 if one member end is assumed to be fixed and the

other pinned.

8-16. For the frame shown in the accompanying illustration select tentative

beam and column sizes assuming moments at beam ends of wi?/10 and the same

7 4 Concrete Slab

10-0"
Frames "18-0" oc 6 Concrete Slab 4

12-0"

On 4!
ag gt

Pros. 8-16
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values in the columns. Use the AISC Specification and A386 steel. The roof is

to be designed to support a built-up roof weighing 6 psf plus a live load of 30 pst

and the interior floor slab is to, support a live load of 125 psf. Using the member

sizes selected determine the column K values from the chart given in Fig. 8-4.

8-17. The frame of Prob. 8-16 is to be designed as a rigid frame structure.

Use the tentative member sizes selected and distribute the moments. Select new

member sizes using the K values determined in Prob. 8-16 in the column design.

Determine the new column K values with the AISC chart.



chapter 9

Riwweted Connections

9-1. GENERAL

For many years the accepted method of connecting the members of

a steel structure was by riveting. In recent years, however, the use of

rivets has declined rapidly due to the tremendous upsurge of welding

and more recently high-strength bolting. This chapter is devoted entirely

to a discussion of riveted connections while Chaps. 10 and 11 are devoted

to welded and bolted conncctions respectively. Standard types of con-

nections with rivets, bolts, or welds are discussed in Chap. 12.

The rivets used in construction work are usually made of a soft

grade of steel which will not become brittle when heated and hammered

with a riveting gun to form the head. The usual rivet consists of a

cylindrical shank of steel with a rounded head on one end. It is heated

in the field to a cherry-red color, inserted in the hole, and a head is

formed on the other end probably with a portable rivet gun operated by

compressed air. The rivet gun, which has a depression in its head to

give the rivct head the proper shape, applies a rapid succession of blows

to the rivet.

For riveting done in the shop the rivets are probably heated to a

light cherry-red color and driven with a pressure type riveter. This

type of riveter, usually called a “bull” riveter, squeezes the rivet with a

pressure of perhaps as high as 50 to 80 tons and drives the rivet with one

stroke. Because of this great pressure the rivet in its soft state is forced

to fill the hole very satisfactorily. This type of riveting is much to be

preferred over that done with the pneumatic hammer but no greater

allowable stresses are allowed by riveting specificaticns. The bull riveters

are built for much faster operation than are the portable hand riveters

but the latter riveters are nceded for places which are not easily accessible

(1.c., field erection).

As the rivet cools it shrinks or contracts and squeezes together the

parts being connected. The squeezing effect actually causes some transfer

of stress between the parts being connected to take place by friction.

158
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Handling hot rivets, Chicago, Ill. (Inland Steel Com-

pany).

The amount of friction is not dependable, however, and the specifications

do not permit its inclusion in the strength of a connection. Rivets shrink

diametrically as well as lengthwise and actually become somewhat smaller

than the holes which they are assumed to fill.

Some shop rivets are driven cold with tremendous pressures. Obvi-

ously the cold-driving process works better for the smaller size rivets

probably 34 in. in diameter or less although larger ones have been suc-

cessfully used. Ccold-driven rivets fill the holes better, eliminate the cost

of heating, and are stronger due to the fact that the steel is cold worked.

There is, however, a reduction of clamping force since the rivets do not

shrink after driving.

9-2. INSPECTION OF RIVETS

The use of experienced riveting crews for driving rivets is essential

and even their work must be rigidly inspected. The inspectors should be

sure the rivets are tight, have full-size heads, and are not overburncd.

Should bad rivets be found, they must be cut out. Although the riveting

crews are not too happy about removing rivets, there is probably nothing

which will improve their workmanship as much as the labor of cutting

out a few bad rivets.

When holes for rivets are punched in structural steel, small burs

will often be found on the under side of the holes. If these burs fall

between two pieces to be riveted together, they should be removed.
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Members which are to be riveted need to be drawn up tightly with erec-

tion bolts before the riveting is performed. Where the members are not

drawn closely together before riveting (as may be prevented by the

presence of burs), the rivets may spread out, during driving, in the space

between the members and prevent them from being pulled completely

together.

Rivets must be properly heated and quickly driven before they cool.

If they are driven when too cold (called overdriving) their heads can

be knocked off quite easily. After they cool they should be carefully

checked for tightness. The degree of tightness can be determined by

placing a finger or a coin on one end of the rivet and hitting the other end

with a light hammer. Should a rivet be loose, vibration will be felt. The

sound produced when rivets are hit with a hammer will also tell an ex-

perienced inspector if the rivet is tight. Removal of rivets is rather hard

work and too frequently riveters will check their own work. Upon finding

loose rivets they will calk them with a cold chisel so that the hammer test

by the inspector will not reveal looseness. Calking does not make a bad

rivet good and the inspector needs to be on the lookout for calk marks.

Another item needing close inspection is the amount of burning of

the rivets. Rivets which have been exposed to excessive temperatures or

which have been reheated several times will have their strengths reduced.

There is no doubt that riveting is one of the phases of construction re-

quiring the closest inspection, perhaps requiring the full-time services of

an inspector for as few as two or three riveting crews.

9-3. TYPES OF RIVETS

The sizes of rivets used in ordinary construction work are *4 in. and

% in. in diameter but they can be obtained in standard sizes from 1% in.

to 1% in. in \% in. increments. The smaller sizes are used for small roof

trusses, signs, small towers, etc., while the larger sizes are used for very

large bridges or towers and very tall buildings. The use of more than

one or two sizes of rivets on a single job is usually undesirable because

it is expensive and inconvenient to punch different-size holes in a member

in the shop, and the driving of different-size rivets in the field may be

confusing. Some cases arise where it is absolutely necessary to have

different sizes, as where smaller rivets are needed for keeping the proper

edge distance in certain sections but these situations should be avoided

if possible.

Rivet heads are usually round in shape, called button heads; but

if clearance requirements dictate, the head can be flattened or even

countersunk and chipped flush. These situations are shown in Fig. 9-1.

The countersunk and chipped-flush rivets do not have a head large
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enough to develop full strength and should be discounted 50 percent in

design. A rivet with a flattened head is to be preferred to a countersunk

rivet but if a smooth surface is required the countersunk and chipped-

flush rivet is necessary. This latter type of rivet is appreciably more

expensive than the button head type in addition to being weaker and

should not be used unless absolutely necessary.

Countersunk
_ 

~ and Chipped

y lush
Button Head Flattened (

j Head (

Shank

LL Gnip -— lL Grip —>
Fia. 9-1. Types of rivets.

Various symbols are used on engineering drawings to represent the

various types of rivets. Some of these symbols are shown in Fig. 9-2.

The purpose of this figure is not to give a complete list of rivet symbols

but rather to give an idea of their general appearance.

For a complete list the student can refer to the Steel Handbook. He

should particularly note the distinction between shop and field rivets in

Fig. 9-2. The black circles representing field rivets should not be drawn

with diameters greater than one-half of those of the shop rivets, other-

wise they will stand out so clearly as to be distracting on the drawing.

Shop Field

Description Rivets Rivets

| Button heads, both sides O e

Countersunk and chipped, iY
near side

Countersunk and chipped, @
far side

both sides

Ie

®

Countersunk and chipped,| Rf mi

@Countersunk not over +in high, near side 8 Oo
Fia. 9-2. Rivet symbols.
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The three major ASTM classifications of rivets for structural steel

applications are described in the following paragraphs:

ASTM Specification A141. The A141 rivets are used for most struc-

tural work including the higher strength steels. They have a low carbon

content of about 0.80 percent, are weaker than the ordinary structural

carbon steel and have a higher ductility. The fact that these rivets are

easier to drive than the higher strength rivets is probably the main

reason that they are almost universally used regardless of the strength

of the steel used in the structural members.

ASTM Specification A195. The A195 rivets are high-strength struc-

tural steel rivets which are satisfactory for silicon steels and equivalents.

These rivets have more carbon and are harder than the A141 rivets.

Their higher strength permits the designer to use fewer rivets in a con-

nection and thus sinaller gusset plates. They are considerably more ex-

pensive than the A141 rivets and it might quite possibly be more satis-

factory to use larger A141 rivets after a consideration is made of both

economy and the increased difficulty of driving. Their smaller ductility,

evidenced by the driving difficulty, probably results in decidedly smaller

clamping forces and the higher strength advantage may be largely nulli-

fied.

ASTM Specification A406. The A406 rivets are high-strength rivets

which are satisfactory for use with the higher-strength structural alloy

steels. The allowable stresses as shear, bearing, etc. are the same as

those for the A195 rivets.

9-4. TYPES OF JOINTS

The following paragraphs present a few of the elementary types of

riveted joints subjected to axial forces. Eccentric connections are dis-

cussed in a later section of this chapter.

The Lap Joint. Figure 9-3(a) shows a lap joint in which two members

are simply overlapped and connccted together. The forces in the members

of a lap joint tend to shcar the connecting rivets off on the plane between

the members and bear against the sides of the rivets as shown in the

figure. These rivets are said to be in single shear und bearing (also called

unenclosed bearing). J.ap-joint rivets must have sufficient strength to

satisfactorily resist. these stresses and the members forming the joint

must be strong enough to prevent the rivets from tearing through.

There is an eccentricity of load in the lap joint as the center of

gravity of the stress in one member is not in line with the center of gravity

of stress in the other member. A couple is present which causes an un-

desirable bending in the connection as shown in Fig. 9-3(a). For this

reason the lap joint, which is desirably used only for minor connections,
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Bearing on Rivet

al PP
PP t——f | pence 1
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pe “Single Shear

eh qT } —p
Bending Produced tn a Lap Joint

Lap joint

(a)

P/2—
==> P

P/2

Butt joint

(b)

Fi. 9-3

should be designed with at least two rivets in a line to minimize the possi-

bility of a bending failure.

The Butt Joint. A butt joint is formed when three members are con-

nected as shown in Fig. 9-3(b). In this type of joint the rivets tend to

be sheared off simultaneously on the two planes of contact between the

members. Again the members are bearing against the rivets and the

rivets are said to be in double shear and bearing (also called enclosed

bearing). The butt joint is more desirable than the lap joint for two

main reasons. These are:

1. The members are arranged so that the total shearing force P is

split into two parts, causing the force on each plane to be only about one-

half of what it would be on a single planc if a lap joint were used. From

a shear standpoint, therefore, the load-carrying ability of a group of rivets

in double shear is theoretically twice as great as the same number of

rivets in single shear.

2. A more symmetrical loading condition is provided. (In fact the

butt joint does provide a symmetrical situation if the outside members

are the same thickness and have the same stress values.) The result is a

reduction or elimination of the bending described for a lap joint.

The eccentricity of the lap joint connection causes the stresses to be

unevenly distributed across the contact area between the rivets and the

members being connected. For many years the AISC permitted a smaller
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allowable bearing stress for rivets in single shear than was allowed for

rivets in double shear. In recent years, however, tests have shown that

this distinction is probably unnecessary and today the AISC gives the

same value for both cases.

Double-Plane Connections. The double plane connection is one in

which the rivets are subjected to single shear and bearing but in which

bending moment is prevented. This type of connection, which is shown

for a hanger in Fig. 9-4(a), subjects the rivets to single shear on two

different planes.

P/2 P/2

_{ =>

14]
M- £
o

oh Rivets in multiple shear

| W- Section (b)

Hanger connection

(a)

Kia. 9-4

Miscellaneous. Riveted connections generally consist of lap or butt

joints or some combination of them but there are other cases. For in-

stance there are joints in which more than three members are being con-

nected and the rivets are in multiple shear as shown in Fig. 9-4(b).

Several other types of riveted connections are discussed in this chapter.

These include rivets in tension, rivets in shear and tension, etc.

9-5. FAILURE OF RIVETED JOINTS

Figure 9-5 shows several ways in which failure of riveted joints can

occur. To be able satisfactorily to design riveted joints it is necessary

to understand these possibilities. These are described as follows.

1. The possibility of failure in a lap joint by shearing of the rivet

on the plane between the members (single shear) is shown in part (a).
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Fia. 9-5

2. In part (b) the possibility of a tension failure of one of the plates

through a rivet hole is shown.

3. A possible failure of the rivets and/or plates by bearing between

the two is given in (c).

4. Part (d) shows another possibility in the shearing out of part of

the member.

5. A butt joint is shown in (e) with the possibility of a shear failure

of the rivets along two planes (double shear).

6. Should the rivets be quite long with respect to their diameter they

may fail in bending before they do in shear or bearing. See part (f) of

figure.

9-6. VARIATIONS FROM ACTUAL STRESSES

The usual methods of calculating rivet stresses which are described in

this chapter may result in values which are appreciably different from

the true stresses. Among the several factors which cause these variations

are: friction between the members, bending of the rivets, stress concen-

trations around rivet holes, deformation of members being connected, and

others.

Tests have shown that hot-driven rivets which are properly installed

exert large clamping forces on the members being connected. These

clamping forces multiplied by the proper coefficients of friction produce

considerable friction between the members. Unless the shearing load at
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a particular joint exceeds the frictional resistance, no shear will be

applied to the rivets. Should the shearing load exceed the frictional re-

sistance, a little initial slippage will occur, and the load will be resisted

by a combination of frictional resistance and by the rivets in shear and

bearing.

The amount of clamping force produced by properly driven rivets

has been measured to be around 30,000 psi, which is roughly the elastic

limit of the rivet steel. Almost exactly the same value can be obtained

theorctically by multiplying the cooling in degrees of the rivet times the

modulus of elasticity, with a maximum value approximately equal to the

elastic limit. Assuming a clamping force of 3C900 psi and a coefficient

of friction of about 0.4, a frictional resistance of approximately 12,000 psi

is obtained.

For average-length rivets it is probably permissible to neglect bend-

ing, but for rivets with very long grips it cannot be ignored. The

specifications usually say that if a rivet exceeds a certain length its

allowable load is reduced by a certain amount. For instance, the AISC

requires the number of rivets in a group to be increased by 1 percent for

each 14, in. of grip beyond five diameters.

9-7. SPACING AND EDGE DISTANCES OF RIVETS

Before minimum spacings and edge distances can be discussed it

is necessary for a few terms to be explained. The following definitions

are given for a group of rivets in a connection and are shown in Fig. 9-6.

pT

P- pitch

g ; g = gage _, 4

Fia. 9-6

Pitch is the center-to-center distance of rivets in a direction parallel

to the axis of the member.

Gage is the center-to-center distance of rivet lines perpendicular to

the axis of the member.

The edge distance is the distance from the center of a rivet to the

adjacent edge of a member.
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The distance between rivets or rivet distance is the shortest distance

between rivets on different rivet lines.

Rivets should be placed a sufficient distance apart to permit efficient

installation and to prevent tension failures of the members between rivets.

The AISC permits a minimum pitch of rivets equal to 2%4 times the

nominal rivet diameter with a preferred minimum of three diameters.

On the other hand, it is desirable to place rivets reasonably close together

in a connection to give compact joints and to reduce the amount of gusset-

plate materials used.

Rivet holes should not be placed too near the edges of a member for

two major reasons. The punching of holes too close to the edges may cause

the steel opposite the hole to bulge out or even er: 'k. The second reason

apples to the ends of members where there is a anger of the rivet tearing

through the metal. The usual practice is i Ince rivets a minimum

distance from the edge of plates equal to fir. 1.5 to 2.0 times the rivet

diameter so the metal there will have a she .r ng strength at least equal

to that of the rivets. For more exact infort ation it is necessary to refer

to the specifications being used. The AISC has a set of minimum per-

initted edge distances. The values given dey; end on rivet size, stress con-

ditions, whether material edges arc rolled or sheared, ete. (The distances

required are greater for sheared edges than for the edges of rolled shapes.)

Many specifications give maximum distances which rivets can be

placed from the edge of a connection. The AISC maximum is 12 times

the plate thickness but not to exceed 6 in. If rivets are too far from

the edges openings may develop between the members being connected.

Maximum spacings for rivets may also be given for compression members

so that buckling will not occur between rivets.

The usual location of gage lines are given in the Steel Handbook for

the various steel sections. The designer should place rivets on these

lines whenever possible to facilitate the punching of holes in the shop

and the installation of rivets in shop and field. Holes cannot be punched

very close to the web of a beam or the leg of an angle. They can be

drilled but this rather expensive practice should not be followed unless

there is an unusual situation. Even if the holes are drilled in these

locations there will be considerable difficulty in driving the rivet and

forming the head in the limited space.

9-8. STRENGTH OF RIVETED CONNECTIONS—RIVETS IN SHEAR

The factors determining the strength of a rivet are the rivet diameter

and the thickness and arrangement of the pieces being connected. The

actual distribution of stress around a rivet hole is difficult to determine,

if it ean be determined at all; and to simplify the calculations it 1s as-
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sumed to vary uniformly over a rectangular area equal to the diameter

of the rivet times the thickness of the plate.

The strength of a rivet in bearing equals the allowable bearing unit

stress of the rivet times the diameter of the shank of the rivet times the

thickness of the member which bears on the rivet. The strength of a

rivet in single shear is the allowable shearing unit stress times the cross-

sectional area of the shank of the rivet. Should a rivet be in double

shear its shearing strength is considered to be twice its single-shear value.

No further increase beyond double shear is permitted for those rivets

which are subjected to shearing forces on more than two planes.

The effectiveness of a particular riveted joint is sometimes measured

by the so-called efficiency of the joint. This term is usually defined as

the ratio of the strength of the joint to the strength of the main members.

Examples 9-1 and 9-2 illustrate the simple calculations involved in

determining the strength of riveted connections and the number of rivets

required for a certain loading condition.

EXAMPLE 9-1. Determine the allowable force P which can be applied to the

plates shown in Fig. 9-7. The AISC Specification, A36 steel, and A141 rivets

are used in the connection. (Allowable shear in rivets is 15,000 psi, allowable

bearing in rivets is 48,600 psi, and allowable tension in stcel plates is 22,000 psi.)

_LRwets (40.44 sq in) Sin.ey om
<—— TTT TO

Tl 1 CULO j—e/
NS NST t 1"

2

O°} | I
00

Fia. 9-7

2 <—_—— a
Solution: Rivets are in single shear and bearing:

Allowable shear in rivets = (4) (0.44) (15,000) = 26,400 lb

Allowable bearing in rivets = (4) (3) (5) (48,600) = 72,900 Ib

Allowable tension in steel plates = (10 —2X 3) (22,000) == 90,750 Ib

Maximum permissible load P = 26,400 Ib
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ExaMPLeE 9-2. How many %-in. Al41 rivets are required for the connection

shown in Fig. 9-8 if the plates are made from the A36 steel? Use AISC Speci-

fication.

Solution: Rivets in double shear and bearing on ¥% in.:

Allowable bearing per rivet = (7%) (44) (1.35 & 36,000) = 21,300 Ib

Allowable shear per rivet = (2) (0.6) (15,000) = 18,000 Ib

Number of rivets required = 94,000/18,000 == 5+-

Use six %%-in. rivets

The assumption has been made that the loads applied to a riveted

connection are equally divided between the rivets. For this distribution

to be correct the plates must be perfectly rigid and the rivets perfectly

elastic, but actually the plates being connected are elastic and have

deformations which decidedly affect the rivet stresses. The effect of

these deformations is to cause a very complea distribution of load in the

elastic range. .

Should the plates be assumed to be completely rigid and nondeform-

ing, all rivets would be deformed equally and have equal stresses. This

situation is shown in part (a) of Fig. 9-9. Actually the load resisted by

the rivets of a group are probably never equal (in the elastic range)

when there are more than two rivets in a line. Should the plates be

deformable, the plate stresses and thus the deformations will decrease

from the ends of the connection to the middle as shown in part (b) of

Fig. 9-9. The result is that the highest stressed elements of the top plate

will be over the lowest stressed elements of the lower plate, and vice

versa. The slip will be greatest at the end rivets and smallest at the

middle rivets. The rivets at the ends will then have stresses much greater

than those in the inside rivets.

The greater the spacing of rivets in a connection the greater will be

the variation in rivet stresses due to plate deformation; therefore, the use

of compact joints is very desirable as they will tend to reduce the varia-

tion in rivet stresses. It might be interesting to consider a theoretical

(although not practical) method of roughly equalizing rivet stresses. The

theory would involve the reduction of the thickness of the plate toward



170 Riveted Connections

Bo fe 8

rar ae Par
<q—— { | I LI L | i ttf

LiLijif 1 j=—-_
DU DY NDT NST

(a) Assuming nondeforming plates

e-85 a8,

= -e—8) ss | j-B8.,
<+— | l ll Li'

L | ii , i->

—w |e-8, *. 55

(b) Assuming deformable plates

— nop — wae
UT i—

(c) Stepped joint (impractical)

Fia. 9-9

its end in proportion to the reduced stresses by stepping. This procedure

which is shown in Fig. 9-9(c) would tend to equalize the deformations of

the plate and thus the rivet stresses. A similar procedure would be to

scarf the overlapping plates.

The calculation of the theoretically correct elastic stresses in a

riveted group based on plate deformations is a tedious problem and is

rarely handled in the design office. On the other hand the analysis of a

riveted joint based on the plastic theory is a very simple problem. In this

theory the end rivets are assumed to be stressed to their yield point.

Should the total load on the connection be increased, the end rivets will

deform without resisting additional load, the next rivets in the line will

have their stresses increased until they too are at the yield point, and

so forth. Plastic analysis seems to justify to a certain extent the assump-

tion of rigid plates and equal rivet stresses which is usually made in

design practice. This assumption is used in the example problems of this

chapter.

When there are only a few rivets in a line the plastic theory of equal

stresses scems to be borne out very well but when there are a large number

of rivets in a line the situation changes. Tests have clearly shown that

the end rivets will fail before the full redistribution takes place.!

1 Trans. ASCE, vol. 105 (1940), p. 1193.
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EXAMPLE 9-3. The connection shown in Fig. 9-10 is to be made with A141

rivets, and the plates are to consist of A36 steel. Using the AISC Specification

determine the diameter of rivets whose shearing strength will equal their bearing

strength. (This diameter is somctimes referred to as the most economical

diameter of the rivets for the thicknesses of materials involved.) What is the

maximum allowable force P which can be applied to the connection if the most

economical size rivets are used?

Solution: Equating double shear strength of one rivet to its bearing

strength:

nd?(2) (=) (15,000) = (4) (d) (48,600)

d == 1.03 in.

Use 1-in. rivets

Allowable capacity of connection:

Shear in rivets = (12) (2) (0.785) (15,000) = 282,000 Ib

Bearing in rivets = (12) (1.00) (0.50) (48,600) == 291,600 Ib

Tension in plates = (14 — 4 & 11%) (0.50) (22,000) = 104,500 Ib

Maximum allowable load == 104,500 Ib

Where cover plates are riveted to the flanges of W sections the

rivets must carry the longitudinal shear on the plane between the plates

and the flanges. With reference to the cover-plated beam of Fig. 9-11

the unit longitudinal shearing stress between a cover plate and the W
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flange can be determined with the VQ/bI expression. The total shear

across the flange and for a 1-in.-length of the beam equals VQ/I.

The spacing of pairs of rivets in Fig. 9-11 can be determined by

sil,

ani

Ri6X> 0.75 Yu |
a(t of | ; !

| jroketrs| | p
a | |

21W 1427 2296 | O i O-+*
21.46" I

1, = 3403.1, |Yr: 1.095) : O i O |
a ee

i O'0!1_y PY |
; 7 |

16x 2 0.75" | od
Th [

toe
Fic. 9-11

dividing the shear per inch at a particular section into the strength of the

two rivets. The theoretical spacings will vary as the external shear varies

along the beam. Example 9-4 illustrates the calculations involved in

determining rivet spacings for a cover-plated beam.

EXAMPLE 9-4. At a certain section in the cover-plated beam of Fig. 9-11

the external shear is 190 k. Determine the required spacing of 7%-in. A141 rivets

if the beam is rolled from A36 steel and the AISC Specification is to be used.

Solution:

1, = 3,403.1 + (2) (16 X 34) (11.105)2 == 6,353 in

__ VQ _ (190,000) (16 X_% X 11.105)

I 6,353

Rivets in single shear and bearing on 34 in.:

Shear = (2) (0.6) (15,000) = 18,000 Ib for 2 rivets

Bearing = (2) (%) (34) (1.35 & 36,000) = 63,700 lb for 2 rivets

__ 18,000

P= "3,980

v == 3,980 lb/in.

== 4.52 in. (say 4% in.)

9-9. RIVETS SUBJECTED TO ECCENTRIC SHEAR

Eccentrically loaded rivet groups are subjected to shears and bending

moments. The student may feel such situations are rare but the truth
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is that they are much more common than he suspects. For instance, in

a truss it is desirable to have the center of gravity of a member lined up

exactly with the center of gravity of the rivets at its end connections.

This feat is not quite as easy to accomplish as it may seem and connec-

tions are often subjected to moments.

Eccentricity is quite obvious in Fig. 9-12(a) where a beam is con-
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nected to a column. In part (b) of the figure a beam is connected to a

column with a pair of web angles. For this connection it is obvious that

even though no end moment is being considered the connection must

resist some moment because the center of gravity of the load from the

beam does not coincide with the reaction from the column.

The following several paragraphs are concerned with developing a

method of calculating the stresses in the rivets of an eccentric connection.

For this discussion the rivets of Fig. 9-13(a) are assumed to be subjected

to a load P which has an eccentricity of e from the c.g. (center of gravity)

of the rivet group. To consider the stress situation in the rivets an up-

ward and downward force, each equal to P, is assumed to act at the c.g.

of the rivet group. This situation, shown in part (b) of the figure, in no

way chunges the rivet stresses. The stress in a particular rivet will,

therefore, equal P divided by the number of rivets in the group as seen

In part (c), plus the stress due to the moment caused by the couple

shown in part (d) of the figure.

The magnitude of the stresses in the rivets due to the moment Pe

will now be considered. The distances of each rivet from the c.g. of the

group are represented by the values d,, d:, etc. in Fig. 9-14. The moment

produced by the couple causes the plate to rotate about the c.g. of the

rivet connection with the amount of rotation or strain at a particular rivet

being proportional to its distance from the c.g. (For this derivation the

gusset plates are again assumed to be perfectly rigid and the rivets are

assumed to be perfectly elastic.) Rotation is greatest at the rivet which
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The rotation is assumed to produce stresses of 171, 72, 13, and 14

respectively on the rivets in the figure. The moment transferred to the

rivets must be balanced by resisting moments of the rivets as follows:

As the stress caused on each rivet is directly proportional to the
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M — Pe = r,d, + Tod + 13d, + 14d,

distance from the c.g. the following expression can be written:
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TY) 2 Ts 1%

d, d, ds dy

and writing each r value in terms of r, and d,

r,d, r,d. rd, _ rid,
+= "a 2 = a d,

Substituting these values into equation (1) and simplifying:

r,d,77,4,° . r,d.° . 17,d,"

Ma-G-t—g ot got GE

=F (di? +d? + dz +d?)

__ 7,30?
="7

The stress on each rivet can now be written as follows:

,—_Md , _ ds _ Mad, _Md, , Md
(= sa a se ee ‘= Se

Each value of r is perpendicular to the linc drawn from the c.g. to

the particular rivet. It is usually more convenient to break these down

into vertical and horizontal components. In accomplishing this purpose

reference is made to Fig. 9-15.

H--

a

‘ h

c.g+

J,
Fic. 9-15

The horizontal and vertical components of the distance d, are repre-

sented by A and v respeetively and the horizontal and vertical components

of stress r, are represented by H and V respectively in this figure. It is

now possible to write the following ratio from which H can he obtained.
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EXAMPLE 9-5. Determine the stress in the most stressed rivet of the group

shown in Fig. 9-16.

Solution: A sketch of each rivet and the forces applied to it by the direct

load and the clockwise moment are shown in Fig. 9-17. From this sketch the

student will see that the upper right-hand rivet and the lower right-hand rivet

are the most stressed and have equal stresses.

e=6+ 157.5 in.

M = Pe = (30) (7.5) == 225 in.-k

Xd? == Sh? -+ Sv?

sd? = (S) (1.5)? + (4) (1.52 + 4.57) = 108

Mv (225) (4.5)
H = sE= 108 = 9.38 k

_ MR (225) (1.5)
Y=s2 > 108 = 3.13 k
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Stress in lower right-hand rivet (equal to stress in upper right-hand rivet)

is determined as follows:

r = \/(6.88)? + (9.38)? = 11.64 k

Should the eccentric load be inclined it can be broken down into

vertical and horizontal components and the moment of each about the

c.g. of the rivet group determined. Several design formulas can be

developed which will enable the engineer to directly design eccentric

connections but in all probability the process of assuming a certain num-

ber and arrangement of rivets, checking stresses, and redesigning is

probably just as satisfactory.
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9-10. RIVETS SUBJECTED TO COMBINED SHEAR AND TENSION

In the majority of framed connections for beams to beams and beams

to columns the rivets are subjected to a combination of shear and tension.

This combination is truce for the rivets in the bracket of Fig. 9-18 as well
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as for those in the connections shown in Figs. 12-1(a) and (b) and

12-3(a) and (b). In each of these connections the load being transferred

tends to cause the connection to slide downward and this tendency is

resisted by the shearing strength of the rivets. At the same time, the

load is tending to rotate the conncction, pulling the top rivets away from

the column and pushing the lower part of the cunnection against the

column.

The vertical shearing stress can be easily determined by dividing the

vertical load by the cross-sectional area of the rivets involved; however,

the stresses caused by bending are a little more difficult to compute. For

this discussion the bracket connection of Fig. 9-18 with an eccentric

load P is considered. The downward load and the upward shear in the

rivets produce a couple. The distance between the two forces is assumed

to be e and the moment produced Pe. An equal and opposite couple must

be produced by the tension in the upper rivets and by the compression

in-the lower part of the connection.
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An exact analysis of the rivet stresses produced by this situation

is almost impossible; therefore, several different approximate methods

have been developed by various designers. Perhaps the most common

method is the one described in the paragraphs to follow.

In this method the initial tension in the rivets is neglected and the

top of the connection is assumed to have pulled away from the column.

Below the opening there is assumed to be a neutral axis above which the

rivets are in tension and below which the connection angles are bearing

against the column. It is assumed in this discussion that the bearing is

spread over the full width of the angles. (Because of deformation of these

angles the pressure at the outer edges is probably appreciably smaller

than the pressure on the inside. For this reason many designers assume

the compression is spread over some smaller width. It should be noted,

however, that the varying widths used by different designers have little

effect on the final tensile stresses determined in the top rivets.)

With the full-width assumption the neutral axis will usually lie about

one-sixth to one-seventh of the depth of the connection above the bottom

of the connection. From this information the location of the neutral

axis can be estimated and its accuracy checked by taking moments about

that location. After moments are taken it may be necessary to make

a slight adjustment in the location. When the neutral axis is located

the moment of inertia can be calculated and the stresses obtained by the

flexure formula.

Tests on rivets subjected to combined shear and tension show that

their ultimate strengths can be represented with an eliptical interaction

curve. The curve has limits of F; as the allowable stress if the rivet is

stressed in tension alone and of F, if stressed in shear alone. Such a curve

is shown in Fig. C.1.6.3 in the “Commentary on the AISC Specification”

in the Steel Handbook.

For A141 rivets the allowable combined stress permitted by the

AISC is given by the following expression in which F, is the maximum

tensile stress permitted and f, 1s the calculated shearing stress:

‘ F, = 28,000 — 1.6 f, < 20,000

In effect, this expression replaces the test result curve with three

straight lines (also shown in Fig. C.1.6.3 in the Steel Handbook) and

divides the values with appropriate factors of safety. The three straight

lines are formed by the following conditions: (1) If f, < 5,000 psi,

F, = 20,000 psi. (2) If f, < 4,000 psi, F, = 15,000 psi. (3) In be-

tween the limits F; = 28,000 —. 1.6 f,. Similar interaction formulas are

given by the AISC for high-strength bolts and other types of rivets.

ExamMp.e 9-6. Determine the maximum combined tensile and shearing

stresses in the top rivets of the connection shown in Fig. 9-18. The stiffener
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angles are each 4 & 4 XX ¥ in.; the eccentric load is 75 k; the eccentricity is

3 in., and ¥ in. rivets are used. Does the resulting value exceed the AISC

allowable for A141 rivets?

Solution: Assume neutral axis one-sixth of distance from bottom of con-

nection:

(4%) (19 in.) = 3.166 in. (say 3 in.) (see Fig. 9-19)
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Check location of neutral axis:

(24) (1.5) = (2) (0.6) (15 +45+7.5 + 105+ 13.5)

36 = 45 (N. G.)
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Assume neutral axis 3.25 in. from bottom of connection (see, Fig. 9-20) :

(8) (344) (1.62 25) = (2) (0.6) (1.25 + 4.25 + 7.25 -b 10.25 +. 13.25)

422= 43.5 (OK)

I = (14) (8) (3.25)8 + (2) (0.6) (1.252 + 4.252 ++ 7.252 + 10.25% + 13.25%)

= 9144 422

== 513 in.*

Mc (225) (13.25) og, |
L=+= 58 ksi

75 .
fy = 172) (08) == 10.4 ksi

Allowable F, for A141 rivets:

F, == 28,000 — 1.6 f, S 20,000

= 28,000 — (1.6) (10,400)

= 11,300 < 20,000

Actual f, = 5.8 kst < 11.8 ksi (understres-ed )

As previously indicated, there are other methods of estimating the

stresses in rivets subjected to shear and tension. The method described

here neglected any initial tension present in the rivets. If the rivets did

have an initial tension (as they most certainly do) they would squeeze the

connection against the column. Bending would serve to reduce the pres-

sure at the top of the connection and, as before, there would be an

increase in pressure at the bottom of the connection against the column.

For this case the neutral axis could be assumed to lie at the middepth

of the section. A very large moment is usually required before the initial

pressure at the top of the connection can be overcome and cause pulling

of the cormection away from the column, causing in turn a change in the

top rivet stress. This subject is discussed at length in Chap. 12.

9-11. RIVETS IN TENSION

Figure 9-21 (a) shows a connection in which the rivets are in tension.

Perhaps one of the most common cases of tension rivets occurs in wind

bracing for buildings. Many engineers have been very much opposed to

the use of rivets in tension because of the fear that the rivet heads might

be pulled off. This attitude might have been reasonable before 1930 but

the results of tests published during that year? showed that improved

2W. M. Wilson and W. A. Oliver, Tension Tests of Rivets, University of

Illinois Experiment Station, Bulletin, 210 (1930).
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riveting techniques produced rivets which were entirely capable of re-

sisting tension loads.

Today the AISC permits their use in building design (giving an

allowable tension of 20,000 psi for A141 rivets); but the AREA prohibits

their use and the AASHO discourages their use. It should be noted in

Fig. 9-21(b) that if the members being connected are not fairly stiff,

some prying action will occur which will increase the tension in the rivets.

Should the members be fairly flexible, the designer should attempt to

estimate the stresses caused by prying. A more detailed discussion of the

action of tensile rivets including prying is presented in Chap. 12.

PROBLEMS

9-1. Determine the maximum allowable load P which can be resisted by the

lap joint shown in the accompanying illustration if 7-in. A141 rivets and the

AISC Specification are used. Each of the plates is 12 & % in. and consists

of A36 steel.

00}
O00! |

O O01
_}|

CTT 7
c 1 cI

Pros. 9-1

9-2. Repeat Prob. 9-1 if the following allowable stresses are used: Allowable

shear on rivets == 15,000 psi, allowable bearing on rivets = 32,000 psi for single

shear, allowable bearing on rivets = 40,000 psi for double shear, and allowable

tension in plates = 20,000 psi.

9-3. Using the allowable stresses given in Prob, 9-2 determine the allowable

value of P in the butt joint shown in the accompanying illustration. Rivets are

1 in. in diameter.

9-4. Repeat Prob. 9-3 if A141 rivets, A386 steel, and the AISC Specification

are-used.
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9-5. The truss tension member shown in the accompanying illustration con-

sists of a sing‘e angle 5 & 3 X 54g in. and is made from A36 steel. The member

is connected to a 14-in. gusset plate with the %-in. A141 rivets shown. Using

the AISC Specification determine the allowable value of P.
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Pros. 9-5

9-6. The butt splice shown in the accompanying illustration is to be designed

for a tensile load of 120 k. How many %-in. A141 rivets ure required, using

the AISC Specification and A36 steel?

T Tf

O O ! O O

120k <— O O Vt O O —— 120k

© O O ©

a an pixie
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120k <—— { _ Ll 1 | ——P 120k

14x32 ~ Niax ge
Pros. 9-6

9-7. Repeat Prob. 9-6 using the allowable stresses given in Prob. 9-2.
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9-8. A butt splice, similar to the one considered in Prob. 9-6, is to be de-

signed to join two 18 < 14-in. plate type tension members which are carrying

tensile loads of 155 k. Using A141 3-in. rivets, A36 steel, and the AISC Speci-

fication design the splice.

9-9. A truss member consists of two A36 10 [s 15.3 connected to a 4-in.

gusset plate. How many %-in. A141 rivets are required to develop the full

tensile capacity of the member? The rivets are arranged as shown in the

accompanying illustration. Use AISC Specification.

00 O

P<+—— 000 bb
Pros. 9-9

9-10. Determine the number of A141 %-in rivets required by the AISC

Specification to develop the A36 truss members shown in the accompanying

illustration.

lik \

22k2 As 3X3X4

89.6k< —— ———a 65 k

N2 As 6Xx4x2

Pros. 9-10

9-11. The 114%, X -in. plates forming the lap joint shown in the accom-

panying illustration are made of A36 steel and are connected with 7%-in. A141

rivets. Determine the pitch of the rivets (s in the figure) whieh will cause the

strength of the plates to be equal to the strength of the rivets. The AISC Speci-

fication is to be used.
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9-12. Using the AISC Specification determine the number of 7%-in. Al4l

rivets required to develop the full strength of a 10 XK 3%-in. plate of A36 steel

if one hole is to be deducted in computing the net section. Solve for single and

double shear, assuming bearing on 34 in. for both cases.

9-13. Determine the resultant load on each of the rivets shown in the ac-

companying illustration. Prepare a sketch showing the rivets and the direction

of the forces on each.

36k a Oo
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Pros. 9-13

9-14. Repeat Prob. 9-13 if the eccentric load is increased to 40 k and the

vertical spacings of the rivets age increased to 4 in.

9-15. Determine the most stressed rivet in the’ connection shown in the ac-

companying illustration and calculate its maximum load. Determine also the size

of rivets (A141) required for that load according to the AISC. The plates shown

were rolled with A36 steel.

9-16. Determine the most stressed rivet and the magnitude of the stress on

that rivet for the connection shown in the accompanying illustration.
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9-17. Repeat Prob. 9-16 if the inclined 40 k load acts along a 45° slope.

9-18. The allowable maximum load on any rivet in the group shown in the

accompanying illustration is 8,000 lbs. What is the maximum permissible value

of P?
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9-19. The 18 { 42.7 shown in the accompanying illustration consists of

A36 steel. Using the AISC Specification determine the maximum permissible

value of the eccentric load P if A141 %-in. rivets are used.

9-20. Determine the allowable load P in Prob. 9-19 if it is applied through

the center of gravity of the rivet group.

9-21. Is the connection shown in the accompanying illustration satisfactory

according to the AISC Specification? There are 10 %-in. A141 rivets and the

bracket width is 8 in.



chapter 10

Welded Connections

10-1. GENERAL

Welding is a process in which metallic parts are connected by heating

their surfaces to a plastic or fluid state and allowing the parts to flow

together and join with or without the addition of other molten metal. It

is impossible to determine when welding originated but it was several

thousand years ago. Metalworking, including welding, was quite an art

In ancient Greece at least three thousand years ago, but welding had

undoubtedly been performed for many centuries before those days. An-

cient welding was probably a forging process in which the metals were

heated to a certain temperature (not to the melting stage) and hammered

together.

Although modern welding has been available for a good many years,

it has only come into its own in the last ten to fifteen years for the build-

ing and bridge phases of structural engineering. The adoption of struc-

tural welding was quite slow for several decades because many engineers

thought that welding had two great disadvantages—(1) that welds had

reduced fatigue strength as compared to riveted connections and (2) that

it was impossible to insure a high quality of welding without unreasonably

extensive and costly inspection.

These negative feelings persisted for many years, although tests

seemed to indicate that neither reason was valid. Regardless of the valid- .

ity of these fears they were widely held and undoubtedly slowed down

the use of welding, particularly for highway bridges and to an even

greater extent for railroad bridges. Today most engineers agree that

there is little difference between the fatigue strength of riveted and

welded joints. They will also admit that the rules governing the quali-

fication of welders, the better techniques applied, and the excellent work-

manship requirements of the AWS specifications make the inspection of

welding a much less difficult problem. Consequently welding is today

permitted for almost all structural work other than for most railroad

bridges.

189
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On the subject of fear of welding it is interesting to consider welded

ships. Ships are subjected to severe impactive loadings which are diffi-

cult to predict and yet naval architects use all welded ships with great

success. A similar discussion can be made for airplanes and aeronautical

engineers. The slowest adoption of structural welding has been for rail-

road bridges. These bridges are undoubtedly subjected to heavier live

loads than highway bridges, larger vibrations, and more stress reversals;

but are their stress situations as serious and as difficult to predict as those

for ships and planes?

10-2. ADVANTAGES OF WELDING

Today it is possible to make use of the many advantages which

welding offers, since the fatigue and inspection fears have been largely

eliminated. Several of the many welding advantages are discussed in the

following paragraphs:

1. To most persons the first advantage is in the area of economy,

because the use of welding permits large savings in pounds of stcel used.

Welded structures allow the elimination of a large percentage of the

gusset and splice plates necessary for riveted or bolted structures as well

as the elimination of rivet or bolt heads. In some bridge trusses it may be
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possible to save up to 15 percent of the steel weight by using welding.

Welding also requires appreciably less labor than does riveting because

one welder can replace the standard four-man riveting crew.

2. Welding has a much wider range of application than riveting

or bolting. Consider a steel pipe column and the difficulties of connecting

it to other steel members by riveting or bolting. A riveted or bolted

connection may be virtually impossible but a welded connection will pre-

sent no difficulties whatsoever. The student can visualize many other

similar situations where welding has a decided advantage.

3. Welded structures are more rigid structures because the members

are usually welded directly to each other. The connections for riveted or

bolted structures are often made through connection angles or plates

which deflect duc to load transfer, making the entire structure more

flexible. On the other hand, greater rigidity can be a disadvantage whcre

simple end conncctions with little moment resistance are desired. In such

a case the designer must be careful as to the type of joint he specifies.

4. The process of fusing pieces together gives the most truly con-

tinuous structures. It results in one-piece construction and because

welded joints are as strong or stronger than the base metal no restrictions

have to be placed on the joints. This continuity advantage has permitted

the erection of countless slender and graceful steel statically indeterminate

frames throughout the United States. Some of the more outspoken pro-

ponents of welding have referred to riveted and bolted structures, with

their heavy plates and large number of rivets or bolts, as looking like

tanks or armoured cars when compared to the clean; smooth lines of

welded structures. For a graphic illustration of this advantage the student

should compare the moment resisting connections of Fig. 12-4.

5. It is easier to make changes in design and to correct errors during

erection (and at less expense) if welding is used. A closely related

advantage has certainly been illustrated in military engagements during

the past few, decades by the quick welding repairs made to military equip-

ment under battle conditions.

6. Another item which is often important is the relative silence of

welding. Imagine the importance of this fact when working near hos-

pitals or schools or when making additions to existing buildings. Anyone

with close to normal hearing who has attempted to work in an office

within several hundred feet of a riveting job will go along with this

advantage.

7. Less safety precautions are required for the public in congested

areas as compared to those necessary for a riveted structure where tossing

of hot rivets is a necessity.

8. Fewer pieces are used and as a result time is saved in detailing,

fabrication and field erection.
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10-3. TYPES OF WELDING

Although both gas and arc welding are available almost all structural

welding is arc welding. Sir Humphry Davy discovered in 1801 how to

create an electric arc by bringing close together two terminals of an elec-

tric circuit of relatively high voltage. Although he is generally given

credit for the development of modern welding, a good many years actually

elapsed after his discovery before welding was actually performed with

the electric arc. (His work was of the greatest importance to the modern

structural world but it is interesting to know that many people say his

greatest discovery was not the electric arc but rather a laboratory assist-

ant whose name was Michael Faraday.) Several Europeans formed welds

of one type or another in the 1880s with the electric arc, while in the

United States the first patent for are welding was given to Charles Coffin

of Detroit in 1889.1

The figures to follow in this chapter show the necessity of supplying

additional metal to the joints being welded to give satisfactory connec-

tions. In electric-are welding the metallic rod which is used as the elec-

trode melts off into the joint as it is being made. When gas welding is

used it is necessary to introduce a metal rod known as a filler or welding

rod.

In gas welding a mixture of oxygen and some suitable type of gas

is burned at the tip of a torch or blowpipe held in the welder’s hand or

by an automatic machine. The gas used in structural welding is probably

acetylene and the process is called oxyacetylene welding. The flame

produced can be used for flame cutting of metals as well as for welding.

In are welding an clectric are is formed between the picces being

welded and an electrode held in the operator’s hand with some type of

holder or by an automatic machine. The arc is a continuous spark which

upon contact brings the electrode and the pieces being welded to the

melting point. The resistance of the air or gas between the clectrode and

the pieces being welded changes the electrical energy into heat. A tem-

perature of somewhcre between 6,000 and 10,000°F is produced in the arc.?

As the end of the electrode melts small droplets or globules of the molten

metal are formed and are actually forced by the arc across to the pieces

being connected penetrating the molten metal to become a part of the

weld. The amount of penctration can actually be controlled by the

amount of current consumed. Since the molten droplets of the electrodes

are actually propelled to the weld, arc welding can be successfully used

for overhead work.

A pool of molten steel can hold a fairly large amount of gases in

solution and if not protected from the surrounding air will chemically

1 Lincoln Electric Company, Procedure Handbook of Arc Welding Design and

Practice (11th ed), 1957, Part I.
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combine with oxygen and nitrogen. After cooling the welds will be

relatively porous due to the little pockets formed by the gases. Such

welds are relatively brittle and have much less resistance to corrosion.

A weld can be shielded by using an electrode coated with certain mineral

compounds. The electric arc causes the coating to melt and creates an

inert gas or vapor around the area being welded. The vapor acts as a

shield around the molten metal and keeps it from coming freely in contact

with the surrounding air. It also deposits a slag in the molten metal,

which has less density than the base metal and comes to the surface to

protect the weld from the air while the weld cools. After cooling, the

slag can easily be removed by peening and wire brushing (such removal

being absolutely necessary before painting or application of another weld

layer). A picture showing the elements of the shielded arc welding

process is shown in Fig. 10-1. This figure is taken from the Procedure

Electrode

Extruded

CoatingNS

ror aas aan sae seNesecteae Oohing Sosa oA encase Gaseous

Shield

Arc Stream

Base Metal

J
Fia. 10-1. Elements of the shielded metal arc

welding process.

Handbook of Arc Welding Design & Practice published by the Lincoln

Electric Company.

The type of welding electrode used is very important as it decidedly

affects the weld properties such as strength, ductility, and corrosion re-

sistance. There are quite a number of different types of electrodes

manufactured, the type to be used for a certain job being dependent upon

the type of metal being welded, the amount of material which needs to

be added, the position of the work, ete. The electrodes fall into two

general classes—the lightly coated electrodes and the heavily coated elec-

trodes.

The heavily coated electrodes are normally used in structural welding

because the melting of their coatings produces very satisfactory vapor

shields around the work as well as slag in the weld. The resulting welds
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are stronger, more resistant to corrosion, and more ductile than are those

produced with lightly coated electrodes. When the lightly coated elec-

trodes are used, no attempt is made to prevent oxidation and no slag is

formed. The electrodes are lightly coated with some arc stabilizing

chemical such as lime.

mn

Lincoln ML-3 Squirtwelder mounted on a self-

‘propelled trackless trailer deposits this %4-in.

web-to-flange weld at 28 in. per minute. (The

Lincoln Electric Company.)

There are two major ASTM classifications of electrodes as they affect

structural steel work. These arc the E60 and E70 classifications. The

E60 electrodes are madc for use with all steels. When the E70 electrodes

are used the yield strength of the weld metal is about 15 percent higher

than when the E60 electrodes are used. The E70 electrodes can be used

for the higher-strength steels (A36, A242, and A441).

10-4. WELDING INSPECTION

Three steps must be taken to insure good welding for a particular

job. These are; (1) establishing good welding procedures, (2) use of

prequalified welders, and (3) employment of competent inspectors in

shop and field. When the procedures established by the AWS and AISC
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for good welding are followed and when welders are used who have

previously been required to prove their ability, good results will probably

be obtained. However, to make absolutely sure, well-qualified inspectors

are needed.

Good welding procedure involves the selection of proper electrodes,

current, and voltage; the properties of base metal and filler; and the

position of welding, to name only a few factors. The usual practice for

large jobs is to employ welders who have certificates showing their quali-

fications. In addition, it is not a bad practice to have each man make

an identifying mark on each of his welds so that those persons frequently

doing poor work can be located. This practice probably improves the

general quality of work performed.

Another factor which will cause welders to perform better work is

just the presence of an inspector whom they feel knows good welding

when he sees it. For a man to make a good inspector it is desirable for

him to have done welding himself and to have spent much time observing

the work of good welders. From this experience he should be able to

know if a welder is obtaining satisfactory fusion and penetration. He

should be able to recognize good welds as to their shape, size, and general

appearance. For instance the metal in a good weld should approximate

its original color after it has cooled. If it has been overheated it may

have a rusty and reddish-looking color. He can use various scales and

gages to check the sizes and shapes of welds.

Visual inspection by a good man will probably give a good indication

of the quality of welds but is not a perfect source of information as to

the subsurface condition of the weld. There are several methods for

determining the internal soundness of a weld. These include stethoscope

testing, radiographic procedures, and magnetic tests. These methods can

be used to detect internal defects such as porosity. weld penetration, and

presence of slag. An ordinary stethoscope can be placed on or near welds

while the weld is lightly tapped with a hammer. With some experience it

is supposedly possible to recognize the sound cf a good weld.

The more éxpensive radiographic methods can be used to check occa-

sional welds in important structures. From these tests it is possible to

make good estimates of the percentage of bad welds in a structure. The

use of portable X-ray machines where access is not a problem and the

use of radium or radioactive cobalt for making pictures are excellent but

expensive methods of testing welds. These methods are satisfactory for

butt welds (such as for the welding of important stainless steel piping

at atomic energy projects) but are not satisfactory for fillet welds as the

Pictures are difficult to interpret. A further disadvantage of these meth-

ods is the radioactive danger. Careful procedures have to be used to

protect the technicians as well as nearby workers. On the average con-

struction job this danger probably requires night inspection of welds
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when only a few workmen are near the inspection are. (Normally a

very large job would be required before the use of the extremely ex-

pensive radium or cobalt pills could be justified.)

In the magnetic testing method, iron dust or some similar material

is spread over the surface of the weld. The weld is usually magnetized

by passing an electric current through the weld. The result will be the

forming of small local poles at the edges of internal defects. The iron

particles will concentrate and move together to show the location and

shape of defects.”

10-5. CLASSIFICATION OF WELDS

There are three separate classifications of welds described in the fol-

lowing paragraphs. These classifications are based upon the types of

welds made, positions of welds, and types of joints.

Type of Weld. The two main types of welds are the fillet welds

and the butt welds (also known as groove welds). In addition there are

plug and slot welds which are not too common in structural work. These

four types of welds are shown in Fig. 10-2.

C ‘SE -_ | | T- z _ 4
Fillet Welds Butt Welds

Slot Weld

P|I way Z Fillet Weld f

(__
{

Fia. 10-2

The fillet welds will be shown to be weaker than butt welds; however,

most structural connections are made with fillet welds. Any person who

has had experience in steel structures will understand why fillet welds are

more common than are butt welds. Butt welds are used when the

members to be connected are lined up in the same plane. To use them

in every situation would mean that the members would have to fit almost

perfectly and unfortunately the average steel structure does not fit

together in that manner. Many students have seen steel workers pulling

and ramming steel members to get them in position. When members are

allowed to lap over each other larger tolerances are allowable in erection

und fillet welds are the welds used.

A plug weld is a circular weld passing through one member to

another and joining the two together. A slot weld is a weld formed in a

2 Lincoln Electric Company, Procedure Handbook of Arc Welding Design and

Practice (11th ed.), 1957, Part IV.
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slot or elongated hole which joins one member to the other member
through the slot. The slot may be partly or fully filled with weld ma-
terial. These two types of joints may occasionally be used when mem-
bers lap over each other and the desired length cf fillet welds cannot be

obtained. They may also be used to stitch together parts of a member
as the fastening of cover plates to a built-up member.

Position. Welds are referred to as being flat, horizontal, vertical, and

overhead. They are listed in the preceding sentence in order of their

economy with the flat welds being the most economical and the over-

head welds being the most expensive. Although the flat welds can often

be made with an automatic machine, most structural welding is done by

hand. It has previously been indicated that the assistance of gravity is

not necessary for the forming of good welds but it does speed up the

process. The globules of the molten electrodes can be forced into the

overhead welds against gravity and good welds will result but they are

slow and expensive to make so it is desirable to avoid them whenever

possible. These types of welds are shown in Fig. 10-3.

Type of Joint. Welds can be further classified according to the type

of joint used as being: butt, lap, tee, edge, corner, etc. These joint types

are shown in Fig. 10-4.

PALL) Horizontal

4! Weld

EB Vertical
5 Weld

E Overhead
Welds

Horizontal

Weld

. Fia. 10-3

t “P- J — “TS > 5}
Butt Lap

- I eA —
Tee Edge

Corner

Fia. 10-4
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10-6. WELDING SYMBOLS

Figure 10-5 presents the method of making welding symbols, de-

veloped by the Amcrican Welding Society. With this excellent shorthand

TYPE OF WELO

Plug Groove
Bead Fi or

et Slot Square V Bevel U J

ASIKIWIHIVviyYy IY] Dp

Basic arc and gas weld symbols.

Weld Field CONTOUR
all Weld

Around e Flush Convex

© ee j;—-|]TM
Supplementary symbols.

Finish Symbol —— Groove Angle, Included

Angle of Countersink

for Plug Welds

Length of Weld

Pitch (Center -to-Center

Spacing) of Welds

Arrow Connecting

Reference Line to Arrow

Side of Joint, to Grooved

Member, or Both

Contour Symbol —

Root Opening, Depth of

for Plug and Slot Welds

SIZE: Size or Strength

for Resistance Welds

Filling

2
As Y ome rUv

>

ce

Reference Line -

on)Sideee,A

Field Weld Symbol

Weld All Around Symbol

Number of Spot or

Projection Welds

Specification Process

or Other Reference

Tail (May Be Omitted

when Reference

Is not Used)

Basic Weld Symbol

or Detail Reference

Fia. 10-5

8 Lincoln Electric Company, Procedure Handbook of Arc Welding Desiyn and

Practice (11th ed.), 1957. Courtesy of the publisher.
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system a great deal of information can be presented in a small space on

engineering plans and drawings with a few lines and numbers. These

symbols remove the necessity of drawing in the welds and making long

descriptive notes. It is certainly desirable for steel designers and drafts-

men to use this standard system. Should most of the welds on a drawing

be of the same size, a note to that effect can be given and the symbols

oritted, except for the off-size welds.

The purpose of this section is not to teach the student every possible

type of symbol but rather to give him a gencral idea of the appearance of

welding symbols and the information which they can show. He can easily

refer to the detailed information published by the AWS and reprinted in

many handbooks (including the Steel Handbook). At first glance the

information presented in Fig. 10-5 is probably quite confusing to the stu-

dent. For this reason a few very common symbols for fillet welds are

presented in Fig. 10-6, together with an explanation of cach.

Fillet weld on near side (arrow

side). Size of weld (4 in.) is

given to left of weld symbol and

length (6 in.) to right of symbol.

1] 6

z P2-6 3 in fillet weld on far side 2 in.

intermittent welds 6 in. on centers.YY
Zin, fillet field weld on both sides

and 6 in. long. As welds same on both

[~~ sides not necessary, but permissible,
to give sizes on both sides of line.

A staggered intermittent 3 in, fillet
weld 2 in. long, 6 in. on centers,

both sides.

Weld all around joint symbol.Y \4 \% \
\

The tail used to indicate reference

to a certain specification or process.
° Mm

\

Fic. 10-6
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10-7. BUTT WELDS

When complete penetration butt or groove welds are subjected to

axial tension or axial compression the weld stress is assumed to equal the

load divided by the net area of the weld. Three types of butt welds are

shown in Fig. 10-7. The square butt joint, shown in part (a) of the

Ly
Square butt weld

(a)

_ —

L Y
Single-vee butt weld Double-vee butt weid

(b) (c)

Fia. 10-7

figure, 1s used to connect relatively thin material up to roughly %¢ in.

thickness. As the material becomes thicker it 1s necessary to use the

single-vee butt welds and the double-vee butt welds illustrated in parts

(b) and (ce) respectively of Fig. 10-7. For these two welds the members

are bevelled before welding to permit full penetration of the weld.

The butt welds shown in Fig. 10-7 are said to have reinforcement.

Reinforcement is added weld metal which causes the throat dimension to

be greater than the thickness of the welded material. Because of rein-

forcement or the lack of it, butt welds may be referred to as 100 percent,

125 percent, 150 percent, etc., welds according to the amount of extra

thickness at the weld. There are two major reasons for having reinforce-

ment. These are: (1) reinforcement gives a little extra strength because

the extra metal takes care of pits and other irregularities and (2) the

welder can easily make the weld a little thicker than the welded material.

He would have a difficult if not impossible task in making a perfectly

smooth weld with no places which were thinner nor thicker than the

material welded.

Reinforcement undoubtedly makes butt welds stronger and better

when they are to be subjected to relatively static loads. When the con-

nection is to be subjected to repeated and vibrating loads, however, rein-

forcement is not as satisfactory because stress concentrations seem to

develop in the reinforcement and contribute to earlier failure. For such

cases as these a common practice is to provide reinforcement and grind

it off flush with the material being connected.
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From the standpoints of strength, resistance to impact and stress

repetition, and amount of filler metal required, butt welds are much to be

preferred to fillet welds. From other standpoints, however, they are not

so attractive and the vast majority of structural welding is fillet welding.

Butt welds have higher residual stresses, and the preparations (such as

the scarfing and veeing) of the edges of members for butt welds are

expensive, but the major disadvantages probably lie in the problems in-

volved in getting the pieces to fit together in the field. The advantages

of fillet welds in this respect were described in Sec. 10-5. For these

reasons field butt joints are not used very often, except on small jobs

and where members may be fabricated a little long and cut in the field

to the lengths necessary for precise fitting.

10-8. FILLET WELDS

Tests have shown that fillet welds are stronger in tension and com-

pression than they are in shear, so the controlling fillet weld stresses

given by the various specifications are shearing stresses. When practical,

it is desirable to try to arrange welded conncctions so they will be sub-

jected to shearing stresses only and not to a combination of shear and

tension or shear and compression.

Fillet welds when tested to failure seem to fail by shear at angles of

about 45° through the throat. Their strength is therefore assumed to

equal the allowable shearing stress times the theoretical throat area of

the weld. The theoretical throats of several fillet welds are shown in

Fig. 10-8. The throat arca equals the theoretical throat distance times

the length of the weld. In this figure the root of the weld is the point

Weld Face _Weld Face

Leg ---
Theoretical Throat Theoretical Throat!

“Root” , “Leg

Convex surface Concave surface

(a) (b)

“XN

poy <Theoretical Throat
/ N

Unequal leg fillet weld

(c)

Fic. 10-8
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where the faces of the original metal pieces intersect, and the theoretical

throat of the weld is the shortest distance from the root of the weld to

its diagrammatic face.

For the 45° or equal leg fillet the throat dimension is 0.707 times

the leg of the weld, but it has a different value for fillet welds with un-

equal legs. The desirable fillet weld has a flat or slightly convex surface,

although the convexity of the weld docs not add to its calculated strength.

At first glance the concave surface would appear to give the ideal fillet

weld shape because stresses could apparently flow smoothly and evenly

around the corner with little stress concentration. The truth of the

matter, however, is that appreciably more trouble occurs with shrinkage

cracks for the concave surface welds.

Another item of importance pertaining to the shape of fillet welds

is the angle of the weld with the pieces being welded. The desirable value

of this angle is in the vicinity of 45°. For 45° fillet welds the leg sizes

are equal and such welds are referred to by the leg sizes (as a 14 in. fillet

weld). Should the leg sizes be different for a weld (not a 45° weld) both

leg sizes are given in describing the weld (as a % by \-in. fillet weld).

10-9. STRENGTH OF FILLET WELDS

For this discussion reference is made to Fig. 10-9. As previously

indicated the stress in a weld is considered to equal the load P divided

|

TY
J. Transverse fillet
P

(b)

P

/

Longitudinal fillet

(a)

Fia. 10-9

by the throat arca of the weld. This method of determining the strength

of fillet welds is used regardless of the direction of load. Tests have

shown that transverse fillets are without question about a third stronger

than are longitudinal fillets, but this fact is not recognized by most
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specifications. One reason why transverse fillet welds are stronger is

because they are more uniformly stressed for their entire length, while the

longitudinal fillets are stressed unevenly due to varying deformations

along the length of the weld. Another reason for their greater strength

is given by tests which show failure occurs at an angle other than 45°,

giving them a larger effective throat area.

10-10. AISC REQUIREMENTS

The AISC allowable shearing stress is 13,600 psi when E60 electrodes

are used regardless of the steel (A7, A373, A36, A242, and A441). For

the E70 electrodes there is no increase in the allowable stresses from the

E60 electrodes should A7 or A373 stecls be used; but with A36, A242, or

A441 the allowable shearing stress is increased to 15,800 psi. In addition

to these allowable stress values there are several other AISC provisions

applying to welding. Among the more important are the following:

1. The minimum length of a fillet weld may not be less than 4 times

the nominal leg size of the weld. Should its length actually be less than

this value the weld size considered effective must be reduced to 4 of

the weld length.

2. The maximum size of a fillet weld for 4 in. material is 14 in.

For thicker material it may not be larger than the material thickness

less 144, in., unless the weld is specially built out to give a full throat

thickness.

3. The minimum size fillet welds are given in Table 1.17.4 of the

AISC Specification and vary from 34, in. for % in. or less thickness of

material up to % in. for material over 6 in. in thickness. The smallest

practical weld size is about 34, in. and the most economical size is prob-

ably about %» in. The %,-in. weld is about the largest size which can

be manually made in one pass.

4. When practical, end returns should be made for fillet welds as

shown in Fig. 106-10. The length of returns should not be less than twice

the nominal size of the weld. When they are not used it is considered

good practice by many designers to subtract 2 times the weld size from the

4%

End {
-_P Returns. :, i

Fia. 10-10
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effective weld length. End returns are useful in reducing the high stress

concentrations which occur at the ends of welds, particularly for connec-

tions where there is considerable vibration and eccentricity of load. Their

length is usually not included in the strength calculations.

5. When fillet welds are used alone for the connection of plates or

bars, their length may not be less than the perpendicular distance be-

tween them. Furthermore, the distance between fillet welds may not be

greater than 8 in. for end connections unless transverse bending is other-

wise prevented.

10-11. DESIGN OF SIMPLE FILLET WELDS

The strength or design of several simple fillet welds is considered in the

examples included in this section. A major point to remember in select-

ing welds is that it 1s desirable for the designer to select the simplest

welds possible. The ability of the welder has a major effect on the

strength of welds, particularly the difficult oncs such as overhead or even

vertical welds. An excellent welder is required to do a good job for these

welds while the average welder can do good work with the simpler welds.

Iixxamples 10-1, 10-2, and 10-3 illustrate calculations for simple fillet

welds. In these and other problems, weld lengths are selected no closer

than to the nearest 14 in., because closer work cannot be expected in shop

or field. There may be a question in the student’s mind concerning the

welds used in Example 10-3 and shown in Fig. 10-13. He may feel that

there could be an unequal stress distribution in the welds if the plate

thicknesses were different. A study of the figure, however, should show

that the plates are held in position between the two welds and their

elongations will be very nearly equal causing the welds to have approxi-

mately equal stresses.

The calculations for these problems can be slightly reduced if the

strength of a 14,-Iin. fillet weld is computed for each of the two types of

electrodes. The strength of say a 74 ,-in. fillet weld can be obtained by

merely multiplying 7 times the value computed for the 4,-in. weld thus

eliminating a little slide rule work. For the E60 electrodes the strength of

a Y%e-in. fillet weld is equal to (4) (0.707) (13,600) or 600 Ib/in. For

the E70 electrodes the value is (44g) (0.707) (15,800) or 700 Ib/in.

Similarly a 1-in. weld made with the E60 electrode has a strength equal

to (16) (0.600) = 9.6 k/in. If made with the E70 electrode the strength

is (16) (0.700) = 11.2 k/in. These convenient values for fillet welds are

used in several of the example problems of this chapter.

EXAMPLE 10-1. What is the allowable capacity of the connection shown in

Fig. 10-11 if A836 steel, the AISC Specification, and the E60 electrodes are used?

A %g,-in. fillet weld is used.
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BXxzer
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Solution: Capacity per inch of a 7/4 .-in. fillet weld is

(%¢) (0.707) (13,600) == 4,200 Ib

Total capacity of weld = (20) (4,200) == 84,000 Ib

Total capacity of 8 X 1%4-in. plate = (8) (14) (22,000) = 88,000 Ib

Capacity of connection == 84,000 lb

P_— v

Fic. 10-12

EXAMPLE 10-2. Using A36 steel. the AISC Specification, and the E60 elec-

trodes, design fillet welds to resist a full capacity tensile load on the 6 X 3%-in.

plate shown in Fig. 10-12.

Solution:

P = (6) (%) (22,000) 49,500 Ib

Maximum weld size = % Wg in. = 544 in.

Allowable load per inch for % g-in. weid = (5) (600) == 3,000 Ib/in.

Length of weld = 49,500/3,000 = 16.5 in.

Use 814-in. weld both sides and end returns not less than 2 Xx Age in.

(say 1 in.)

EXAMPLE 10-3. Design the fillet welds necessary for the lap joint shown in

Fig. 10-13 if the AISC Specification, A36 steel, and E70 electrodes are used.

The design is to be made to develop the full capacity of the plates shown.
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Fia. 10-13

Solution:

Capacity of plates = (8) (14) (22,000) = 88,000 lb

Each ¥ g in. of fillet weld can carry 700 Ib/in.

Weld size required = 88,000/(16) (700) == %g@ in.

Unless the weld is specially built out to obtain the full throat thickness, the

largest permissible weld size is 4g in.

On some occasions the lengths available for the usual longitudinal

fillet welds are not sufficient for the load to be resisted. For the situation

shown in Fig. 10-14 it may be possible to develop sufficient strength by

15 C 40 (web s=2)

170k———

Fia. 10-14

welding along the back of the channel at the edge of the plate if sufficient

space is available. The dashed lines shown in this figure show this weld.

Another possibility is the use of slot welds as illustrated in Example

10-4. There are several AISC requirements pertaining to slot welds

which need to be mentioned here. This specification says that the width

of a slot may not be less than the member thickness +g in. (rounded

off to the next greater odd g¢ In. since structural punches are always

made in odd 16th’s diameters) nor may it be greater than 24% times

the weld thickness. For members up to % in. thickness the weld thick-

ness must equal the plate thickness, and for members greater than 5% in.

thickness the weld thickness may not be less than one half the member
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thickness nor % in. The maximum length permitted for slot welds is

10 times the weld thickness. The limitations given in specifications for

the maximum sizes of plug or slot welds are caused by the detrimental

shrinkage which occurs around these types of welds when they exceed

certain sizes. Should holes or slots larger than those specified be used

it 1s desirable to use fillet welds around the borders of the holes or slots.

Example 10-4 illustrates the design of the welds necessary to connect

a caannel to a plate. The calculations quickly show that the ordinary

side and end fillet welds do not provide sufficient strength. It is decided

that a slot weld will be used to resist the remaining load. The width of

this weld is controlled by the specifications and its length can then be

determined from the following:

Allowable load = length * width X allowable stress

ExaMPLe 10-4. Design welds to connect a 15[40 to the plate shown in

Fig. 10-14. The load to be resisted is 170 k and E60 electrodes and the AISC

Specification are to be used. As shown in the figure the channel may lap over

the plate only 6 in. due to space limitations.

Solution:

Capacity of fillet weld:

Assume fillet weld size = % g — 4s = % m.

Capacity of 14-in. fillet weld = (4%) (0.707) (13,600) (G6 + 6 + 15) =

129k < 170k

Try a slot weld

Width of slot:

(a) %o + hig = 16 (use 1%g, says AISC)

(b) (214) (% 4) = 1.26 in.

Use 15% g in.

Capacity of 14-in. fillet weld =
(¥,) (0.707) (13,600) (6 + 6 + 15 — 154,) = 125k

Load to be resisted by slot weld = 170 — 125 = 45 k

48
(154 5) (13.6)

Maximum length permitted by AISC = (10) (%,) == 5.62 in. > 4 in. (OK)

Use 4 & 154,4-in. slot weld

Length of slot weld = == 3.54 in. (use 4 in.)

Alternate Solution: Should space have been available on the back of the

channel next to the plate a 54,-in. fillet weld would carry (6) (9,600) (15)

== 45k.
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10-12. DESIGN OF FILLET WELDS FOR TRUSS MEMBERS

Should the members of a welded truss consist of single angles, double

angles, or similar shapes and be subjected to static axial loads only, the

AISC permits their connections to be designed by the same procedures

described in the preceding section. The designer can select the weld size,

calculate the total length of the weld required and place the welds around

the member ends as he sees fit. (It would not be logical, of course, for

him to place the weld all on one side of a member such as for the angle

of Fig. 10-15 because of the rotation possibility. Example 10-5 illustrates

the simple calculations involved in designing the welds for the ends of a

truss member.

c.g.of A~_

c.g. of we 101
fr 3" 1.99"

|

| |

att
| |

st} .

| of |
| |

y A |

6° ——s

Fia. 10-15

Exampte 10-5. Using the AISC Specification, A36 steel, and the E60 elec-

trodes design side and end fillet welds for the full capacity of a6 K 4X %-in.

angle tension member with the long leg connected.

Solution:

Tensile capacity of © == (4.75) (22) = 104.5 k

Maximum weld size = % — Yg = He m.

Allowable load == 4.2 k/in.

Lireq, == 104.5/4.2 == 249 in. (say 25 in.)

Place welds as shown in Fig. 10-15

4The Welding Journal, January 1942, pp. 44—45.
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The student should carefully note that the centroid of the welds and

the centroid of the statically loaded angle do not coincide in the connec-

tion selected in Example 10-5 and shown in Fig. 10-15. Should a welded

connection be subjected to repeated stresses (such as those occurring in a

bridge member), it is considered necessary to place the welds so that their

centroid will coincide with the centroid of the member. If the member

being connected is symmetrical the welds will be placed symmetrically,

but if the member is not symmetrical the welds will not be symmetrical.

The stress in an angle, such as the one shown in Fig. 10-16, is assumed

to act along its center of gravity. If the center of gravity of weld re-

_— ¢.g. of Angle (must also

be c.g. of welds)

Fig. 10-16

sistance is to coincide with the angle stress it must be asymmetrically

placed, or in this figure LZ, must be longer than L.. (When angles are

connected by rivets or bolts there is usually an appreciable amount of

eccentricity, but in a welded joint eccentricity can be fairly well elim-

inated.) The information necessary to handle this type of weld design

can be easily expressed in equation form but only the theory behind the

equations is presented here.

For the angle shown in Fig. 10-16 the force acting along line /,

(designated here as P,) can be determined by taking moments about /,.

The member stress and the weld resistance are to coincide and the mo-

ments of the two about any point must be zero. If moments are taken

about L, the force P, (which acts along line L,) will be eliminated from

the equation and P., can be determined. In a similar manner P, can be

determined by taking moments along L, or by 3 V = 0. Example 10-6

illustrates the design of fillet welds of this type. A similar problem is

handled in Example 10-7 except an end fillet weld is included. The center

of gravity and resistance of the end weld are known and can he easily

included in the moment equations.

There are other possible solutions for the design of the welds for

the angle considered in these two examples. Although the %,-in. weld

is the largest one permitted at the rounded edges of the 14-in. angle and

at its end, a larger weld could be used on the other side next to the out-
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standing leg. From a practical point of view, however, the welds should

be the same size because different size welds slow the welder down in that

he has to change electrodes to make different sizes.

EXAMPLE 10-6. Using the AISC Specification, A7 steel, and E60 electrodes

design side fillet welds for the full capacity of the 5 K 3 X %-in. angle tension

member shown in Fig. 10-17. Assume the member is subjected to repeated stress

variations, making any connection eccentricity undesirable.

Fia. 10-17

Solution: Tensile capacity of angle = (20,000) (3.75) = 75,000 lb. Taking

moments about line L, to determine force P,,

(75,000) (1.75) — 5 P, =0

P, == 26,250 Ib

P, = 75,000 — 26,250 = 48,750 lb

Assuming welds K 1% — 4%, = zw (capacity = 7 & 600 = 4,200 |b/in.),

26,250
— . 1 . y, 1 .L. 4300 6.26 in. (use 614 in.)

48,750 .
L, =" 4900 = 11.62 in. (use 12 in.)

Use end returns = 2 K 4% = 1%@ in. (use 1 in.)

ExaMPpLe 10-7. Rework Example 10-6 using fillet welds along the sides and

ends of the angle.

Solution: Assuming 7, in. welds (capacity == 4,200 lb/in.),

Strength of end weld == (5) (4,200) = 21,000 Ib

Taking moments about the line L, to determine force P,,

(75,000) (1.75) — (21,000) (2.5) — 5P, =0

P, = 15,700 Ib

P, == 75,000 — 21,000 — 15,700 = 38,300 lb
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15,700 , .
L. = 7200 — 3.74 in. (use 4 in.)

38,300 .
= "= 2 } » O14, in.L, 4,200 9.12 in. (use 91% in.)

10-13. SHEAR AND TORSION

Fillet welds are frequently loaded with eccentrically applied loads

with the result that the welds are subjected to either shear and torsion

or to shear and bending. Figure 10-18 is presented in an attempt to

<AN
é

Welds subjected to shear and bending

(b)

Fic. 10-18
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show the student the difference between the two situations. Shear and

torsion, shown In part (a) of the figure, is the subject of this section while

shear and bending, shown in part (b) of the figure, 1s the subject of

Sec. 10-14.

For this discussion the welded bracket of part (a) of Fig. 10-18 is

considered. The pieces being connected are assumed to be completely

rigid as they were in riveted connections. The effect of this assumption

is that all deformation occurs in the weld. The weld is subjected to a

combination of shear and torsion as was the eccentrically loaded rivet

group considered in Sec. 9-9. The force caused by torsion can be com-

puted from the following familiar expression:

Td
f — J.

In this expression 7 is the torsion, d is the distance from the center

of gravity of the weld to the point being considered, and J is the polar

moment of inertia of the weld. It is usually more convenient to break

the foree down into its vertical and horizontal components. In the ex-

pressions to follow, h and » are the horizontal and vertical components

of the distance d. (These formulas are almost identical to those used for

determining stresses in rivet groups subject to torsion.)

Tv Th
fn —_— J ty —_ J

These components are combined with the usual direct shearing stress

which is assumed to equal the reaction divided by the total length of the

welds. For design of a weld subject to shear and torsion it is convenient

to assume a one inch weld and compute the stresses on a weld of that size.

Should the assumed weld be overstressed a larger weld is required, if

understressed a smaller one 1s desirable.

Although the calculations will in all probability show the weld to be

overstressed or understressed the math does not have to be repeated as a

ratio can be set up to give the weld size for which the load would produce

a stress exactly equal to the allowable. The student should note that

the use of a 1-in. weld simplifies the units because 1 in. of length of weld

is 1 sq in. of weld and the computed stresses can be said to be either kips

per square inch or kips per inch of Iength. Should the calculations be

based on some size other than 1-in. weld the student will have to be very

curcful in keeping the units straight particularly in obtaining the final

weld size. Example 10-8 illustrates the calculations involved in deter-

mining the weld size required for a connection subjected to a combination

of shear and torsion. This kind of problem can be easily solved by using

readily available tables. For instance this problem can be checked in the
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Steel Handbook by referring to the tables entitled “Eccentric Loads on

Weld Groups.”

EXAMPLE 10-8. For the bracket shown in Fig. 10-19 (a), determine the fillet

weld size required if E60 electrodes and the AISC Specification are used.

Solution: Assuming a 1 in. weld as shown in part (b) of Fig. 10-19,

A = 18 sq in.

- (4) (2)(2)__ a
L == is 0.89 in.

I, = (4%) (1) (10)? + (2) (4) (5)? = 2833 in

I, = (2) (%) (0.893 +- 3.113) + (10) (0.89)? == 28.5 in.

== 283.3 + 28.5 = 311.8 ins

Most stressed portions of weld are greatest distance from weld center of

gravity [A and B in Fig. 10-19(b)].

_ Tv (15 X 11.11) (5)
the 7 > 3118 = 2.67 k/sq in.

Th (15 XK 11.11) (3.11)
fl = T= 3118 = 1.66 k/sq in.

15 .

L= Sehear = 18 = 0.83 k/sq In,

fe = Sresuitant = \/ (1.66 + 0.83)? + (2.67)? = 3.65 k/sq in.

Allowable stress on 1-in. fillet weld (E60 electrode) = 9.6 k/in.

3.65 ; ,
Weld size required = 26 0.380 in. (use 4, 6 in.)
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10-14. SHEAR AND BENDING

The welds shown in Fig. 10-18 (b) and in Fig. 10-20 are subjected

to a combination of shear and bending.

ee
a

P

é

_-End Return

<-->' t
>

F1u. 10-20

For short welds of this type the usual practice is to consider a uni-

form variation of shearing stress. If, however, the bending stress 1s

assuined to be given by the flexure formula, the shear does not vary

uniformly for vertical welds but as a parabola with a maximum value

equal to 3/2 times the average value. These stress and shear variations

are shown in Fig. 10-21.

“|=

3 V

2 Weld Area

Vertical weld 7 Shearing stress

Bending stress

Fic. 10-21

The student should carefully note that the maximum shearing

stresses and the maximum moment stresses occur at different locations.

It is, therefore, probably not necessary to combine the two stresses at

any one point. If the weld is capable of withstanding the worst shear

and the worst moment individually it is probably satisfactory. In Ex-

ample 10-9, however, a welded connection subjected to shear and bending

is designed by the usual practice of assuming a uniform shear distribution

in the weld and combining that value with the maximum bending stress.
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Again this problem may be checked by referring to the Steel Handbook

tables entitled “Eccentric Loads on Weld Groups.”

Examp.e 10-9. Using E60 electrodes and the AISC Specification determine

the weld size required for the connection of Fig. 10-20 if P = 30 k, e = 2¥, in.,

and L = 8 in.

Solution:

30

= By)
ja (30 25) (4)
~~ (%e) (1) (8)8 (2)

= 1.8765 k/in.

== 3.51 k/in.

fp =v (1.875)? + (3.51)? = 3.98 k/in.

3! . .Weld size required = oe = 0.414 in. (say ¥ ¢ in.)

Should welds of the type shown in Fig. 10-22 be used for a W beam

the web welds would probably be assumed to uniformly carry all of

pT]
| -Flange Welds Assumed to

Resist Bending Forces

Web Welds Assumed

to Resist Shearing —

Forces

the shear and the flange welds all of the moment. Chapter 12 presents

more informatien on this subject.

PROBLEMS

10-1. A 3%-in. fillet weld is used to connect the members shown in the ac-

companying illustration. Determine the maximum load which can be applied

ete
aH

Bar 4x4

pP+— | | —-p

~— 6"

Pros. 10-1
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to this connection according to the AISC if the steel is A36 and E70 electrodes

are used.

10-2. Determine the maximum load which can be applied to the members

shown in the accompanying illustration if A36 steel, E60 electrodes, and the AISC

Specification are used.

10-3. Design side fillet welds to develop the full strength of the A36 bar

shown in the accompanying illustration. Use E70 electrodes and the AISC

Specification.

Bar 4X a

a

Pros. 10-3

10-4. Repeat Prob. 10-3 using both side and end welds.

10-5. Repeat Prob. 10-4 using E70 electrodes and A441 steel.

10-6. The 8 X %-in. plate shown in the accompanying illustration consists

of A36 steel and is to be connected to a gusset plate with 54 ,-in. fillet welds.
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Determine the length L required to develop the full strength of the bar if E70

electrodes and the AISC Specification are used.

10-7. Repeat Prob. 10-6 if the bar consists of A441 steel and if E70 elec-

trodes are used.

10-8. Design side fillet welds to develop the full strength of a6 K 4 x

¥4-in. X using E60 electrodes and the AISC Specification. The member is made

from A36 steel. The 6 in. leg is connected.

10-9. Repeat Prob. 10-8 using E70 electrodes and A36 steel.

10-10. Repeat Prob. 10-8 using side and end welds and assuming that the

connection is subjected to alternating stresses.

10-11. It is desired to design the fillet welds necessary to connect a 10 [ 30

made from A36 steel to a 5-in. gusset plate. End, side, and slot welds may be

used to develop the full capacity of the channel. Use E60 electrodes and the

AISC Specification. It is assumed that due to space limitations the channel

can lap over the gusset plate by a maximum of 10 in.

10-12. Repeat Prob. 10-11 using A441 steel and E70 electrodes.

10-13. Determine the maximum stress in pounds per inch in the fillet weld

shown in the accompanying illustration.

40k

. _
t ey VE 7

| 2 As- 10"
;

A Lit
XN

i heal 2}
Pros. 10-13 Pros. 10-14

10-14. Determine the maximum shear in pounds per inch in the fillet weld

shown in the accompanying illustration.
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10-15. Determine the maximum eccentric load P which can be applied to the

connection shown in the accompanying illustration if 44-in. fillet welds are used.

The electrodes are E60 and the calculations are to be made using the allowable

values of the AISC.

10.16. Rework Prob. 10-15 if 3%-in. fillet welds are used.

10-17. Determine the size welds required to support the channel shown in

the accompanying illustration. E70 electrodes and the AISC Specification are

to be used.

24k

¢——___— Oe 8° —

7
N10 C 20-+—

Pros. 10-17

10-18. Rework Prob. 10-17 if welds are used on the sides of the channel

in addition to those shown in the figure.

10-19. Determine the maximum stress in the welds shown for Prob. 10-17

if the welds are assumed to be 3% in. and the 24k load is changed to a 20 k

load placed 8 in. from the face of the column.

10-20. Using the AISC Specification determine the fillet weld size required

in the bracket shown in the accompanying illustration if E60 electrodes are used.

15k

e— 6"—>—— 8" —>}



Welded Connections 219

10-21. Rework Prob. 10-20 if the load is increased from 15 to 18 k and the

weld lengths increased from 6 to 8 in.

10-22. Determine the fillet weld size required for the connection shown in

the accompanying illustration if E60 electrodes and the AISC Specification are

used.

——— 16k

+} 1+

|
10°

|

Pros. 10-22

10-23. Repeat Prob. 10-22 if the 16 k load is vertical.

10-24. Determine the fillet weld size required for the connection shown in

the accompanying illustration if E70 electrodes, A36 steel, and the AISC Speci-

fication are used.

22k
8" ° |

at

10°

Pros. 10-24
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Bolted Connections

11-1. TYPES OF BOLTS

Bolting of steel structures is a very rapid field erection process which

requires less skilled labor than does riveting or welding. These facts give

bolting a distinct economic advantage over the other connection methods.

in the United States where labor costs are so very high. There are

several types of bolts which can be used for connecting structural steel

members. These include unfinished bolts, turned bolts, ribbed bolts, and

high-strength bolts. Design calculations for the first three of these types

are much the same as for rivets although the allowable stresses may be

different. There are, however, a few differences for high-strength bolts

and this chapter is primarily devoted to these differences. A few descrip-

tive comments are presented in the following paragraphs about the vari-

ous types of bolts.

1. Unfinished bolts (also called common, machine, ordinary, or rough

bolts) are made of Jow carbon steel and are the cheapest type of conncc-

tion available. They generally have square heads and nuts to reduce

costs and to permit easicr application of the wrenches. Hexagonal heads

can be obtained if a little more attractive appearance is desired or if

clearance is a problem. As they have relatively large tolerances in shank

and thread dimensions their allowable stresses are appreciably smaller

than those for rivets or turned bolts. They are primarily used in light

structures subjected to static loads and for secondary members (such as

purlins, girts, bracing, etc.) in larger structures. The strength and ad-

vantages of unfimshed bolts have usually been greatly underrated in the

past.

2. Turned bolés arc probably formed from hexagonal stock and their

threads cut with a die. They are machined to close tolerances to provide

close fits in their holes, usually within 145 in. Because of these close

tolerances the holes must be very accurately made, probably necessitating

reaming or drilling. With such close fitting they are much more satis-

factory in resisting shear than are unfinished bolts, however, they are

220
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used very infrequently for structural connections today. Some type of

locknut is generally used with unfinished bolts.

3. Ribbed bolts are those which have standard rivet heads and raised

fins or ribs spaced evenly around their shanks. The outside diameters

of the ribs are a little larger than the hole diameters and they must be

driven. The ribs cut grooves into the connected members insuring tight

fits but making the bolts rather difficult to install—particularly when

they are to pass through several thicknesses of steel because of the

difficulty of perfectly lining up the holes. An appreciable amount of field

reaming is probably the result. Ribbed bolts are usually assumed to

have a strength equal to that of standard rivets of the same size.

4. High-strength bolts are made from medium carbon heat-treated

steel and have tensile strengths several times those of ordinary bolts.

Although they are a relatively new type of fastener for structural steel

they are today the most popular field connection method. High-strength

bolts are being used for all types of structures, from small buildings to

“skyscrapers” and monumental bridges. These bolts were developed to

overcome the weaknesses of rivets—primarily insufficient tension in their

shanks after cooling. The resulting rivet tensions may not be large

enough to hold them in place during the application of severe impactive

and vibrating loads. The result is that they may become loose and

vibrate and may eventually have to be replaced. High-strength bolts

are tightened until they have very high tensile stresses. The connected

parts are clamped tightly together between the bolt and nut heads per-

mitting loads to be transferred primarily by friction.

A recent addition to the bolt family is the so-called interference bolt

which is made in accordance with the high-strength bolt specifications

but which is also of the ribbed type. These bolts have knurled con-

figurations with diameters a little larger than the holes in which they are

to be placed. The usual tensioning methods with impact wrenches are not

High-strength bolt.

(Bethlehem Steel

Company.)
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required, thus permitting their installation with ordinary spud wrenches.

Because they can be installed with hand wrenches they are very useful

in steel erection where the normal equipment for tightening is difficult to

handle (such as for TV and transmission towers).

11-2. DISCUSSION OF HIGH-STRENGTH BOLTS

The joints obtained using high-strength bolts are superior to riveted

joints in performance and economy and they have become the leading

field method of fastening structural steel members. Structural steel con-

nections made with high-strength bolts are a relatively new development

but their acceptance has been nothing short of astounding. The Bethle-

hem Steel Company used them as erection bolts as early as the 1930s,

but it was not until 1947 that the Researeh Council on Riveted and Bolted

Structural Joints of the Engineering Foundation was established. This

group issued their first specifications in 1951 and since that time high-

strength bolts have been adopted by both building and bridge engineers

for both static and dynamic loadings with amazing speed. They have not

only quickly become the leading method of making field connections, but

they also have been found to have many applications for shop connec-

tions. The construction of the Mackinac Bridge in Michigan involved

the use of more than one million high-strength bolts.

Connections which were formerly made with ordinary bolts and nuts

were not too satisfactory when they were subjected to vibratory loads

because the nuts frequently became loose. For many years this problem

was dealt with by using some type of locknut, but the modern high-

strength bolts furnish a far superior solution.

11-3. ADVANTAGES OF HIGH-STRENGTH BOLTS

Among the many advantages of high-strength bolts partly explaining

their rapid success are the following:

1. Smaller crews of men are involved as compared to riveting. Two

two-man bolting crews can easily turn out over twice as many bolts in a

day as the number of rivets driven by the standard four-man riveting

crew. The result is quicker steel erection.

2. In comparison to rivets, fewer bolts are needed to provide the

same strength.

3. Good bolted joints can be made by men with a great deal less

training and experience than is necessary to produce welded and riveted

connections of equal quality. The proper installation of high-strength

bolts can be learned in a matter of hours.

4. No erection bolts are required which may have to be later re-

moved (depending on specifications) as in welded joints.
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5. There is little noise as compared to riveting.

6. Cheaper equipment is used to make bolted connections.

7. No fire hazard is present and no danger present from the tossing

of hot rivets.

8. Tests on riveted joints and bolted joints under identical conditions

definitely show that bolted joints have a higher fatigue strength. Their

fatigue strength is also equal to or greater than that obtained with

equivalent welded joints. .

9. Where structures are to be later altered or disassembled changes

in connections are quite simple because of the ease of bolt removal.

11-4. SPECIFICATIONS FOR HIGH-STRENGTH BOLTS

High-strength bolts are of the A325 or the A490 types as classified

by the ASTM. The A325 bolt is made from a medium carbon steel and

gains its strength from heat treating, quenching, and tempering, while

the A490 bolt gains its strength by alloying. Up until the present time

the A490 bolt has not been used a great deal but its use will probably

increase appreciably in the years to come for the new higher-strength

steels.

The allowable shearing and tensile stresses permitted in the A325 bolt

by the AISC are presented in Table 11-1. The A354 Grade BC bolt

TABLE 11-1

RECOMMENDED ALLOWABLE STRESSES FOR HigH-Strenctu Bouts ror BuILDINGS

Allowable Shear, F, (psi)
Allowable

Rastener Description eee al) Me Friction-Type Bearing-Type
Connection Connection

A325 bolts when threading is

not excluded from shear 40,000 15,000 15,000
planes. ;

A325 bolts when threading

is excluded from shear 40,000 15,000 22,000

planes.

A490 bolts, when threading

is not excluded from shear 54,000 20,000 22,500
planes.

A490 bolts, when threading

is excluded from shear 54,000 20,000 32,000
planes.
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listed in the Steel Handbook today (April 1965) is obsolete and it is

reasonable to assume that the AISC Specification, particularly Secs.

1.5.2, 1.6.3 and 1.16.1, will soon be revised to replace the A354 bolts with

the A490 bolts. For this reason Table 11-1 shows allowable stresses for the

A490 which are recommended by the Research Council on Riveted and

Bolted Structural Joints of the Engineering Foundation. Allowable bear-

ing stresses are equal to 1.35 times the yicld point of the steel parts being

connected.

The values given in the preceding table are for buildings. The Re-

search Council also gives recommended values for bridges. These values

are in cach case approximately 10 percent smaller than are the values

for huildings.!

Two allowable shearing stresses are given in this table, one for the

friction-type connections where there is a high factor of safety against

slippage and one for the bearing-type connections in which this factor of

safcty 1s substantially reduced. When high-strength bolts are used they

clamp the plates being connected so tightly together that a great deal of

friction is created between them. The shearing stress given for the fric-

tion-type connection is the maximum allowable shear before the friction 1s

assumed to be overcome. This type of connection is to be used for struc-

tures where there is a great deal of impact and vibration with resulting

stress variations or reversals or where any slippage is undesirable. Under

ordinary circumstances no slippage is really expected in either type of

connection.

The bearing allowable stress is considerably higher because of the

smaller factor of safety against slippage. The higher allowable stress

values for this case clearly show that it is the bearing-type connection

which makes use of the high strengths of these bolts and gives the best

economy.

There are other important items covered by the AISC Specification

as they pertain to high-strength bolts. For new construction, high-

strength bolts which are installed in a friction-type connection prior to

welding may be considered as sharing the stress with the weld. Other

types of bolts are not considered to share the stresses including high-

strength bolts in bearing-type connections. Similarly in new work rivets

and high-strength bolts both may be considered to share the stresses re-

sulting from dead and live loads provided they are friction-type connec-

tions,

11-5. INSTALLATION OF HIGH-STRENGTH BOLTS

High-strength bolts are placed in holes 4g in. larger in diameter than

the bolts and they are usually tightened to a minimum tension equal to

1“Structural Joints Using ASTM A325 or A490 Bolts” (New York: American

Institute of Steel Construction, 1964).
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the proofload of the bolt. The proofioad of a bolt is a lower boundary of

the proportional or elastic limit and equals approximately 70 percent. of

the ultimate tensile strength of the A325 bolts. Table 11-2 gives the

proofloads for various size A325 bolts as required by the Research Council

Specification.

TABLE 11-2

Bolt Size (in.) Minimum Bolt Tens

y, 12,050
of, 19,2
3, 28,400

¥, 36,050
47,250

ly, 56,450
ly, 71,700
1%, 85,450
ly, 103,950

Although many engineers felt that there would be some slippage as

compared to rivets (because of the fact that rivets more nearly filled the

holes) the results seem to show that there is less slippage in high-strength

bolted joints than in riveted joints under similar conditions.

It is interesting to note that the nuts used for high-strength bolts

need no special provisions for locking. Once these bolts are installed

and the nut sufficiently tightened to produce the tension required there 1s

no tendency for the nuts to become loose even after millions of cycles

of loading. In fact, there apparently is no case on record where nuts have

worked loose on high-strength bolts which were properly installed.

During the first several years of appreciable use of high-strength

bolts several different methods of trying to insure proper bolt tension

were attempted. These methods included (1) applying a certain torque

to each size belt, (2) the use of automatic wrenches which stalled at a

certain torque, and (3) turning the nut one full turn from the finger-tight

position.

Great success in obtaining the proper tension was not obtained with

any of these methods. Qne trouble with the methods of applying certain

torques to the bolts was that different torques are required to tighten a

bolt from the head than from the nut. For a time specifications called

for bolts to be tightened to 90 percent of the proofload by using a certain

torque. This specification was not completely successful because many

users tried very hard not to go on the high side of the 90 percent figure.

They were afraid that if they put the bolts into the plastic range, failure

would occur. The result of their carefulness was that the bolts were fre-

quently not tightened as high as the 90 percent figure desired.
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In the “one turn of the nut” method slight differences in the nut and

bolt threads, grit or dents in the threads, etc., made the so-called finger-

tight position quite variable. Furthermore, the workmen standing around

with torque wrenches didn’t like to use their hands to tighten the nuts.

(It has been said that this method was probably first developed for

maintenance of, say, railroad bridges in remote areas where it was neces-

sary to put in a few bolts here or there. The men had a fairly good rule

to go by to obtain adequate tightening and they could do it with whatever

equipment they might have with them.)

Today there are more satisfactory procedures for applying certain

torques and a different “turn of the nut’ method is used. Both methods

are recommended without preference by the Research Council. In the

calibrated wrench method at least three of each lot of bolts to be used

on the job are tightened in a calibrating device and their tensions read.

The wrenches arc set to stall at the torque producing the desired tension.

The calibration must he checked at frequent intervals to make sure proper

tightening is being obtained.

In today’s “turn of the nut” method, the nuts are spun on with an

impact wrench until they are snug, the snug point being defined as the

point at which the wrench begins to impact. (Supposedly this snug-tight

position also corresponds to the tightening a man can achieve with his

full strength with a spud wrench.) From the snug point the nuts are

turned from % to % turns, depending on the lengths and diameters of

the bolts. At the snug point a bolt will have a stress of several thousand

pounds per square inch, and after turning the nut a stress in the plastic

range is developed.

If the “turn of the nut” procedure is followed no washers are re-

quired, but if the torque method is used a hardened washer is required

under the part being turned. The reason for using a washer is to provide

as uniform a friction as possible under the twisted ends of the various

bolts.

For a while it was thought that the use of washers at each end would

reduce the amount of “bolt relaxation” occurring due to the high stress

concentrations under the head or nut. Tests, however, have shown that

the actual losses without washers are less than approximately 5 percent

and that about the same losses occur when washers are used at each end.

Another reason for specifying washers formerly was to prevent galling,

which is injury to the metal during twisting due to friction, etc. It has

been found, however, that any galling which takes place is not detrimental

to the strength of the joints, whether static or fatigue loads are involved.

The Research Council does not specify a maximum bolt tension.

(They do give a tolerance in the “turn of the nut” method of \% turn

over and nothing under.) This mcans that a bolt can be tightened to
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the highest load that won’t break it and the bolt will still do the job.

Should the bolt break, another one is put in with no damage done. It

might be noted that the nuts are stronger than the bolt and the bolt will

break before the nut strips.
The surfaces of joints including the area adjacent to washers need

to be free of loose scale, dirt, burs, and other defects which might prevent

the parts from solid seating. It is necessary for the surface of the parts

to ‘be connccted to have slopes of not more than.1 to 20 with respect to

the bolt axis unless beveled washers are used. For friction-type joints

the contact surfaces must also be free from oil, paint, lacquer, or gal-

vanizing. (There is now some evidence available which indicates that

this prohibition of galvanization is not necessary in such structures as

bridges.?)

About the only successful method of checking the tightness of high-

strength bolts is with a torque wrench. The desired procedure is to check

one or two of the bolts in a small connection and perhaps as many as

10 percent of those in a large connection. Should the torque required to

tighten one or more of the bolts be less than the value required for in-

stallation, it will probably be necessary to check all of the bolts in that

2 J, R. Hall, “The Case for the Galvanized Bridge,” Civil Engineering (Novem-

ber 1964) pp. 31-34.
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connection. Torque values higher than those specified are not sufficient

cause for rejection.

11-6. SHEARING RESISTANCE OF BOLTED JOINTS

The loads transferred between members at riveted joints are gen-

erally assumed to be transferred by shear in the rivets, although it has

been well known for many years that the transfer is made primarily by

means of friction between the plates being connected. As rivets cool after

being driven they shrink and cause a clamping action on the plates being

eonnccted, but the amount of clamping varies so much that it is not con-

sidered in design. High-strength bolts provide much higher and more de-

pendable amounts of clamping, and it is therefore reasonable to assume

that the loads in a bolted joint are also transferred by friction. Because

& more uniform tension can be put in bolts, it is possible to obtain a more

uniform shearing resistance with their usc.

Tests have shown that rivets have a maximum tensile stress due to

contraction during cooling of about 30,000 psi, which for a 1-in. rivet

equals a total tensile force of about 24,000 Ib. (This value can be com-

puted from the amount of cooling and the coefficient of contraction for
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Three high-strength bolted structures in Constitution Plaza

Complex, Hartford, Conn., using approximately 195,000 bolts.
(Bethlehem Steel Campany.)
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steel, noting that the stress cannot very well exceed the elastic limit of

the rivet steel of about 30,000 psi.) The minimum recommended total!

tension in a 1-in. high-strength bolt is 47,250 lb, which is twice as large

as the best possible clamping force in a 1-in. rivet (0.785 « 30,000 —

23,550 lb) under the most ideal conditions.

If bolts are tightened to their minimum tensile values there is very

little chance of their bearing against the plates which they are connecting,

In iact, tests show that there is very little chance of slip occurring unless

there is a calculated shear of at least 50 percent of the bolt tension. This

means that in the usual friction-type connection the bolts are not stressed

in shear; however, the AISC gives an allowable bolt shear so that the

connections may be proportioned by the same methods used for propor-

tioning riveted connections subjected to shear.

The preceding discussion docs not present the whole story because

during erection the joints may be assembled with bolts, and as the mem-

bers are erected their weights will often push the bolts against the side

of the holes and put them in bearing and shear. Although it is probable

that the tightening of the bolts produces enough friction to carry the

loads, it is certainly not out of line to base the designs on the shearing

strength of the bolts. Examples 11-1 and 11-2 illustrate the calculations

involved in determining the different carrying capacities of a lap joint

connccted with friction bolts and bearing bolts.
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EXAMPLE 11-1. The plates shown in Fig. 11-1, consisting of A36 steel, are

connected with six 7-in. A325 bolts. Determine the tensile capacity of the joint

if the AISC Specification is used and no slippage can be tolerated (ie. a

friction-type connection).

Solution: Bolts in single shear (actually incorrect) and no bearing:

Allowable shear in bolts = (6) (0.6) (15,000) == 54,000 Ib

Allowable tension in Rs = [(12) (4%) — (3) (14) (1)] 22,000 = 99,000 Ib

Allowable P? = 54,000 Ib

EXAMPLE 11-2. Repeat Example 11-1 if a bearing-type connection is used.

Solution: Bolts in single shear and bearing on Y, in.:

Shear = (6) (0.6) (22,000) = 79,200 Ib

Bear = (6) (4%) (%) (1.35 X 36,000) = 127,500 lb

Allowable tension in Bs = [(12) (144) — (3) (44) (1)] 22,000 = 99,000 Ib

Allowable P = 79,200 Ib

11-7. TENSION LOADS ON BOLTED JOINTS

Bolted and riveted connections subjected to pure tensile loads have

been avoided as much as possible in the past by designers. The use of

tensile connections was probably “forced on” them more often for wind-

bracing systems in tall buildings than for any other situation. There are

some other locations where they have becn used, however, such as hanger

connections for bridges, flange connections for piping systems, etc. Figure

11-2 shows a bolted connection where some of the bolts are subjected to

tensile loads.

\,
Fig. 11-2
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Hot-driven rivets and tightened high-strength bolts are not free to

shorten, with the result that large tensile forces are produced in them

during their installation. These initial tensions are actually close to the

yield points. There has always been considerable reluctance among de-

signers to apply tensile loads to connectors of this type for fear that the

external loads might easily increase their already present tensile stresses

and cause them to fail. The truth of the matter, however, is that when

external tensile loads are applied to connections of this type the con-

nectors will experience little if any change in stress.

Hot-driven rivets which have cooled and shrunk or highly tightened

bolts actually prestress the joints in which they are used against tensile

loads. (To follow this discussion the student may lke to think of a pre-

stressed concrete beam which has external compressive loads applied at

each end.) The tensile stresses in the connectors squeeze together the

members being connected. If a tensile load is applied to this connection

at the contact surface, it cannot exert any additional load on the bolts

or rivets until the members are pulled apart and additional strains put

on the bolts or rivets. The members cannot be pulled apart until a load

is applied which is larger than the total tension in the connectors of the

connection. This statement means that the joint is prestressed against

tensile forces by the amount of stress initially put in the shanks of the

connectors.

Another way of saying this is that if a tensile load P is applied at the

contact surface it tends to reduce the thickness of the plates somewhat

but at the same time the contact pressure between the plates will be

correspondingly reduced and the plates will tend to expand by the same

amount. The theoretical result then is no change in plate thickness and

no change in connector tension. This situation continues until P cquals

the conncetor tension. At this time an increase in FP will result in separa-

tion of the plates and thereafter the tension in the connector will equal P.

Should the load be applied to the outer surfaces there will be some

immediate strain. increase in the connector. This increase will be ac-

companied by an expansion of the plates even though the load docs not

exceed the prestress but the increase will be very slight because the load

will go to the plate and connectors roughly in proportion to their stiffness.

As the plate is much the stiffer it will receive most of the load. An ex-

pression can be developed for the elongation of the bolt based on the

bolt area and the assumed contact area between the plates. Depending

on the contact area assumed, it will be found that unless P is greater than

the bolt tension its stress increase will be in the range of 10 percent.

Should the load exceed the prestress the bolt stress will rise appreciably.

The preceding rather lengthy discussion is truthfully approximate

but should explain why an ordinary tensile load applied to a riveted or
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bolted joint will not change the stress situation very much.

Recognizing the prestressing effect of high-strength bolts the Re-

search Council and the AISC permit calculated tensile loads, independent

of the tightening forces, to equal twice the allowable tensile stress given

in the specifications.

11-8. PRYING ACTION

A further consideration that should often be given to tensile connec-

tions is the possibility of prying action. A tensile connection is shown in

Fig. 11-3(a) which is subjected to prying action as illustrated in part (b)

l [
-

=——i—
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\ \
(a) (b)

Fia. 11-3

of the same figure. Should the flanges of the connection be quite thick

and stiff the prying action will probably be negligible but not so if they

are thin and flexible.

It is usually desirable to limit the number of rows of rivets or bolts

in a tensile connection because a large percentage of the load is carried

by the inner rows of multirow cunnections cven at ultimate load. The

tensile connection shown in Fig. 11-4 illustrates this point as the prying

action will throw most of the load to the inner connectors, particularly

if the plates are thin and flexible. For connections subjected to pure

tensile loads estimates should be made of possible prying action and its

magnitude.

11-9. BOLTS SUBJECTED TO COMBINED SHEAR AND TENSION

The bolts and rivets used for most structural steel connections are

subjected to a combination of shear and tension. The combination is

present even in the standard beam connections with the common web



Bolted Connections 233

Most of load ts carried by

inner lines of rivets or bolts

if the flanges are flexible
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Fia. 11-4

angles, to be described in Chap. 12. This stress condition is present in

brackets and various types of moment-resisting connections, where the

upper bolts or rivets are subjected to a vertical shear plus a tension caused

by the fact that the beam end is trying to rotate downward and tends

to pull the top portion of the connection away from the column or other

member to which it is connected.

A high-strength bolted connnection for a tension member is reviewed

in Example 11-3. The applied load in this example is subjecting the bolts

to a combination of tension and shear. For such cases as this one the

AISC says that the tensile stresses for bearing-type connections may not

exceed the value given by the formula at the end of this paragraph. The

expression given is for the A824 bolt and f, is the shearing stress pro-

duced by the applied loads.

F, = 50,000 — 1.6f, < 40,000

For A325 bolts used for friction-type joints, the AISC does not permit

the shearing stresses caused to exceed the value given by the expression

to follow. In this expression f, is the tensile stress due to the applied load,

T, is the proofload of the bolt and A, is the cross-sectional area of the

bolt.

F,, = 15,000 (1 _J mn)
Ty

The problem of Example 11-3 is repeated in Example 11-4, except

a friction-type connection is used. Although the connection is acting in

shear and tension, friction prevents slippage of the bolt and consequent

application of direct shear to the connectors.
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EXAMPLE 11-3. The tension member shown in Fig. 11-5 is connected to the

column with eight 74-in. A325 high-strength bolts in a bearing-type connection.

Is this a sufficient number of bolts to resist the applied load according to the

AISC Specification?

Solution: Shearing stress:

52
fo =) (08) == 10.8 ksi < 22 ksi (OK)

Tension stress:

Allowable F, == 50 — (1.6) (10.8) = 32.7 ksi < 40 ksi (OK)

Actual f,; == - _104 = 21.7 ksi < 32.7 kei (OK)
(8) (0.6)

Connection is satisfactory (perhaps overdesigned)

Exampte 11-4. Rework Example 11-3 assuming that a friction-type con-

nection is being used because no slip is permissible.

Solution:

104 , ,
tt = (8) (0.6) == 21.7 ksi < 40 ksi (OK)

217 06\__ ,Allowable F,, == 15 (1 — os) == 9.60 ksi
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52

(8) (0.6)

Connection is not satisfactory as friction type

Actual f, = = 108 ksi > 9.60 ksi (N.G.)

Example 11-5 illustrates the calculations involved in determining

the stress situation in the high-strength bolts in the bracket connection

of Fig. 11-6. (The same procedure could be used for a riveted bracket

if the rivets were assumed to have certain tensions after cooling.) The

eccentric load on the bracket tends to bend the top of the bracket away

from the column and push the bottom against the column. Unless the

tendency to pull away from the column on the top is greater than the

initial tension in the bolts there will be almost no change in bolt tension,

as described in Sec. 11-7. It is felt that the calculations in this example

problem are self-explanatory.

Seat 4

ye Stiffener «A

4axax4
4@4'6 e

ExaMpLe 11-5. Determine the stresses in the 1-in. A325 high-strength bolts

shown in the eccentrically loaded connection of Fig. 11-6.

Solution: Stresses due to bolt tightening bearing the bracket against the

column:

Proofload of 1-in. bolts 1s 47.25 k

Pressure on Rs when bolts tightened = a == 2.95 ksi

The stress diagram is shown in part (a) of Fig. 11-7.
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2.95 ksi 0 84 ksi 2.1lksi ¢
2"

| 4"

2-78 ksi 4" Dotted lines
represent bolt

—-_—~—— 4 locations
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pile ee ene ee ~ 4
45 ksi A"3.45 ksi lg

2 4
2"

2 95 ksi 0.84 ksi 3.79ksi
(a) (b) (c)

Fig. 11-7

Stresses due to eccentric load:

— Me __ (180) (8) 10) 0) 84 ksi
T="1 = (49) (8) (20)8

The stress diagram is shown in part (b) of Fig. 11-7.

Note. The bolts going into this column cannot have an increase in stress unless

the members start pulling apart, and the plates cannot pull apart unless the force

applied exceeds the force bearing the pieces together.

Portion of the bolt tension caused by the moment (top bolts):

2.11 + 2.45T due to moment = 47.25 — ( ) (4X 4) = 10.77 k
2

or

10.77 mei:
0.785 == 13.75 ksi

PROBLEMS

Note: The AISC Specification is to be used for all of the problems to

follow.

11-1. If 34-in. A325 bolts are used in the connection shown in the accom-

panying illustration determine the tensile capacity of the jomt (a) as a friction-

type connection and (b) as a bearing-type connection. The plates were rolled

from A36 steel.
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11-2. The truss member shown in the accompanying illustration consists

of two 10 [s 15.8 (A386 steel) connected to a 14-in. gusset plate. How many

¥/ -in. A325 bolts are required to develop the full tensile capacity of the member

assuming a friction-type joint is used? Assume two rows of bolts.

oO Oo oO

Ll
7

. Pros. 11-2

11-3. Rework Prob. 11-2 if %-in. A825 bolts are used in a bearing-type

connection.

11-4. Rework Prob. 9-11 using 7%-in. A325 bolts in a bearing-fype connec-

tion.

11-5. Rework Prob. 9-12 using *4-in. A325 bolts in a friction-type connec-

tion.

11-6. If 34-in. A325 bolts are used in a friction-type connection for the

connection of Prob. 9-18, what is the allowable value of P? .

11-7. Rework Prob. 9-19 if 74-in. A325 bolts are used in a bearing-type

connection.
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11-8. Rework Prob. 9-20 if 34-in. A325 bolts are used in a bearing-type

connection.

11-9. Determine the number of 34-in. A325 bolts required in the angles

and the flange of the W shape shown in the accompanying illustration if a

bearing-type connection is used. A36 steel is used.

120 k

\ ; /10 W 66
245 SXIXF

3 - -
4 /

° oO
° ]

7 9”

ot )
=)

2 Vertical Rows

of Bolts

Pros. 11-9

11-10. Repeat Prob. 11-9 if no slip can be tolerated.

11-11. Rework Prob. 9-21 if %-in. A325 bolts are used in a friction-type

connection.
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Building Connections

12-1. SELECTION OF TYPE OF FASTENER

This chapter is concerned with the actual beam-to-beam and beam-

to-column connections commonly used in stecl buildings. Under present-

day steel specifications four types of fasteners are permitted for these

connections. These are rivets, welds, unfinished bolts, and high-strength

bolts.

Selection of the type of fastencr or fasteners to be used for a par-

ticular structure usually involves many factors, including requirements

of local building codes, relative economy, preference of designer, avail-

ability of good welders or riveters, loading conditions (as static or

fatigue loadings), preference of fabricator, and equipment available to

him. It is impossible to list a definite set of rules from which the best

type of fastener can be selected for any given structure. One can only

give a few general statements which may be helpful in making a de-

cision. These are listed as follows:

1. Unfinished bolts are often economical for light structures subject

to small static loads and for secondary members (such as purlins, girts,

bracing, etc.) in larger structures.

2. Field bolting is very rapid and involves less skilled labor than

welding or’ riveting. The purchase price of high-strength bolts, however,

is rather high:

3. If a structure is later to be disassembled, riveting and welding are

probably ruled out, leaving the job open to bolts.

4. For fatigue loadings friction-type high-strength bolts are excellent,

while welds and bearing-type high-strength bolts are very good.

5. Welding requires the smallest amounts of steel, probably provides

the most attractive-looking joints and also has the widest range of appli-

cation to different types of connections.

6. When continuous and rigid fully moment resisting joints are de-

sired welding will probably be selected.

7. Welding is almost universally accepted as being satisfactory for

239
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shopwork. For ficldwork it is very popular in some areas of the United

States while in others it is stymied by the fear that field inspection is

rather questionable.

8. Rivets which can be rapidly installed in the shop with heavy

riveters are nevertheless constantly losing ground to the ever-increasing

use of welds and high-strength bolts.

9. For field work, rivets are rapidly becoming extinct except for

some bridgework.

A most interesting article entitled “Choosing the Best Structural

Fastener” by Henry J. Stetina appeared in the November 1963 issue of

(ivil Engineering. It would be well worth the student’s time to read this

article.

A valuable reference on the relative economy of various types of

beam to beam and beam to column connectious is given in a handbook

published by the United States Steel Corporation in October 1963 en-

titled Building Design Data.

12-2. TYPES OF BEAM CONNECTIONS

According to their rotational characteristics under load, connections

can be classified as being simple, semirigid and rigid. A connection which

does not rotate at all or which has complete moment resistance is said

to be a rigid connection while a connection which is completely flexible

and free to rotate and has no moment resistance is said to be a simple con-

nection. A semirigid connection is one whose resistance falls somewhere

between the simple and rigid types.

From a practical standpoint, since there are no connections which are

completely rigid or completely flexible, it is a common practice to classify

them on a percentage of moment developed to complete rigidity or com-

plete moment resistance. (A measure of the rotational characteristics of a

particular connection cannot be practically obtained by a theoretical

method and it is necessary to run tests and plot curves of the relation-

ships between moments and rotations for each type of connection.) A

rough rule is simple conncctions 0-20 percent. semirigid 20-90 percent, and

rigid above 90 percent.

Each of these three general types of connections is briefly discussed in

this section with little mention of the specific types of connectors used.

The remainder of the chapter is concerned with detailed designs of these

connections using specific types of fasteners. In this discussion the author

probably overemphasizes the semirigid and rigid type connections, be-

cause most of the building designs with which the average designer works

will be assumed to have sumple connections. A few descriptive comments

are given in the following paragraphs concerning each of these three types

of connections.
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Simple Connections are quite flexible and are assumed to allow the

beam ends to be substantially free to rotate downward under load as true

simple beams should. Although simple connections do have some moment

resistance (or resistance to end rotation) it is assumed to be negligible

and they are assumed to be able to resist shear only. Several types of

simple connections are shown in Fig. 12-1. More detailed descriptions

of each of these connections and their assumed behavior under load are

given in later sections of this chapter. In this figure each connection is

shown as being made entirely with the same type of fastener while in

actual practice two types of fasteners are often used for the same con-

nection. For example, a very common practice is to shop-weld the web

angles to the beam web and field-bolt them to the column or girder.

Semirigid connections are those which have appreciable resistance

to end rotation thus devcloping appreciable end moments. In design

practice it is quite common for the designer to assume all of his con-

nections to be simple or rigid with no consideration given to those situa-

tions in between thereby simplifying the analysis. Should he make such

an assumption for a true semirigid connection he may miss an oppor-

tunity for appreciable moment reductions. To understand this possibility

the student is referred to the moment diagrams shown in Fig. 12-2 for a

wk/ft w k/ft

wl? wilt
8 24

oo wl et?12 Te

(a) Simple connections (0%) (b) Rigid connections (100%)

w k/tt wk/ft

MRSS EE SORES

wl wl?
i wl? __16 wl?

wl + wl@ 6 + —__}
24 Na & “

(c) Semirigid connections (50%) (d) Semirigid connections (75%)

Fic. 12-2

group of uniformly loaded beams supported with connections having dif-

ferent percentages of rigidity. This figure shows that the maximum

moments in a beam vary greatly with different types of end connections.

For example, the maximum moment in the semirigid connection of part

(d) of the figure is only 50 percent of the maximum moment in the simply
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supported beam of part (a) and only 75 percent of the maximum moment

in the rigidly supported beam of part (b).

Actual semirigid connections are used fairly often but usually no

advantage is taken of their moment reducing possibilities in the calcula-

tions. Perhaps one factor which keeps the design profession from taking

advantage of them more often is the AISC Specification which says that

consideration of a connection as being semirigid is permitted only upon

presentation of evidence that they are capable of resisting a certain per-

centage of the moment resistance provided by a complete rigid connection.

A second deterring factor is the need for a method of analysis which

falls in between analysis for simple beams and analysis for an indeter-

minate structure with completely rigid joints. The student can see that

analysis of a building by moment distribution could be drastically affected

if the end connections were assumed to have varying percentages of

moment restraint. This subject is discussed in detail by Bruce Jobnston

and Edward H. Mount in a paper entitled “Analysis of Building Frames
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with Semi-Rigid Connection.”! The student is also referred to Chap. 8

of Advanced Design in Structural Steel by John E. Lothers (Prentice-

Hall, 1960) for an excellent discussion of this subject. Several types of

semirigid connections are shown in Fig. 12-3.

eet

banal

(a) Web 4s with seat 4 and top 4 (b) Structural tee connection

an td

_,

SE eee atin

(c) Welded semirigid connection

Fic. 12-3

Rigid connections are those which theoretically allow no rotation at

the beam ends and thus transfer 100 percent of the moment of a fixed end.

Connections of this type may be used for tall buildings in which wind

resistance is developed by providing continuity between the members of

the building frame. Connections which provide almost 100 percent re-

straint are shown in Fig. 12-4. In this figure the student might compare

the heavy, awkward riveted or bolted connections of parts (a) and (b)

1 Trans. ASCE, vol. 107 (1942), p. 993.
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of the figure with the welded types shown in parts (c) and (d). From

the standpoint of appearance alone he might see why the welded moment

connections are more popular than the others.

In part (c) a welded connection is shown on one end of a heam

where the beam can be placed right up against the column. Although

it 1s possible to butt one end of a steel beam against a supporting column.

or girder, practical field dimensions in steel erection are not usually pre-

cise enough to permit such close fitting on the other end. There it is

necessary to use some type of connection which permits a little variation

in fitting dimensions. Part (d) of Fig. 12-4 presents such a connection.

12-3. STANDARD RIVETED OR BOLTED BEAM CONNECTIONS

Several types of standard riveted or bolted connections are shown

in Fig. 12-5. These connections are usually designed to resist shear only,

as testing has proved this practice to be quite satisfactory. Part (a) of
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the figure shows a connection between beams with the so-called framed

connection. This type of connection consists of a pair of flexible web

angles probably shop connected to the web of the supperted beam web and

field connected to the supporting beam or column. When two beams are

being connected it is frequently necessary to keep their top flanges at the

same elevation, with the result that the top flange of one will have to be

cut back (called coping) as shown in part (b) of the figure.

Simple connections of beams to columns can be either framed or

seated as shown in Fig. 12-5. In part (c) of the figure a framed connec-

tion ig shown in which two web angles are connected to the beam web in
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the shop, after which rivets or bolts are placed through the angles and

column in the field. It is often convenient to have an angle, called an

erection seat, to support the beam during erection. Such an angle is shown

in the figure.

The seated connection has an angle under the beam similar to the

erection scat just mentioned, which is shop-connected to the column. In

addition, there is another angle probably on top of the beam which is

fiéld-connected to the beam and column. A seated connection of this type

is shown in part (d) of the figure. Should space limitation prove a prob-

lem above the beam, the top angle may be placed in the optional location

shown in part (e) of the figure. The top angle, at either of the locations

mentioned, is very helpful in keeping the top flange of the beam from

being accidentally twisted out of place during construction.

The amount of load which can be supported by the types of connec-

tions shown in parts (c), (d), and (e) of Fig. 12-5 is severely limited by

the flexibility or bending strength of the horizontal legs of the seat angles.

For heavier loads it is necessary to use stiffened seats such as the one

shown in part (f) of the figure.

The majority of these connections are selected by referring to stand-

ard tables. The Steel Handbook has excellent tables for selecting riveted,

bolted or welded beam connections of the types shown in Fig. 12-5. After

a rolled-beam section has been selected it is quite convenient to refer

to these tables and select one of the standard connections, which will be

suitable for the vast majority of cases. No numerical examples are given

here because several examples together with a very good explanation are

given in the Steel Handbook. It is strongly suggested that the student

study these examples very carefully and sce if he can duplicate the

shearing and bearing strengths given in the tables for the various con-

nections.

In order to make these standard connections have as little moment

resistance as possible the angles used in making up the connections are

usually light and flexible. To qualify as simple end supports the ends

of the beams should be free to rotate downwards. Figure 12-6 shows the

manner in which framed and seated end connections will thcorctically °

deform as the ends of the beams rotate downward. The designer does not

want to do anything that will hamper these deformations.

For the rotations shown in Fig. 12-6 to occur there must be some

deformation of the angles. As a matter of fact, if end slopes of the mag-

nitudes which are computed for simple ends are to occur, the angles will

actually bend enough to be stressed beyond their yield points. If this

situation occurs, they will be permanently bent and the connections will

quite closely approach true simple ends. The student should now see

why it is desirable to use rather thin angles and large gages for the rivet
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or bolt spacing if flexible simple end connections are the goal of the de-

signer.

These connections do have some resistance to moment. When the

ends of the beam begin to rotate downward, the rotation is certainly

resisted to some extent by the tension in the top rivets, even if the angles

are quite thin and flexible. Neglecting the moment resistance of these

connections will cause conservative beam sizes. If moments of any size

are to be resisted, more rigid-type joints need to be provided than avail-

able with the framed and seated connection.

12-4. SEMIRIGID AND RIGID RIVETED OR BOLTED CONNECTIONS

The standard beam connections discussed in Sec. 12-3 are usually

designed to transfer shear only. Although they do transfer moments,

the amounts are very small due to the flexible angles used. When a frame

is to be continuous or when resistance to wind or other lateral loads is

to be provided by the joints, connections will be used which have much

greater moment resistance.

Several types of semirigid and rigid connections were shown in Fig.

12-3 and 12-4. Perhaps the simplest semirigid connection type is the one

shown in part (a) of Fig. 12-8, where a beam is connected to a column
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with a pair of standard web angles together with top and bottom clip
angles. Usually the web angles are designed to resist the shears and are
picked from the Steel Handbook while the clip angles arc designed to
resist the moments. Another very satisfactory type of semirigid connec-
tion is the one shown in part (b) of Fig. 12-3. In this case the connection
is made with a pair of structural tees and it is called a structural tee con-

nection or a split beam connection.

In the riveted semirigid connection of Fig. 12-8 the end moment is
resisted by an equal and opposite couple produced by the tensile force

in the rivets in the top clip angles and a compressive force in the lower

flange rivets. The rivets passing through the clip angle and the beam

flange are placed in single shear by a force cqual to the pull at the top

of the connection. From this information the number of rivets can be

easily determined.

To consider a method of determining the thickness of the clip angles

in a connection of this type, Fig. 12-7 is presented showing the assumed

Point of Contraflexure

Fa. 12-7

bending condition of the top angle. The true bending condition of this

angle is extremely complicated. An assumption is made here that no

clamping force is provided by the rivet. It is further assumed that the

angle bends in such a manner as to have a point of contraflexure midway

between the top of the horizontal Ieg of the angle and the center of the

rivet.

If this bending condition were correct, the bending moment in the

angle could be estimated as being the force being transferred times the

distance from the top of the horizontal Ieg or from the center of the rivet

to the point of contraflexure. The angle thickness can be determined from

the flexure formula using the moment estimated in the vertical angle leg.

It is fairly common design practice to make some rough assumption as to

the thickness of these clip angles without bothering to estimate the mo-

ment developed. The frequent result is angles which do not have suffi-

cient thickness.
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EXAMPLE 12-1. Design a connection of the type shown in Fig. 12-8 to resist

a moment of 30 ft-k and a shear of 25 k. Use %-in. A141 rivets, A36 steel, and

the AISC Specification.

Solution: Design of web &s to resist full shear:

From Steel Handbook, “Framed Beam Connections” table:

Use2 %s 4X 34% XK ¥& XK 8% mm. with 3 rows of rivets

Selection of clip & rivets:

(a)

(0)

Rivets through column flange:

Allowable tension per rivet = (0.6) (20) = 12k

vate — (12) (30) __
Pull on rivets = — igo 22.5 k

; ; 22.5
Number of rivets required - “7 = 1.87 (say 2)

Rivets through beam flange:

Rivets jn single shear and bearing on 0.503 in.

Single shear = (0.6) (15) = 9k

Bearing = (%) (09.503) (1.35 K 36) = 214k

ty

Number required = “* == 2.50 (say 4)

Selection of clip <s:

Assume {¥s 7 XK 4 X % X 0 ft 8 in. for rivets selected.

Distance from center of tension rivets to top of horizontal leg of < =

24, — 34 = 175 in.
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Moment in vertical leg of clip % == (22.5) (1.75/2) =: 19.7 ink

= on 2 MS 6 bt
F,

Jer
“NV OF,

(6) (19.7)

= (8) (27)
= 0.74 in. < 0.75 in (OK)

Usee7X 4X % x 0 it 8 in. clip &

A split beam connection of the type shown in Fig. 12-3 (b) is de-

signed in Example 12-2. This type of connection is the most rigid of

the semirigid types. To understand its increased rigidity over the clip

angle type the reader should compare the deformation diagrams for the

tension sides of these two types of connections shown in Figs. 12-7 and

12-9. In Fig. 12-7 the tension part of the couple is acting eccentrically

on the clip angle, while in Fig. 12-9 the structural tee is loaded axially

and has less deformation.

~

Fic. 12-9. Tension side of structural tee construction.

With respect to Fig. 12-9, the pull is divided into 7/2 times the

distance x. The other dimensions of the structural tee can be obtained

from the space required to place the rivets. Another variation from the

clip-angle problem is that no web angles are used to resist the shear, with

the result, that the rivets from structural tees to the columns are placed

in a combination of shear and tension. In this discussion clamping force

has again been very conservatively neglected. Truthfully, there are

probably present rather large clamping forces. Another factor of im-
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portance is that on the compression side of the connection the rivets are

pressed against the column and probably a large percentage of the total

shear on the column is carried on that side by friction.

ExaMPLe 12-2. A split beam connection is to be designed for the 18 W 55

shown in Fig. 12-10 to resist a shear of 50 k and a moment of 60 ft-k. Design

the connection if A386 steel, 1-in. A141 rivets, and the AISC Specification are

used.

tT

¢ ¢

18.12"

Fig. 12-10

Solution: Selection of rivets:

(12) (60),
Pull on tee = - 18.12 39.7 k

Rivets through beam flange in single shear and bearing on 0.630

Shear = (0.785) (15) = 118k

Bear = (1) (0.630) (1.85 K 36) = 30.7 k

Number required = == 3.36 (say 4)

Rivets through column flange in tension and shear

Assume 4 rivets in each tee.

j — 50

» ~~ (8) (0.785)

j, = 39.7

€ (4) (0.785)

—= 7.96 ksi < 15 ksi

== 12.62 ksi
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Allowable F, from AISC == 28 — (1.6) (7.96) = 15.3 ksi > 12.62 ksi (OK)

Selection of structural tee:

Assume gage of flange rivets = 51% in.

After running through the following steps a few times on scratch paper,

an ST 16W 100 (b, = 15.75, t, = 1.15, t,, == 0.715, d = 16.50) is tried.

z= (4) (5% — 0.715) = 2.39 in.

39.
m= (2.39) = 47.5 in.-k

Assuming length of ST = 10 in.,

_ (6) (47.5) __ ; .{= Vee (oe (27) == 1,028 in. (OK)

Use STW 100 X 0 ft 10 in.

Space is not taken here to present the design of a rigid riveted or

bolted connection because it is felt that all of the principles necessary to

work such a problem have been presented in this chapter and in Chaps.

9 and 11.

12-5. TYPES OF WELDED BEAM CONNECTIONS

The sections to follow present several methods of making welded

connections between beams and girders and between beams and columns.

These include web angles (Fig. 12-11), beam seats (Fig. 12-14), stiffened

beam seats (Fig. 12-19), and moment-resistant connections (Fig. 12-22).

The first three of these types are designed as simple connections and as

such are expected to transfer end reactions while having no appreciable

moment restraint. They are often referred to simply as shear connections.

The moment-resistant connections provide resistance to both reactions

and moments and are probably referred to as moment connections.

To design welded beam connections properly the designer must un-

derstand the stress conditions in the structure and how those stresses can

be transmitted through welded connections. Two illustrations are as

follows:

1. The majority of the bending stresses in beams occur in the flanges

and if welds are to be designed to transfer these forces they should be

primarily located at the beam flanges.

2. Similarly, most of the shearing forces in a beam occur in its web

and welds designed to transmit these forces need to be primarily located

on the webs.

Members may be welded directly to each other without the use of
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connecting plates and angles; however, such simple connections may have

serious drawbacks. An illustration of this fact can be seen where a beam

end is welded directly to another column or beam. If the designer uses

a high vertical weld along the web, he will have a connection which can

resist an appreciable moment whether that was his intention or not. The

resulting fairly large moments will produce fairly large bending stresses.

A previous discussion described the difficulties of getting members to fit

together perfectly in the field as would be required for this type of con-

nection.

12-6. WELDED WEB ANGLES

Beams for which simple end supports are desired are often connected

with web angles as shown in Fig. 12-11. Web-angle connections are

> I+ + Setback
L J

End Returns ~. 7 End Returns
Ye %

~~ Erection
Bolts Ve

orc
Fia. 12-11

normally designed to transmit shear and as little moment as possible

by minimizing rotation resistance. These angles are probably shop welded

to the beam and: may be field welded to the columns or girders. Perhaps

& more common practice today is to shop-weld the angles to the beam

and ficld connect them to the columns or girders with high-strength

bolts. The angles extend out from the beam web by approximately

¥% in., as shown in the figure. This distance is often referred to as the

setback.

Erection bolts are usually necessary for erecting these beams. They

are probably placed near the bottom of the angles so they will not

appreciably reduce their flexibility. In some situations they may be

necessary at the top of the angles to stabilize the joint during erection.

Such bolts can be removed at a later date if it is felt that they provide

too much restraint against rotation.

_. As previously described for riveted beam connections it is desirable

to:-use the thinnest possible angles. Thin angles will deflect easily and let
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the beam ends rotate enough to approach the desired simple end condi-
tions. As the load is applied to the beam, the beam end tends to rotale

downward and the flexibility of the angles allows the top of the beam

to move away from the column or girder. Three-inch legs are usually

sufficient for connections to the beam web and the same or perhaps

slightly longer legs are used for connections to the column or girder. The

depth of the angle is limited by the beam depth and the space required

for welding. The desired maximum weld depth equals the beam depth

minus its width, but may be a little deeper. The thickness of the web

angles will be 4, to \% in. thicker than the weld size.

A good many designers assume that web angles are subject only

to a vertical shear (equal to the end reaction) and no moment. Without

question, however, the end reaction is eccentric with respect to both the

shop and field welds and causes moment. For the field welds applied to

the column or girder the load is transferred a distance e away, as shown

in Fig. 12-12; and the moment in each weld cquals (R/2)(e). (Notice

Mx»
End Return

7

ee

7

——_——_
o ! ~ Y ASS EEADY —- Beam Web

Fic. 12-12

these vertical weids are returned about ¥% in. at the top of the angles

because tests haye shown such returns greatly strengthen the conncction.)

These field welds are subject to a rotation effect which causes the

web angles to be forced together against the heam web and pushed apart

at the bottom, tending to shear horizontally the fillet weld. The usual

practice is to consider that the neutral axis dividing the tension from the

compression is located one tenth of the way down from the top of the

angles. The horizontal shear is assumed to vary from zero at the one-

tenth point to a maximum at the bottom of the angles.

The top pressure is assumed to be concentrated at the one-tenth point

and as is seen in the figure the horizontal shear will be concentrated at the

center of gravity of the triangle 0.3L from the bottom of the web angles.
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Since the couple produced by these forces must be equal and opposite

to the external moment, the value of f, can be determined as follows:

(5) (0.9L) (fs) (0.6L) =
f ” he
= 0.54 L?

The vertical shear (f,) equals R/2 divided by the height of the weld

and can be combined with f, to obtain the maximum stress (f, =

V (fn) (fx)? + (f,)2 ) after which the weld size can be determined. Example

12-3 illustrates the calculations involved in the design of this type prob-

lem. The Steel Handbook again has tables from which these values can

be picked directly.

EXAMPLE 12-3. Design shop and field welds for the 21. W68 beam shown

in Fig. 12-13 using E60 electrodes and the AISC Specification. Assume web

angles are 3 X 3 X % X& 0 ft 10 in. Beam reaction is assumed to be 44 k.

2168
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Fia. 12-13

Solution: Design of shop welds to beam web:

A = (2) (2.5) + 10 = 15 sq in.

.__ (5) (1.25)
i er |e == 0.42 in

1, = (149) (1) (10) + (2) (2.5) (5)? = 2083 ins

I, = (2) (4%) (1) (2.088 +- 0.428) + (10) (0.42)? = 7.8 in.4

J == 208.3 + 7.8 = 216.1 in4

(22) (2.58) (5)
hh = 5161 = 1.31 k/in.

___ (22) (2.58) (2.08) .
L= 316.1 = 0.545 k/in.
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22 .
i, ~~" = 1.47 k/in.

fe = V (0.545 + 1.47)2 + (1.31)? = 2.40 k /in.

Weld size required =s = 0.250 in. (say 4 in.)

Design of shop weld to column:

_ Re _ (44)(3) _
is = O54 £2 = (0.54) (0)? — 24 K/-

4400
I TM (2) (10) = 22 k /in.

fp == VV (2.44)? -F (2.2)? = 3.28 k/in.

3.28
Weld size required = oe = 0.342 in. (say % in.)

12-7. DESIGN OF WELDED SEATED BEAM CONNECTIONS

Another type of fairly flexible beam connection can be obtained by

using a beam seat such as the one shown in Fig. 12-14. Beam seats are

banal, Ly
To ——~ Optional Location

| 1 of Top 4

| l
a

—77 Erection Bolis Erection Bolt
| 

, 

L

Fia. 12-14

obviously of advantage to the men performing the erection. The seat is

probably shop welded to the column and field welded to the beams. Seat

angles, which are also called shelf angles, may be punched for temporary

erection bolts as shown in the figure. These holes can be slotted to permit

easy alignment of the members.
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In addition to the seat angle, a top angle is used which furnishes

lateral support. As it is not usually assumed to resist any of the load,

its size 1s probably selected by judgment. Fairly flexible angles are used

which will bend away from the column or girder to which it is connected

when the beam tends to rotate downward when under load [see Fig.

12-6(b) ]. A common size angle selected is the 4 X 4 & ¥-in. angle.

Unstiffened seated beam connections of practical sizes can support

light loads up to only 50 or 60 k when A36 steel is used. For these light

loads two vertical end welds on the seat are sufficient. The top angle

is welded only on its toes so that as the beam tends to rotate this flexible

angle will be free to pull away from the column.

The minimum length of bearing required by the AISC for the beam

on the seat angle can be determined from the usual web crippling formula

which was discussed in Chap 7. A length uf from 3 to 4 in. is usually

satisfactory. The beam reaction causes a bending moment in the hori-

zontal leg of the seat angle. The critical section for bending (represented

by section 1-1 in Fig. 12-15) is usually assumed to be at the edge of the

3"

. —

l 8

Fic. 12-15

fillet which is approximately ¢ + % in. from the back of the vertical leg

for most angles and R (the beam reaction) is assumed to be concentrated

at the center of the theoretical required bearing length.

Some designers, to obtain mure flexible seats, use a higher allowable

bending stress than normally permitted (an increase of approximately

20 percent being quite common). The resulting higher stress on the seat

will cause it to rotate more and approach more nearly true simple end

conditions. The length of the vertical leg of the seat angle can be de-

termined from the weld size required. A depth can be assumed and the

weld size required for that depth determined. After one trial a depth

can probably be selected which will require a reasonable weld size.

There are many opinions concerning the stress variation in these

vertical welds. Some designers assume that the neutral axis occurs at
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middepth, while others assume that the bottom third of the welds is in

compression and the top two thirds in tension. The former method is

used in the solution of Example 12-4. In this problem the author assumes

there is a setback of 14 in. while the tables for seated beam connections in

the Steel Handbook are based on setbacks of 34 in. to take care of the

fact that beams may “underrun” a little. This causes a littie difference

in answers.

EXAMPLE 12-4. Design an unstiffened beam seat for the simple beam shown

in Fig. 12-16, using A36 steel, E70 electrodes, and the AISC Specification.

2 k/ft 16 W 36 (fy-= .299,
SS ETT, «4-6 99, #2 2)

Ler yA

2036k |, Lge 20 36k

Fia. 12-16

Solution: Length of bearing required:

R

20,360
—— - == 27,000

0.299 (N + 15/16)

N = 1.59 in.

Use a 4-in. horizontal leg

Selection of seat angle:

Width of beam = 6.99 in.
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Assume width of seat X = 8.00 in.

Assume thickness of X == \% in.

a +. 0.50 — % — 34 = 0.43 in. (see Fig. 12-17)

M = (20.36) (0.43) = 8.740 in.-k

Using allowable f = 0.75 F,, = 27,000 psi

Mc
f=>

97 000 — (8740) (t/2)

(142) (8) (8)

é = 0.493 in. (use 1% in.)

Design of vertical welds (see Fig. 12-18):

a

m iF 6
j y —
y y
y y 2
y y >
p y 5

y 4
y) 4 _
|, ____ gra h, Lt

Assumed Stress variation

in vertical welds

Fia. 12-18

Assume welds are 6 in. deep

Moment on each weld = (R/2) (e)

| e= Y, + 1.75 = 2.25 in.

M = (2.25) (=) = 22.9 in-k

Resisting couple has a lever arm of 4% L or 4 in.

(fn X 3X %) (4) = 22.9

f, ==3.81 k/in.

fy = 45? 1.69k/in.

fp = V (3.81)? + (1.69)? = 4.17 k/in.

Weld size required = 4.17/11.2 = 0.372 in. (use % in.)

Use 6 X 4X W-in. seat X X 0 ft 8 in. with 4 & 4 & Y4-in. top =
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12-8. WELDED STIFFENED BEAM SEAT CONNECTIONS

When beam reactions become fairly large (above 40-60 k depending

on steel used) the thickness réquired for the seat angles becomes excessive

and it becomes necessary to use stiffened seats. Stiffened beam scats

probably consist of a structural tee or of a couple of plates welded into the

shape of a tee and their design is relatively simple. Figure 12-19 shows

one “ype of stiffened beam seat.

ane ———

L,

| Lea On eaeemsentntoy

Fia. 12-19

A stiffened beam seat must first provide sufficient béaring length for

the beam from a web-crippling standpoint. After this length is deter-

mined it is necessary to estimate the position of the center of gravity

of the beam reaction. When the beam is loaded and as its end begins to

rotate, the center of gravity of the reaction tends to move towards the

outer edge of the seat. The result is a larger eccentricity and a larger

eccentric moment than would occur in a comparable unstiffencd seat.

Some designers agsume that the center of gravity of the reaction is located

at the center of the theoretical bearing length, while others assume it is

located two thirds of the actual bearing length towards the outer edge.

For this discussion the author assumes the reaction is centered a distance

from the outer edge of the seat equal to one half of the theoretical bearing

length required for web crippling.

The stems of beam seats usually are in little danger of buckling and

they are not designed by a high-level theoretical method. In fact the

usual practice followed is to make the stem thickness at least equal to the

web thickness of the beam. Some more conservative designers limit the

stem to certain maximum L/r ratios, and check it for axial load and
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bending. The depth of the stem is determined by the length of the weld

required, and the width of the flange should be a little wider than the

beam flange to permit reasonably simple field welds. On each side it is

desirable for the seat to be at least twice the weld size wider than the

beam flange.

Finally, the welds for the seat must be of sufficient size to adequately

resist the shear and bending stresses applied to them. The vertical welds

are close together and, therefore, have little resistance to transverse

flexure. For this reason it is usually considered desirable to weld hori-

zontally along the bottom of the top flange a distance cqual to roughly

one-fourth to one-half of the vertical web depth. These horizontal welds

greatly inerease the resistance of the connections to twisting. The hori-

zontal weld can be made on top of the flange of the tec, but there is a

slight possibility that such a weld may get in the way of the beam.

In the example problem to follow (Example 12-5) the stem is not

considered to resist any of the moment as the weld is assumed to take

it all. The maximum stress occurs at the bottom of the vertical welds

and is determined by a combination of the shearing and fiexure stresses.

The weld dimensions are roughly estimated, and the size required for

these dimensions is determined to sec if the original dimensions are

reasonable.
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EXAMPLE 12-5. Design a structural tee stiffened seat for the reactions of

the beam shown in Fig. 12-20. The design is to be made with A%6 steel, EGO

electrodes, and using the AISC Specification.

6 k/tt

\Bn “>, 18 W 60 ( f,,=0 416,
L | | k= 1ie+ b= 7.558)

48 64 18 Na 6
Fia. 12-20

Solution: Length required for bearing:

_ &_
t (N+k)

___ 48,600
(0.416) (N + 1.187)

N = 3.12 + 0.5 (set back) == 3.62 in. (use 4 in.)

e=—4— Be == 2.44 in.
teat

M = (48,600) (2.44) == 118,000 in.-lb

0.75 Fy

== 27,000

Estimate weld length by dividing reaction by strength of a % g-in. fillet weld

48.6

0
Estimated length = 35> 16.2 in. (say 18 in.)

Assume the welds shown in Fig. 12-21.

reve es

= 9"

VA

Fia. 12-21

A = (2) (9+ 3) = 24 in.

(18) (4.5)

a 94

I, = (%o) (2) (9)8 + (18) (1.13)? + (6) (3.37)? = 212.7 ins

. 3.37 IN.
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48.6
hy =435 >= 2.70 k/in. (neglecting shear carried by horizontal segments)

__ (118) (5.63) __ ,

fe = (2.70)? + (3.12)? = 4.13 k/in.

Weld size required = == 0.432 in. (use 74 ¢ in.)

Selection of structural tee:

The structural tee must have a stem thickness at least equal to that of the

beam web (0.416 in.) and must be thick enough to support a %,-in. weld

(1.33 %& weld size says AISC = 1.333 &K % = 0.582 in.); and its flange should

be wider than that of the 18 W' 60 by approximately 4 XK %g@ in. to permit

easy field welding. Its depth must also be at least 10 in.

Use ST 10 W 63.5 stiffened beam seat with a top X% 4 kK 4X Y, in.

12-9. WELDED MOMENT-RESISTANT CONNECTIONS

Perhaps the greatest efficiency in structural welding is reached in

fully continuous structures. The two major reasons for this efficiency arc:

1. The negative moments which are produced in the ends of continu-

ous beams cause appreciable reductions in the positive moments out in

the spans. These reduced moments permit the use of smaller members.

2. When overloads occur, they are more easily redistributed in fully

continuous structures. The student will remember that the AISC recog-

nizing this plastic redistribution permits the design of fully continuous

structures for only %, of the maximum negative moments caused by

gravity loads. This reduction is permissible if the positive moments are

increased by 49 of the average negative moments. (See Sec. 6-7.)

The welded beam connections discussed prior to this section were

designed with the object of eliminating most of the moment resistance.

For fully continuous structures the connections are designed to resist the

full calculated moments. Figure 12-22(a) shows a common type of

moment-resisting connection. In the connection shown the tensile force

at the top of the beam is transferred by fillet welds to the top plate and

by butt welds from the plate to the column. For easier welding the top

plate is probably tapered as shown in part (b) of the figure. The student

may have noticed such tapered plates used for facilitating welding in

other situations.

If the design is to be made for gravity loads alone the only forces

(other than shear) which need to be considered are T in the top flange

and C in the bottom flange. Should wind or other lateral forces be in-

volved, it may become necessary to design all welds to resist tension as

well as compression.
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To

Butt Weld
Fillet Weld

rT | - End Connecticn ®

t~-—> =
- Stiffened Seat

(a)

7

(b)

Fic. 12-22

A common practice in moment-resisting welded conncctions 1s to butt

weld the beam flanges flush with the column on one end and connect the

beam on the other end with the type of connection just described. This

practice is illustrated in Fig. 12-24, in Example 12-6.

If the column to which a beam is being connected bends appreciably

at the connection the moment resistance of the connection is going to be

reduced no matter how good the connection may be. Furthermore, if the

top connection plate in pulling away from the column tends to bend the

column flange as shown in part (a) of Fig. 12-23, the middle part of the

weld may be greatly overstressed. For these reasons it is a desirable

practice to reinforce the column with plates opposite the column flange

as shown in part (b) of the same figure. This practice is somewhat

objectionable to architects, for they like to run pipes and conduits up the

columns, but the‘plates can be cut back somewhat as shown in the figure.

May be cut back

Top connection ® pulling to allow passage of
away from connection 7 Pipes, conduits, etc

me eee ef oe Oo

aa a oe

Weld is overstressed here

(a) (b)

Fia. 12-23
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The AISC says that stiffener plates have to extend only for half

of the column depth when a beam is framed in from only one side as
illustrated in Fig. 12-24. Should the beam be framed in from both sides,

7

TT

Auxiliary R Connection=F iStiffener Rs (only need 4 ‘
be 5 column depth if

no beam on other side

of column) oh

Ca—C Cc— PS

[ |
Fia. 12-24

the stiffener needs to extend for the full depth of the column as de-

scribed in the preceding paragraph and shown in Fig. 12-23. Section

2-5 of the AISC Specification states when stiffeners shall be used and

gives the requirements for selecting their sizes. The design of a moment-

resistant conncction is illustrated by Example 12-6.

EXAMPLE 12-6. Design moment-resistant connections of the type shown in

Fig. 12-22 for the ends of an 18 W 45. The beam, which consists of A7 steel,

has end reactions of 35 k and end moments of 150 ft-k. The AISC Specification
and E60 electrodes are to be used. It is assumed that a 6 & 4 X 3-in. seat £

has previously been selected.

Solution: Shear conneetion:

Try 54,-in. fillet welds on seat

Depth required = “= == 5.84 in. (use 6 in. each side)

Moment connections on flush end:

Assuming a bevel butt weld for full flange width,

T = force to be carried

= moment divided by c.-to-c. distance of flanges

12 150

"17.86 — 0.499

Strength of butt weld in tension for full width of flange = (7.477) (0.499)

(22) = 82k

Tension to be resisted by auxiliary R = 108.8 — 82 = 218k

= 103.8k
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Assuming a 3,-in. thick R, its width will equal

218 _

34 X 22

Assume a 5% ,-in. fillet weld on auxiliary as shown in Fig. 12-25.

== 2.64 in. (say 3 in.)

_ Auxiliary &

TZ
SS

3"

_Y

Led

Fic. 12-25

21.8
Length of fillet weld = — 3 = 4.27 in. (say 2% in. each side)

Allow 1 in. for bevel butt weld

Use auxiliary BR 34% XK 3X &

Note: Should wind moment be involved, a connection similar to this one would

be designed for the lower flange; however, allowable stresses may be increased

by one-third to resist wind forces, says AISC.

Moment connection at nonflush end:

Assuming 7 and C a distance apart equal to the beam depth,

__ 12% 150

«17.86

Assuming top connection has « width something less than the width of the

beam flange (say 61% iu.), its thickness can be found as follows:

___ 101,000
~ 6.5 X 22,000

Assume 14-in. fillet welds on R

= 101k

= 0.705 in. (say 34 in.)

trection Clearance

Fic. 12-26

Note: Diaphragm plates for the column should also be selected.
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PROBLEMS

12-1. Determine the maximum end reaction which can be transferred

through the web angle connection shown in the accompanying illustration if the

moment produced by the connection is neglected. The steel is A36, the rivets

are 7% in. Al41, and the specifications are AISC. Does the answer obtained

agree with values given in the Steel Handbook tables for framed beam con-

nections?

F+10 w 72

2 4s 4x34xixut
[

3" ; Us W 55

i
3" ne
Fo

id
3

eee

Pros. 12-1

12-2. Using the Steel Handbook, select a pair of standard web angles for

a 33 W 240 with a maximum reaction of 200 k. The rivets are to be 1-in.

A141 and the beam consists of A440 steel.

12-3. Repeat Prob, 12-2 if the maximum reaction is 250 k.

12-4. Select a standard framed beam connection from the Steel Handbook

for a 16W 40 with a maximum reaction of 70 k. The rivets are to be %-in.

A141 and the beam is made from A36 steel.

12-5. Select a pair of framed beam angles from the Steel Handbook to

connect a 21W 68 beam (A36 steel) with a 44 k reaction to a column. The

connection is to be made with 34-in. A325 high-strength bolts, and a friction-

type of connection is to be used.

12-6. Determine the resisting moment of the connection shown in the ac-

companying illustration if A36 steel, 7%-in. A141 rivets, and the AISC Specifica-

tion are to be used.

12-7. A 16W 36 beam with an end shear of 20 k and an end moment of

35 ft-k is connected to a 12W 58 column. Design an angle connection of the

type used in Prob. 12-6 using 34-in. A325 bearing type high-strength bolts and

AISC Specification.

12-8. Rework Prob. 12-7 if a split beam connection of the type shown in

Fig. 12-10 is to be used.

12-9. Design a structural tee connection of the type shown in Fig. 12-10 to

develop one-third of the resisting moment of a 21W68 beam. Use A36 steel,

7%-in. A325 bearing-type high strength bolts, and the AISC Specificatiun.
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— 7c 47X4xt
2 Rivets

¢ 4 Rivets (718 W 60

: |
Vw

O

»O
»O

Pros. 12-6

12-10. Rework Prob. 12-2 using welded shop and field connections and E60

electrodes. Use a reaction — 150 k.

12-11. Rework Prob. 12-4 using welded shop and field connections and E60

electrodes. Use a reaction — 55 k.

12-12. Select a framed beam connection from the Steel Handbook for a

33 W 130 (A36) beam with a 120 k reaction. The web angles are to be shop-

welded to the beam using E60 electrodes and are to be field-connected to the

girder with 74-in. A325 bearing type high-strength bolts.

12-13. Rework Prob. 12-12 using welded shop and field connections.

12-14. Using the Steel Handbook, select a seated beam connection using

¥,-in. Al4l rivets to support a 30 k reaction from a 16W 40 (A36) beam.

12-15. Rework Prob. 12-14 using a welded seated beam connection and E60

electrodes.

12-16. Using the Steel Handbook, select a stiffened beam seat for a

24 W 84 (A36) beam for a reaction of 65 k using 34-in. A325 bearing type

high-strength bolts.

12-17. Rework Prob. 12-16 using a stiffened welded seat with E70 electrodes.

12-18. Design welded end connections for the ends of a 21 W 68 beam.

The end momests produced are due to wind and are assumed to be equal to %

of the moment resistance of the beam. Use E60 electrodes, the AISC Specifica-

tion, and assume the column flanges to be 14 in. in width.

12-19. Design welded end connections for the ends of a 24W 76 beam to

resist gravity load moments equal to 50 percent of the moment resistance of the

section. Use E70 electrodes, A-36 steel, and the AISC Specification. Assume the

column flange to be 16 in. wide.

3 k/ft :

WLLLLLLLLLLLL-L~~-_.Z-LLLALhA2AA2AaaaannZzZzzAE

L-— 20' el
Pros. 12-20
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12-20. The beam shown in the accompanying illustration is assumed to be

attached at its ends with completely rigid connections. Select the beam assuming

full lateral support using A36 steel, and design welded connections using E60

electrodes and the AISC Specification.

12-21. The two 16 W 40 beams shown in the accompanying illustrations are

to be made continuous across the supporting 24 W 84 girder. If the end re-

actions of the beams are 20 k and their end moments are 40 ft-k, design the

connection using E60 electrodes and the AISC Specification.

i. % me I

c a a
ee —

16 W 40 16 W 40 |
HI |

Le i > j

Seat 4 L nen
7 24W 84

L J)

Pros. 12-21



chapter 13

Design of Steel Buildings

13-1. INTRODUCTION

The material in this chapter generally pertains to the design of

steel buildings from one to several stories in height, while the design of

multistory buildings is presented in Chap. 20. The present discussion

applies to apartment houses, office buildings, warehouses, schools, and

institutional buildings which are not very tall with respect to their least

lateral dimensions. The separating factor between the buildings discussed

i \

>, - * ws o

Coliseum in Spokane, Wash. (Bethlehem Steel Com-

pany.)

271
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here and those mentioned in the multistory chapter is the matter of wind

stresses and not the actual height of the building in question. The usual

rule of thumb is that if the height of the building is not greater than twice

its least lateral dimension, provision for wind stresses is unnecessary.

For buildings of these dimensions the walls and partitions probably pro-

vide sufficient resistance to wind forces except in unusual circumstances.

13-2. TYPES OF STEEL FRAMES USED FOR BUILDINGS

Steel buildings are usually classified as being in one of four groups

according to their type of construction. These types are: bearing-wall

construction, skeleton construction, long-span construction, and combina-

tion steel and concrete framing. More than one of these construction

types can be used in the same building. Each of these types is briefly

discussed in the following paragraphs.

Bearing-Wall Construction. Bearing-wall construction is the most com-

mon type of single-story light commercial construction. The ends of

beams or joists or light trusses are supported by the walls which transfer

the loads to the foundation. For taller buildings the walls by necessity

must be thicker to provide sufficient strength and lateral stability. These

Increasing wall thicknesses usually establish an cconomical upper limit

of roughly two or three stories for bearing-wall construction; although

the method may occasionally be advantageous for parts of taller build-

ings.

Bearing plates are probably necessary under the ends of the beams

or light trusses which are supported by the masonry walls because of the

relatively low bearing strength of the masonry. Although theoretically

the beam flanges may on many occasions provide sufficient bearing with-

out bearing plates, the plates are almost always used—particularly where

the members are so large and heavy that they must be set by a steel

erector. The plates are probably shipped loose and set in the walls by

the masons. Setting them in their correct positions and at the correct

elevation is a very critical part of the construction. Should they not be

properly set there will be some delay in correcting their positions. If a

steel erector is used he will probably have to make an extra trip to the job.

When the ends of a beam are enclosed in a masonry wall, some type

of wall anchor is desirable to prevent the beam from moving longitudi-

nally with respect to the wall. The usual anchors consist of bent steel

bars passing through beam webs. These are called government anchors

and details of their sizes are given in the Steel Handbook. Occasionally

clip angles attached to the web are used instead of government anchors.

Should longitudinal loads of considerable magnitude be anticipated, regu-

lar vertical anchor bolts may be used at the beam ends.
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For small commercial and industrial buildings bearing-wall con-

struction is quite economical when the clear spans are not greater than

roughly 35 or 40 ft. If the clear spans are much greater it becomes

necessary to thicken the walls and use pilasters to insure stability. For

these cases it may often be more economical to use intermediate columns

if permissible.

Skeleton Construction. In skeleton construction the loads are trans-

mitted to the foundations by a framework of steel beams and columns.

The floor slabs, partitions, extcrior walls, etc. are all supported by the

frame. This type of framing, which can be creeted to tremendous heights,

is often referred to as beam-and-column construction.

In beam-and-column construction the frame usually consists of

columns spaced 20, 25, or 30 ft apart with beams and girders framed into

them from both directions at each floor level. One very common method

of arranging the members is shown in Fig. 13-1. The girders are placed

pooune (se

~~ Beams—

re \Gurder hi
Fria. 13-1. Beam and column construction.

in the longer direction between the columns, while the beams are framed
between the girders in the short direction. With various types of floor

construction other arrangements of beams and girders may be used.

For skeleton framing the walls are supported by the steel frame and

are generally referred to as nonbearing or curtain walls. The beams

supporting the exterior walls are called spandrel beams. These beams,

which are illustrated in Fig. 13-2, can usually be placed so that they will

serve as the lintels for the windows.

Long-Span Steel Structures. When it becomes necessary to use very

large spans between columns as for field houses, auditoriums, theaters,
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a Masonry Wall

/F loor Slab / Floor Slab

fara 2 oe —— “aIs e . 2 . - e a ° 

‘ . . 4. . ,

Shims probably
used here

‘Cover ®

Fia. 13-2. Spandrel beams.

hangars, or hotel ballrooms, the usual skeleton construction may not be

sufficient. Should the ordinary rolled W sections be insufficient it may be

necessary to use coverplated beams, plate girders, box girders, large

trusses, arches, rigid frames, and the like. When depth is limited cover-

plated beams, plate girders or box girders may be called upon to do the

job. Should depth not be so critical trusses may be satisfactory. For

very large spans arches and rigid frames are often used. These various

types of structures are referred to as long-span structures and most of

them are discussed at length in the chapters to follow. Figure 13-3

shows a few of these types of structures.

Combination Steel and Concrete Framing. A tremendous percentage of

the buildings crected today make use of a combination of reinforced

concrete and structural steel. If reinforced-concrete columns were used

in very tall buildings they would be extremely large on the lower floors

and take up considerable space. Stecl column shapes surrounded by and

bonded to reinforced concrete are commonly used and are referred to as

combination columns. Chapter 15 is devoted to the design of composite

floors where steel] beams and reinforced conerete slabs arc bonded together

in such a manner that they act compositely in resisting loads. Other

systems will be mentioned in later chapters.

13-3. COMMON TYPES OF FLOOR CONSTRUCTION

Conerete floor slabs of one type or another are used almost uni-

versally for stecl-frame buildings. Concrete floor slabs are strong, have

excellent fire ratings and good acoustic ratings. On the other hand,

appreciable time and expense is required for providing the formwork

necessary for most slabs. Concrete floors are heavy, they need some type
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Plate girder
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Fia. 13-3

of reinforcing bars or mesh included, and there may be a problem involved

in making them watertight. Among the many types of concrete floors

used today for steel frame buildings are the following:

1. Concrete slabs supported with open-web steel joists (Sec. 13-4).

2. One-way and two-way reinforced concrete slabs supported on steel

beams (Sec. 13-5).

3. Conerete slab and steel beam composite floors (Sec. 13-6).

4. Concrete-pan floors (Sec. 13-7).

5. Structural clay tile, gypsum tile and concrete block floors (Sce.

6. Steel decking floors (Sec. 13-9).

7. Flat slab floors (Sec. 13-10).

8. Precast concrete slab floors (Sec. 13-11).

Among the several factors to be considered in selecting the type of

floor system to be used for a particular building are: loads to be sup-

ported, fire rating desired, sound and heat transmission, dead weight of



276 Design of Steel Buildings

floor, ceiling situation below (to be flat or have beams exposed), facility

of floor for locating conduits, pipes, wiring, etc.; appearance, maintenance

required, time required to construct, and depth available for floor.

The student can obtain a great deal of information about these and

other construction practices by referring to various enginecring magazines

and catalogues, particularly Sweet’s Catalog File. The author cannot

make too strong a recommendation for the student to examine these

hooks to see the tremendous amount of data available therein which may

be of use to him in his enginecring practice. The sections to follow pre-

sent brief descriptions of the floors mentioned in this section along with

some discussions of their advantages and chief uses.

13-4. CONCRETE SLABS ON OPEN-WEB STEEL JOISTS

Perhaps the must common type of floor slab in use for small steel-

frame buildings is the slab supported by open-web steel joists. The joists

are really small parallel chord trusses whose members are often made

from bars (from whence the common name bar joist) or small angles or

other rolled shapes. A special paper reinforced with welded wire fabric

is attached to the top of the closely spaced joists and a thin concrete

slab is placed on top of the paper. This is probably the lightest type of

concrete floor and comes very close to being the most economical one. A

sketch of an open-web joist floor is shown in Fig. 13-4.

— Concrete Slab
/_|

L. lt

ROA Se OS SSS

Possible Ceiling Below
As Plaster on

Metal Lath

Fic. 13-4. Open-web joists.

Open-web joists are particularly well suited to building floors with

relatively light loads and for structures where there is not too much vibra-

tion. They have been uscd a good deal for fairly tall buildings but gen-

erally speaking they are better suited for the shorter buildings. They are

very satisfactory for supporting floor and roof slabs for schools, apartment

houses, hotels, office buildings, restaurant buildings, and other similar

low-level buildings.

Maximum open-web joist spacings center to center are about 24 in.

for concrete floor slabs and 30 in. for conerete roof slabs. For floors and

roofs with steel decking (to be described in Sec. 13-9) they can possibly

be spaced as high as 7 ft on centers. Open-web joists can be obtained in
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standard depths from 8 to 24 in. in 2-in. increments. Each of the joists

has a Maximum span of about 48 ft for the deeper scctions.

Open-web joists must be braced laterally to keep them from twisting

or buckling and also to keep the floors from being too springy. Lateral
support is provided by bridging, which consists of continuous horizontal

rods fastened to the top and bottom chords of the joists or of diagonal

cross bracing. Bridging is desirably used at spaces not exceeding 7 ft on

centers.

Open-web joists are easy to handle and are quickly erected. If de-

sired, a ceiling can be attached to the bottom of the joists or suspended
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therefrom. The open spaces in the webs are admirably suited for

placing conduits, ducts, wiring, piping, etc. The joists should be either

welded to supporting steel beams or well anchored in the masonry walls.

When concrete slabs are placed on top of the joists they are usually from
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2 to 2% in. thick. Nearly all of the many concrete slabs on the market

today can be used successfully on top of open-web joists.

There are also available joists in a longspan series varying in stand-

ard depths from 18 to 48 in. in 2-in. increments and also available with

depths of 52, 56, or 60 in., and others. Maximum spans for which long-

span joists can be used are as high as 120 ft.

13-5. ONE-WAY AND TWO-WAY REINFORCED CONCRETE SLABS

One-Way Slabs. <A very large number of concrete floor slabs in old

office and industrial buildings consisted of one-way slabs about 4 in.

thick supported by steel beams 6 to 8 ft on centers. These floors were

often referred to as concrete arch floors because at one time brick or tile

floors were constructed in approximately the same shape, that is in the

shape of arches with flat tops.

A one-way slab is shown in Fig. 13-5. The slab spans in the short

LH 4

tr FH

Fia. 13-5

direction shown by the arrows in the figure. The short direction is the

main direction of bending and will be the direction of the main reinforc-

ing bars in the concrete, but temperature and shrinkage steel is needed

in the other direction.

A typical cross section of a one-way slab floor with supporting steel

beams is shown in Fig. 13-6. When steel beams or joists are used to

support reinforced concrete floors it may be necessary to encase them in

71 Welded Wire Mesh for

‘= >| Bonding to the < >

Fireproofing Concrete

Fic. 13-6. One-way reinforced concrete slab.
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concrete to provide the required fire rating. Such a situation is shown

in the figure.

It may be necessary to leave steel lath protruding from the bottom

flanges or soffits of the beam for the purposes of attaching plastered

ceilings. Should such ceiling be required to cover the beam stems, this

floor system will lose a great deal of its economy.

One-way slabs have an advantage when it comes to formwork in

that the forms can be supported entirely by the steel beams with no

vertical shoring needed. They have a disadvantage in that they are

much heavier than most of the newer lightweight floor systems. The

result is that they are not used as often as formerly for lightly loaded
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The 104-ft steel joists for the Bethlehem Catholic High School, Bethle-

hem, Pa. (Bethlehem Steel Company.)

floors; but when a floor to support heavy loads is desired or a rigid floor

or a very durable floor, the one-way slab may be a very desirable selec-

tion.

Two-Way Concrete Slabs. The two-way concrete slab is used when

the slabs are square or nearly so and supporting beams are planned under

all four edges. The main reinforcing runs in both directions. Other

characteristics are similar to those of the one-way slab.
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13-6. COMPOSITE FLOORS

Composite floors are those where the steel beams (rolled sections,

coverplated beams, or built-up members) are bonded together with the

concrete slabs in such a manner that the two act as a unit in resisting

the total loads which the beam sections would otherwise have to resist

alone. There can be a saving in sizes of steel beams when composite

floors are used because the slab acts as part of the beam.

A particular advantage of composite floors is that they utilize con-

crete’s high compressive strength as compared to its cost by keeping all

or nearly all of the concrete in compression, and at the same time stress

a larger percentage of the steel in tension than is normally the case in

steel-frame structures (also advantageous). The result is less steel ton-

nage in the structure. A further advantage of composite floors is that

they can permit an appreciable reduction in total floor thickness which is

particularly important in taller buildings.

Two types of composite floor systems are shown in Fig. 13-7. The

—T_ 4 |

eee |

(a) Stee! beam encased in concrete (b) Steel beam bonded to concrete
slab with shear connectors

Fic. 13-7. Composite floors.

steel beam can be completely encased in the concrete and the horizontal

shear transferred by friction and bond (plus some shear reinforcements if

necessary). This type of composite floor is shown in part (a) of the

figure. A second possibility is shown in part (b), where the steel beam

is bonded to the concrete slab with some type of shear connectors. Vari-

ous types of shear connectors have becn used during the past few decades

including spiral bars, channels, angles, studs, etc., but economic considera-

tions usually lead to the use of round studs welded to the top flanges of

the beams in place of the other types mentioned. Typical studs are 4

to 3% in. in diameter and 2 to 4 in. in length.

Cover plates may be welded to the bottom flanges of steel rolled

sections to give improved economy. The student can see that with the

slab acting as a part of the beam there is quite a large area available
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One-piece metal dome pans. (Gateway Erectors, Inc.)

on the compressive side of the beam. By adding plates to the tensile
flange a little better balance is obtained. Chapter 15 is dcvoted entirely

to the design of composite floors for buildings and bridges.
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13-7. CONCRETE-PAN FLOORS

There are several types of pan floors which are constructed by placing

concrete on removable pan molds. (Some special light corrugated pans

are also available which can be left in place.) Rows of the pans are

arranged on wooden floor forms and the concrete is placed over the top

of them producing a floor cross section similar to the one shown in Fig.

13-8. Joists are formed between the pans, giving a tee-beam type floor.

2 -3"

r LJ; 2° aye -© — ReinforcingS'min. of — fe ——20 -24—-~ Bars

Fra. 13-8. Concrete-pan floor.

These floors, which are suitable for fairly heavy loads are appreciably

lighter than the one-way and two-way concrete slab floors. Although

fairly light, they require a good deal of formwork including appreciable

shoring underneath the stems. Labor is thus higher than for many floors

but saving due to weight reduction and reuse of standard-size pans may

make them competitive. When suspended ccilings are required pan floors

will have a decided economic disadvantage.

Two-way construction is available—that is, with ribs or stems

running in both directions. Pans with closed ends are used and the

result is a waffle type floor. This latter type floor is usually used when

the floor panels are square or nearly so. Two-way construction can be

obtained for reasonably economical prices and makes a very attractive

ceiling below and one which has fairly good acoustical properties.

13-8. STRUCTURAL CLAY TILE, GYPSUM TILE, AND

CONCRETE-BLOCK FLOORS

Similar to the conerete-pan floors are the clay tile, gypsum tile, and

concrete-block floors. These floors have approximately the same form-

work and roughly the same effect as the metal-pan floors. They are not

used very much today, as pan floors are more competitive costwise and

provide a more attractive undersurface. Tile floors were at one time

economical for spans up to 25 or 30 ft. A typical cross section of this

type of floor is shown in Fig. 13-9.

This system does have an advantage over the metal-pan floors in that

it gives a level ceiling underneath to which plaster can be applied directly
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Concrete
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Fic. 13-9. Tile or block floors.

without the necessity of hanging a ceiling. The lower tile surfaces are

very satisfactory for bonding the plaster and no metal lath is needed

except for the main steel beams at edges of the floor if they are to be

fireproofed. When tile is used it is desirable to use tile of the same

material under the concrete stems (as shown in Fig. 13-9); otherwise it

is difficult to get an even color of plaster on the different material soffits.

A concrete slab roughly 2% to 3 in. thick is cast monolithically with

the supporting joists or stems spaced approximately 20 to 36 in. on centers.

Among the standard tile sizes used are 12 & 12, 12 & 16 and 16 X 16 in

plan with depths varying from 3 to 12 in. for the 12 & 12s and from

3 to 10 in. for the 12 * 16s and 16 X 16s. Tile floors have the advantage

that conduits, wiring, piping, etc. can be conveniently placed through

their cells. Should the panels be approximately square, joists can be

used in both directions.

13-9. STEEL-DECKING FLOORS

Typical cross sections of steel-decking fluors are shown in Fig. 13-10.

Only two types are shown in the figure but several other variations are

available. In recent years steel-decking floors have become quite popular

for some applications particularly for office buildings. They are also

Concrete— f Temperature and Shrinkage Ste

Ribs are spaced at approximately 3°

(a)

a Concrete
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popular for hotels and apartment houses and other buildings where the

loads are not very large.

A particular advantage of steel-decking floors is that as soon as the

decking is placed a working platform is available for the workmen. The

light steel sheets are quite strong and can span up to 20 ft or more. Due

to this considerable strength of the decking the concrete does not have

to be particularly strong. This fact permits the use of lightweight con-

crete as thin as 2 or 2% in.

The cells in the decking can be conveniently used for placing con-

duits, pipes, and wiring. The steel is probably galvanized and if exposed

underneath can be left as it comes from the manufacturer or painted as

desired. Should fire resistance be necessary, a suspended ceiling with

metal lath and plaster will be used. The same is necessary if a flat ceiling

is required below for the types of decking shown in Fig. 13-10, but deck-

Ing is available with a flat soffit.

13-10. FLAT SLABS

Formerly flat slab floors were limited to reinforced concrete buildings

but today it is possible to use them in steel-frame buildings. A flat slab

is a slab which is reinforced in two or more directions and transfers its

loads to the supporting columns without the use of beams and girders

protruding below. The supporting concrete beams and girders are made

so wide that they are the same depth as the slab.

Flat slabs are of great value when the panels are approximately

square, when more headroom is desired than is provided with the normal

beam and girder floors, when heavy loads are anticipated, and when it is

desired to place the windows as near to the tops of the walls as possible.

Another advantage is the flat ceiling produced for the floor below. Al-

though the large amounts of reinforcing steel required cause increasing

costs, the simple formwork cuts expenses decidedly. The significance of

simple formwork will be understood when it is realized that over one half

of the cost of the average poured conuicle floor slab is in the formwork.

For the usual reinforeed-concrete frame building with flat slab floors,

it is necessary to flare out the tops of the columns forming column capitals

and thicken the slab around the column with the so-called drop panels.

These items are shown in Fig. 13-11.

It is possible today in steel-frame buildings to use short steel

cantilever beams connected to the steel columns and embedded in the

slabs. These beams serve the purposes of the flared columns and drop

panels in ordinary flat-slab construction. This latter arrangement is often

called a steel grillage or column head. The flat slab is not a very satis-

factory type of floor system for the usual] tall building where lateral forces
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/ Floor Slab

¥ Square
K Drop Panels

Column Capital

N— Reinforced-Concrete Column

Fia. 13-11. A flat slab floor for a reinforced-concrete building.

(wind or earthquake) are appreciable, because protruding beams and

girders are desirable to serve as part of the lateral bracing system.

13-11. PRECAST CONCRETE FLOORS

Precast concrete sections are more commonly associated with roofs

than they are with floor slabs but their use for floors is increasing. They

are quickly erected and reduce the need for formwork. Lightweight

aggregates are generally used in the concrete making the sections light

and easy to handle. Some of the aggregates used make the slabs nailable

and easily cut and fitted on the job. For floor slabs with their fairly

heavy loads, the aggregates should be of a quality which will not greatly

reduce the strength of the resulting concrete. ,

The reader is again referred to Sweet’s Catalog File at this point.

In these catalogs a great amount of information is available on the

various types of precast floor slabs on the market today. A few of the

common types of precast floor slabs available are listed after this para-

graph and a cross section of each type mentioned is presented in Fig.

13-12. Due to slight variations in the upper surfaces of precast sections

it is necessary to use 4 mortar topping of 1 to 2 in. before asphalt tile

or other floor coverings can be installed.

Hollow-cored Slab Prefabricated Concrete

Block System
Concrete Plank

Fic. 13-12. Precast concrete roof and floor slabs.
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1. Precast concrete planks are roughly 2 to 3 in. thick, 12 to 24 in.

wide and are placed on joists up to 5 or 6 ft on center. They probably

have tongue and groove edges.

2. Hollow-cored slabs are sections of roughly 6 to 8-in. depth and

12 to 18-in. widths which have hollow perhaps circular cores formed in

them in a longitudinal direction thus reducing their weights by approxi-

matcly 50 percent (as compared to solid slabs of the same dimensions).

These sections which can be used for spans of from roughly 10 to 25 ft

may be prestressed.

3. Prefabricated concrete block systems are slabs made by tying to-

gether precast concrete blocks with steel rods (may also be prestressed).

They are generally 16 in. wide, 4 to 8 in. deep, and can be used for spans

of roughly 8 to 32 ft.

4. Channel slabs are used for spans of approximately 8 to 24 ft.

Rough ‘dimensions of these slabs are given in Fig. 13-12.
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13-12. TYPES OF ROOF CONSTRUCTION

The types of roof construction commonly used for steel frame build-
ings include concrete slabs on open-web joists, steel-decking roofs, and

various types of precast concrete slabs. In addition, the other types

mentioned in the preceding sections on floor types are occasivnally used

but they usually are unable to compcte economically. Among the factors

to Se considered in selecting the specific types of roof construction are

strength, weight, span, insulation, acoustics, appearance below, or type

of roof covering to be used.

The major differences between floor-slab selection and roof-slab

selection probably occur in the considerations of strength and insulation.

The loads applied to roofs are generally much smaller than those applied

to floor slabs, thus permitting the use of many types of lightweight

aggregate concretes which may be appreciably weaker. Roof slabs should

have good insulation properties or they will have to have insulation

boards placed on them and covered by the roofing. Among the many

types of lightweight aggrcgates used are wood fibers, zonolite, foams, saw-

dust, gypsum, expanded shale, etc. Although some of these materials

decidedly reduce concrete strengths, they provide very light roof decks

with excellent insulating properties.

Precast slabs made with these aggregates are light, quickly erected,

have good insulating properties and usually can be sawed and nailed.

For poured conerete slabs on open-web joists several lightweight aggre-

gates work very well (zonolite, foams, gypsum, etc.), and in some cases

the resulting concrete can easily be pumped up to‘the roofs, thereby

facilitating construction. By replacing the aggregates with certain foarns,

concrete can be produced which is so light it will float in water. Needless

to say the strength of the resulting conerete is quite low.

Steel decking with similar thin slabs of lightweight and insulating

concrete placed on top make very good and economical roof decks. A

competitive variation consists of stecl decking with rigid insulation board

placed: on top, followed by the regular roofing material. The other con-

crete-slab types are hard pressed to compete cconomically with these -

types for lightly loaded roofs. Should other types of poured conercte

decks be used, the Jabor will be much higher. Furthermore, if an insulat-

ing type of lightweight aggregate is not used it will be necessary to place

some type of insulating board on top of the slab before the roofing 1s

applied.

13-13. EXTERIOR WALLS AND INTERIOR PARTITIONS

Exterior Walls. The purposes of exterior walls are to provide resist-

ance to atmospheric conditions including insulation against heat and cold,
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satisfactory sound-absorption and light-refraction characteristics, suffi-
cient strength and fire ratings. They should have satisfactory appear-

ance and be reasonably economical.

For many years exterior walls were constructed of some type of

masonry, glass, or corrugated shceting. In recent decades, however, the

number of satisfactory matcrials for exterior walls has increased tre-

mendously. Available and commonly used today are precast concrete

panels, insulated metal sheeting and many other prefabricated units. Of

increasing popularity are the light prefabricated sandwich panels which

consist of three layers. The exterior surface is made from aluminum,

stainless steel, ceramic or plastic materials, and others. The center of the

pancl consists of some type of insulating material such as fiberglass or

fiberboard, while the interior surface is probably made from metal,

plaster, masonry, or some other attractive material.

Interior Partitions. The main purpose of interior partitions is to divide

the inside space of a building into rooms. Their selection is based on

appearance, fire rating, weight, or acoustical properties. Partitions are

referred to as being bearing or nonbearing. These two types are described

in the following two paragraphs.

1. Bearing partitions are those which support gravity loads in addi-

tion to their own weights and are thus permanently fixed in position.

They can be constructed from wood or stcel studs or from masonry units

and faced with plywood, plaster, wallboard, or other material.

2. Nonbearing partitions are those which do not support any loads in

addition to their own weights and thus may be fixed or movable. Scelec-

tion of the type of material to be used for a partition is based on the

answers to the following questions: Is the partition to be fixed or mov-

able? Is it to be transparent or opaque? Is it to extend all the way

to the ceiling? Is it to be used to conceal piping and electrical conduits?

Are there fire-rating and acoustical requirements? Perhaps the more

common types are made of metal, masonry, or concrete. For design of

the floor slabs in a building which has movable partitions, some allowance

should be given to the fact that the partitions may be moved. Probably

the usual practice is to increase the floor-design live load by 15 or 20 psf.

13-14. DESIGN LIVE LOADS (VERTICAL)

Floor Loads. The designer is usually fairly well controlled in the

design live loads by the building code requirements in the particular

area. The values given in these various codes unfortunately vary from

city to city and the designer must be sure that his designs mcet the

requirements of that locality. The Steel Handbook presents a very de-

tailed list of recommended live loads for various structures to which the
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student can conveniently refer. A few of the typical values for floor

loadings from the handbook are listed in Table 13-1. The values in the

Steel Handbook were taken from the American Standard Building Code

(American Standard A58.1-1955). In the absence of a governing code

this one seems to be an excellent one to follow.

TABLE 13-1

TypicaL Burtpinc-Desicn Live Loaps

Type of Building LL (psf)

—_ _——— —ra

Apartment houses

Corridors .......ccec cece ssccencccvece 60

Apartments ........... cece eee e eens 40

Public Rooms .............0c.eceeeces 100

Office buildings

Offices ....... 0.0... cc ccc ec ce cece eee 80

Lobbies .......... ccc cece cece eee ccvece 100

Restaurants .......... ccc cee e cece ee rees 100

Schools

Classrooms ..........ccccccececccceees 40

Corridors ....... ccc cece ccc cesecceecs 100

Storage warehouses

Light 2... .. 0... cece ccc ete eens 125

Heavy ...... cece cece ccc e cece ee eeeees 250

Roof Loads. The usual roof slab is designed for a minimum gravity

load of 20 psf of horizontal projection of the roof whether the roof is

sloping, curved, or flat. This live load does not include any wind or

seismic effects which may also have to be considered. In some areas

due to the shape of the roof (as it pertains to its snow-catching ability)

and due to the particular climate, the designer may feel that 20 psf is not

a sufficient load and he may increase it somewhat. Should the roof be

used for other purposes than for supporting roofing, such as roof gardens

or terraces, the live load should be increased to values ranging from 60

to 100 psf, or larger depending on the judgment of the designer.

Reduction in Design Live Loads. Each of the members of a building

frame must, be designed for the full dead loads which it supports, but it

may be possible to design some members for lesser loads than their full

theoretical live-load values. For example, it seems unlikely in a building

frame of several storics for the absolutely maximum-design live load to
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occur on every floor at the same time. The lower columns in a building

frame are designed for all of the dead loads above but probably for a

percentage of live load appreciably less than 100 percent. Some specifi-

cations require that the beams supporting floor slabs be designed for full

dead and live loads but permit the main girders to be designed under

certain conditions for reduced live loads. (This reduction is based on

the thought that it seems rather improbable that a very large area of a

floor would be loaded to its full theoretical live-load value at any one

time.) The Steel Handbook presents some very commonly used reduction

expressions (again taken from the American Standard Building Code).

This information is listed as follows:

1. Roofs. No live load reduction is permitted.

2. For live loads of 100 psf or less on floor slabs. For live loads of

100 psf or less for any member supporting an area of 150 sq ft or more,

the live load can be reduced by 0.08 percent per square foot of area

supported except no reduction is permitted for places of public assembly.

Furthermore the reduction may not excced 60 percent nor the value

given by the expression to follow for R (the percent reduction). DIL and

LL are the dead and live loads respectively in psf.

DL + LL

R= 100 X 733 Tr

3. For live loads greater than 100 psf on floor slabs. No reduction is

permitted except for a 20 percent reduction in live loads used for column

design.

13-15. WIND AND EARTHQUAKE LOADINGS

Wind Forces. A great deal of research has been conducted in recent

years on the subject of wind forces. Nevertheless a great deal more work

needs to be done as the estimation of these forces can by no means be

classified as an exact science. The magnitudes of wind loads vary with

geographical locations, heights above gruuud, types of terrain surround-

ing the buildings including other nearby structures, and other factors.

Wind pressures are assumcd to be uniformly applied to the windward

surfaces of buildings and are assumed to be capable of coming from any

direction. These assumptions are not quite accurate because wind pres-

sures are not very even over large areas, the pressures near the corners

of buildings being probably greater than elsewhere due to wind rushing

around the corners, etc. From a practical standpoint, therefore, all of the

possible variations cannot be: considered in design although today’s speci-

fications are becoming more and more spccific in their requirements.

When the engineer working with large stationary buildings makes

poor wind estimates the results are probably not tov serious but this is
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not the case when tall slender buildings (or long flexible bridges) are
being considered. The usual practice for buildings is to ignore wind forces

unless their heights are at least twice their least lateral dimensions. For

such cases as these it is felt that the floors and walls give the frame

sufficient lateral stiffness to eliminate the need for a definite wind bracing

system. Should the buildings have their walls and floors constructed of

very modern light materials or should they be located in areas of unusual

wind conditions the 2 to 1 ratio will probably not be followed. Building

codes do not usually provide for estimated forces during tornadoes. The

forces created directly in the paths of these storms are so violent that it

is not considered economically feasible to design buildings to resist. them.

Wind forces act as pressures on vertical windward surfaces, pressures

or suction on sloping windward surfaces (depending on the slope) and

suction on flat surfaces and on leeward vertical and sloping surfaces (due

to the creation of negative pressures or vacuums). The student may have

noticed this definite suction effect where shingles or other roof coverings

have been lifted from the leeward roof surfaces of buildings.

The average building code in the United States makes no reference

to wind velocities in the area or to shapes of the building or to other

factors. It just probably requires the use of some specified wind pressure

in design such as 20 psf on projected arca in elevation up to 300 ft with

an increase of 2.5 psf for each additional 100-ft increase in height. The

values given in these codes are thought to be rather inaccurate for modern

engineering design.

For a period of several years the ASCE Task Committee on Wind

Forces made a detailed study of existing information concerning wind

forces. A splendid report of this information entitled Wind Forces on

Structures! was presented by the committee in 1961. As stated in the re-

port its purpose was to provide a compact source of information which

could be practically used by the civil engineering profession.

In the report there is much information presented concerning wind-

pressure coefficients for various types of structures, information concern-

ing Maximum wind velocities for particular geographical areas, and much

additiona] data which can be of great value in realistically estimating

wind forces. The estimated pressure in psf on a building can be obtained

from the report by multiplying the dynamic pressure by the pressure

coefficient. The dynamic pressure g can be determined from the following

expression:

g = 0.002558 V2

In this expression V is the estimated maximum velocity of the wind

in miles per hour in the area and can be estimated from information

presented in the report or from local weather bureau records. It 1s in-

Trans. ASCE, vol. 126, part II (1961), pp. 1124-1198.
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teresting to note that for the normal building with plane surfaces normal

to the wind direction the pressure on the windward side plus the suction

on the Iceward side total 20 psf for a wind velocity of 77.8 mph.

The maximum wind and earthquake pressures for which design is

made occur at large intervals of time and then last for only relatively

short pcriods of time. It, therefore, seems reasonable to use higher allow-

able stresses (such as the one-third AISC increase) for lateral forces than

for the relatively long-term gravity live loads.

Earthquake Forces. Many areas of the world, including the western

part of the United States, fall in carthquake territory and in these areas

it is necessary to consider seismic forces in design for tall or short build-

ings. During an carthquake there is an acceleration of the ground sur-

face. This acceleration can be broken down into vertical and horizontal

components, Usually the vertical component of the acceleration 1s

assumed to be neyligible but the horizontal component can be severe.

Most. buildings can be designed with little extra expense to withstand

the forees caused during an carthquake of fairly severe intensity. On the

other hand, earthquakes during recent years have clearly shown that the

average building which is not designed for carthquake forees can be

destroyed by earthquakes that are not particularly severe. The usual

practice is to design buildings for additional lateral loads (representing

the estimate of earthquake forees) which are cqual to some percentage

(5 to 10 pereent) of the weight of the building and its contents. An ex-

ecllent reference on the subject of seismic forces is a publication by the

Struetural Engineers Association of California in July 1959 entitled

“Recommended Lateral Foree Requirements of Seismology Committee.”

It should be noted that many persons look upon the seismic loads

to be used in designs as being merely percentage increases of the wind

loads. This thought is not really correct, however, as seismic lords are

different in their action and as they are not proportional to the exposed

area but to the building weight above the level in question.



chapter 14

Introduction to Steel Bridges

14-1. GENERAL

The first bridge has been estimated to have been built as carly as

15,000 s.c. In fact it has been said that man knew how to build bridges

before he knew how to build houses. The first bridges probably consisted

of stream crossings made with tree trunks or large flat stones laid across

the streams. These latter bridges have been called clapper bridges be-

cause of the sound the loose stones made when being crossed.

Another type of bridge built before the dawn of history was the vine

type of suspension bridge. A person first seeing the magnificent Golden

Gate or Mackinac suspension bridges would be amazed to learn that the

suspension bridge idea probably originated with the use of vines across

gorges in the Himalayan Mountains many centuries ago. In the same

vein, early man in the Southwest must have been amazed at the sight of

the great natural stone arches there. It is useless to speculate on how

much time elapsed before he got the idea of putting two large stones

together in the shape of an inverted V to ford a small stream with an

arch.!

The exact dates of construction of the first bridges are impossible to

obtain. There is no question, however, that beam, arch, and suspension

bridges have been built in some form for several thousand years. It is

said that the oldest bridge still in use in the world is the Caravan Bridge

over the river Meles at Smyrna, Turkey. Supposedly Homer and St.:

Paul both walked across this 40-ft stone-slab bridge many centuries apart.

Bridges built before 1840 in the United States were made of timber.

In 1840 an all-iron bridge was built across the Erie Canal at Frankfurt,

New York. The first bridge constructed with structural carbon stecl was

Ead’s Bridge across the Mississippi River at St. Louis, begun in 1869 and

completed in 1874. This bridge consists of three arches with a center

span of 520 ft and end spans of 502 ft. It is well known for the tragic

1H. S. Smith, The World’s Great Bridges (New York: Harper & Row, 1953),

p.l.
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loss of life suffered during construction. Of 600 men who were employed

in sinking the caissons there were 119 scrious cases of the “bends” and 14

deaths.”

During the last part of the nineteenth century and the early part of

the twentieth the majority of bridges built were for railway traffic, but

this is no longer the case. Due to various problems in the railroad in-

dustry today very few new railroad bridges are being built. On the other

hand, the increase in highway traffic during the past few decades has

caused a rise in highway bridge construction almost beyond belief.

14-2. THROUGH, DECK, AND HALF-THROUCY BRIDGES

The student has often secn highway bridges in which the trusses were

on the sides. As he rode across the bridge he could see overhead lateral

bracing between the trusses. This type of bridge is said to be a through

bridge. The floor system is supported by floor beams which run under

the roadway and between the bottom chord joints of the trusses.

In the deck bridge the roadway is placed on top of the trusses or

beams. Deck construction has every advantage over through construc-

tion except for underclearance. There is unlimited overhead horizontal

and vertical clearance, and future expansion is more feasible. Another

very important advantage is that supporting trusses or beams can be

moved closer together, reducing lateral moments in the floor system.

Other advantages of the deck truss are simplified floor systems and pos-

sible reduction in the sizes of piers and abutments due to reductions in

their heights. Finally, the very pleasing appearance of deck structures

is another reason for their increasing popularity.

Should the roadway lie in between the top and bottom chords and

should there be no room for overhead bracing, the bridge is said to be

a half-through.or a pony bridge. One major problem with the pony truss

is the difficulty of providing adequate lateral bracing for the top chord

compression members. This type of bridge is rarely practical today.

Today’s bridge designer tries to prevent any sense of confinement for

the users of his bridges. He will in trying tu achicve this goal attempt

to eliminate any overhead bracing or truss members which will protrude

above the roadway level. The result is that the deck structure is again

desirable unless underclearance requirements prevent their use or the

spans are so large as to make them impractical.

14-3. ERECTION METHODS FOR BRIDGES

Before the various types of bridges are discussed it is felt that a

few gencral comments should be made about the erection methods used

2H.S. Smith, op. cit., p. 84.
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for bridges of varying span lengths. A point that cannot be overempha-

sized 1s the necessity for carefully preparing an erection schedule. This

schedule should actually be outlined before the final design is completed.

Stresses may be caused in some members during erection in excess of

those produced by the working loads; perhaps even more serious, the

character of the stresses may be changed, as from tension to compression.

Very large stresses may be caused by such things as heavy crancs moving

on the trusses or by the forcing of parts to make them fit, as in getting

opposite ends of a bridge to come together at the middle.
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Swinging a plate girder into place on Goat Island Bridge across
the Niagara River, Niagara Falls, N. Y. (Bethlehem Steel Com-

pany.)

The erection schedule should be developed showing the order of erect-

Ing various truss members. After this plan is made the joints can be

designed showing which connections are to be field-made and which ones

are to be shop-made. The gusset plates should be shop-connccted to the

correct members so they will be available in the proper order of erection.

In the paragraphs to follow a few comments are made about the

common erection procedures used for short-, medium-, and long-span

bridges.

Short-Span Bridges (Up to Approximately 125 ft). For these short spans

it is usually possible to assemble the spans in the shop or at the job site

and put them in place in one piece with crawler or truck cranes working
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from below or with a stiffleg derrick traveler. A traffic problem may be

involved below (land or water) and it is important to limit the time of

the interference to the absolute minimum.

Medium-Span Bridges (Approximately 125 to 400 ft). The usual pro-

cedure for medium spans is to use falsework, the temporary material

used to support a structure until it is self-supporting. When falsework

is used, erection stresses are kept at a minimum. In some cases deep

fast-flowing water or deep gorges below may prevent the use of falsework

and the cantilever erection procedure will probably be used. This method,

which is particularly applicable to cantilever and continuous bridge

trusses, 1s illustrated in Fig. 14-1. As shown in the figure, the end span

Pier

Ita. 14-1. Cantilever crection.

has been erected (probably on falsework) and the bridge is extended

beyond the pier or tower, member by member with the use of small crane

travelers. The truss is designed to be self supporting and the members

are designed for the erection stress reversal that will occur. The same

erection procedure will be followed from the opposite shore.

It should be realized that cantilever crection has the disadvantages

of being more expensive and dangerous. Qther erection methods which

have been used for medium spans include floating the bridge section into

place when water is being spanned, and the so-called protrusion method

where the structure is rolled into place (illustrated in Fig. 14-2 for a

girder).

Long Spans (Approximately 400 ft and Above). Falsework is usually

Load Line — ee,

(Temporary Jack /7 birder _-

—

Ws
Fic. 14-2. Protrusion method of erection.

7
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not feasible for long-span bridges and the cantilever ercetion procedure

will probably be used. Suspension bridges are erected from the cable

and there is no interference with navigation. A few more comments about

their erection is given in Sec. 14-11.

14-4. THE BEAM BRIDGE

The beam bridge, in which a concrete roadway slab is supported by

wide-flange beams, is very popular because of its simple design and con-

struction. This type of span is economical for railroad spans up to

roughly 50 ft and for highway spans of up to roughly 80 ft. It will be

remembered from Chap.7 that the AREA and the AASHO specify certain

minimum depth-span ratios (1/15 and 1/25 respectively). Shallower

beams can be used provided the deflections are limited to what they would

have been if the design had been made using the recommended minimum

ratios.

The 36 W 300, which is the deepest standard W, has a total depth

of 36.72 in. For the 1/15 AREA ratio the maximum span for which this

section could be used is 45.9 ft and for the 1/25 AASHO ratio the maxi-

mum span is 76.5 ft. These values can be extended somewhat by using

cover plates and/or limiting the deflections as required for smaller depth-

span ratios. As previously described in Chap. 13, steel beams and con-

crete slabs may he constructed so they act together as composite sections.

Simple-span composite highway spans have been economically used for

spans as high as 120 ft.

14-5. THE PLATE GIRDER BRIDGE

For many years bridge trusses were quite commonly used for spans

of from roughly 70 to 150 ft as well as for spans greater than 150 ft.

Today, however, beam and plate girder bridges have almost complctely

captured the market for spans up to about 150 ft as well as for many

larger spans. They are actually common for 200-{t spans and have been

used for spans of well over 400 ft. The main span of the continuous

Bonn-Beuel plate-girder bridge over the Rhine in Germany is 643 ft.

It is very difficult for trusses to compete with beam and plate-girder

structures as long as the beams or girders can be shipped in one piece.

Plate girders have been shipped in one piece for spans above 150 ft. The

problems of fabrication, ercction, and transportation usually limit built-up

sections to maximum depths of roughly 10 or 12 ft. When deeper sections

than these are required, trusses may prove to be competitive. Generally

speaking, plate girders are very economical for railroad bridges from

about 50 to 130 ft and for highway bridges from about 80 to 150 ft. They

are frequently very competitive for much higher spans than these, par-
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New York State Thruway crossing a railroad near Suffern, N. Y.

(The Lincoln Electnc Company.)

ticularly where continuous spans are used. Actually simple spans greater

than 100 ft are rarcly economical. Chapter 16 is devoted to the design

of plate girders.

14-6. TRUSS BRIDGES FOR MEDIUM SPANS

As spans become longer and loads heavier trusses will begin to be

competitive. For spans greater than those economical for plate girders,

truss bridges will probably prove to be economical. Although many

bridge trusses are still in existence along the older highways, one-span,

simply supported trusses are built quite infrequently today. A few types

of bridge trusses which can be used for medium spans are shown in

Fig. 14-3.

The Pratt truss, which is reasonably economical for spans of 150 to

200 ft, has one advantage in that the diagonals are all in tension under

dead loads. The end posts, however, are always in compression and the

movement of live loads back and forth across the span may cause stress

reversals in some of the diagonals.

The Warren truss is thought by many to have a little more attractive

appearance than the Pratt and may be a little more popular for the same

spans. It is probably used more as a deck truss than as a through truss

because it is particularly economical when so used.
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Pratt

Warren

Deck Warren

Parker or

Camel- back

Fia. 14-3

The deeper a truss is for the same size chord members the greater is

its resisting moment. For longer spans it is economical to increase truss

depths where the moments are larger. These varying depth trusses are

definitely lighter than corresponding parallel chord trusses, but their

fabrication costs are higher. Above approximately 180 to 200 ft the

weight saving will more than cancel the extra fabrication costs und the

so-called curved-chord trusses become economical. The Parker truss

(also called a camel-back truss) is quite satisfactory for spans from

roughly 180 to 360 ft. For long continuous and cantilever span trusses

the depths are almost always varied with the moments. The greatest

depths in these trusses will occur at the supports where the moments are

largest.

14-7. SUBDIVIDED TRUSS BRIDGES

Various economic studies for truss bridges have shown that the diag-

onals should be kept at angles of approximately 45° with the horizontal

and the depth to span ratios should vary from about 1/5 to 1/8 with the

smaller ratios used for the larger spans. Should these recommendations

be followed for spans much greater than 300 ft, the panel lengths will

become excessive.

When panels are very long the compression member sizes get out

of hand because of their excessive unsupported lengths. Furthermore,

the floor system between panel points becomes unreasonably heavy and

expensive for large panels. In fact floor beam spacings greater than

25 ft are not recommended.
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The dotted members may

be necessary also
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Fia. 14-4

The subdivided trusses shown in Figs. 14-4(a) and (b) can be used

to keep the panel lengths within the desired values for longer trusses

while at the same time following economic requirements previously men-

tioned (diagonal slope and depth-to-span ratio). In part (a) of the figure

the parallel chord Baltimore or subdivided Pratt truss is shown. Again

it is usually more economical to use trusses which vary in depth with the

moments and a curved chord Baltimore is shown in part (b) of the figure.

This truss is usually called a Pennsylvania or Petit truss.

Subdivision introduces its own disadvantages. The trusses are usu-

ally not too attractive with their large uumber of members, their pound

price is high duc to the large number of connections and secondary

stresses are often rather high. Another truss which accomplishes the

same ends achieved with subdivision and without their disadvantages is

the K truss shown in part (c) of Fig. 14-4. Simple-span bridges probably

have an upper economical limit of roughly 600 ft although longer spans

have been built.

14-8. CONTINUOUS BRIDGE TRUSSES

Continuous bridge trusses are normally economical for highway

bridges for spans of from roughly 250 to 700 or 800 ft and for railroad
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bridges for spans of from roughly 450 to 700 or 800 ft. A very popular

truss for continuous spans is the Warren, an example of which is shown

in Fig. 14-5. For economic reasons continuous trusses may be subdivided

Pier

, Abutment

Y Pier
4

Fic. 14-5. Continuous Warren deck bridge.

as were the simple spans. Among the several advantages possessed by

continuous bridge trusses as compared to simple-span trusses are the

following:

1. There can be an appreciable saving of steel weight perhaps running

as high as 10 to 20 percent with the higher values being possible for high-

way bridges. For railroad bridges the highest weight saving potential

is probably in the range of 10 percent because of the more frequent stress

reversals.

2. Fewer supports are required as longer spans are possible.

3. Continuous trusses are ideally suited for the cantilever type of

erection.

4. Continuous bridges have been clearly shown to support higher

ultimate loads than simple spans.

On the other hand, continuous trusses have some shortcomings.

These include the following:

1, They are statically indeterminate to outer forces and are desirably

used only where good foundation conditions are present.

2. There are more stress reversals in a continuous truss, with the

result that part of the weight saving advantage is canceled.

3. An indeterminate structure is more difficult to analyze and design

than is a determinate one.

14-9. CANTILEVER BRIDGES

Cantilever construction consists essentially of two simple spans each

with an overhanging or cantilevered end (as shown in Fig. 14-6) and with

7 Cantilevered Ends

i | ] H
Anchor Pier Main Pier Main Pier Anchor Pier

Fia. 14-6
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another simple span in between, called the suspended span, supported

by the cantilevered ends (as shown in Fig. 14-7).

/ suspended Span

L i

i | |
Anchor Pier Main Pier Main Pier Anchor Pier

Fia. 14-7

From Figs. 14-6 and 14-7 the student can see why these structures

are sometimes referred to as see-saw construction because the bridge

seems to see-saw over the main piers. In cantilever construction unsup-

ported hinges or points of zero moment are introduced at cach end of the

suspended span. Figure 14-8 shows a sketch of a cantilever bridge truss

showing one method of introducing the unsupported hinges.

ADK 5VAAN VAN VAS VANZIN

The method of forming the hinges should be carefully noted in this

figure. The reader might claim that he has ridden over some cantilever

bridges and has not noticed any missing truss members. Should the

hinges be formed as shown in this figure, the missing members wouid

probably be installed but would not be connected to resist stress. The

purposes of their installation are for better appearance and for keeping

the users of the bridge from being worried.

It is possible to locate the hinges in a cantilever bridge at such posi-

tions so as to obtain the same moments (and this roughly equivalent

economy) as would occur in a continuous truss of the same spans so far

as dead loads are concerned. This could be done by locating the hinges

at points of zero moment or points of inflection in the tenter span of the

continuous structure. Unfortunately such a situation does not apply to

live loads. For long spans with their heavy dead loads, cantilever bridge

trusses compare quite favorably with continuous construction, but in

shorter spans continuous construction will probably prove to be more

economical.

The cantilever bridge is said to have come into general use for long

railroad bridges several decades ago because the suspension bridges of

that time were not considered to be sufficiently rigid to withstand the

heavy impact, nosing of locomotives, and other types of train loadings.
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The usual economical cantilever spans range from approximately

500 to 1,800 ft for highway bridges and from 600 to 1,800 ft for railroad

bridges. The longest cantilever bridge in the world is the Quebee Bridge

which has an 1,800-ft center span. Perhaps the most famous cantilever

bridge is the one which spans the Firth of Forth in Scotland. This bridge

which was completed in 1890 was the first long railroad bridge built with

steel. It has two 1,710-ft spans and is the second longest cantilever

bridge in the world.

Among the several advantages possessed by cantilever bridges are the

following:

1. Cantilever bridges can be used where foundation conditions are

poor because they are statically determinate and pier settlement is not

a scrious matter as it affects stresses.

2. As they are statically determinate thcir analysis and design is

simpler.

3. They are well adapted to cantilever erection.

The cantilever bridge does have several disadvantages including the

following:

1. They are less rigid than continuous bridge trusses.

2. The construction of the hinges is expensive.

3. The reactions which have to be supplied at the supports can be

disadvantageous. For example, there may be uplifts at the anchor picrs

while tremendously large reactions may have to be provided at the in-

terior supports or main piers.

As to erection, the anchor spans are probably built on falsework

and the interior spans by the cantilever erection method (previously

illustrated in Fig. 14-1). The portion of the bridge truss between the

interior hinges may often be floated to the site and lifted into position.

It doesn’t take much imagination to understand the importance of having

an absolutely perfect check and recheck on dimensions for the final fitting.

During the construction of the Firth of Forth Bridge, calculations

showed that-a minimum tempcrature of 60°F was required to bring the

bolt holes in position so as to get the lower chords to join for the final

fitting. Construction was delayed due to various reasons until October

and it appeared that the required temperature could not be obtained that

year. To make the holes come in line, wood shavings and oily waste

soaked in naphtha were laid along the chord and set on fire for 60 ft on

either side of the connection, with the result that the required expansion

was obtained and the connection was successfully completed. A similar

but opposite situation was encountered during the construction of Ead's

Bridge at St. Louis (an arch bridge previously mentioned in Sec. 14-1),

when it was necessary to pack the chords in ice to reduce their lengths.’

3H. 8S. Smith, op. cit., p. 126.
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14-10. STEEL ARCHES

The arch is certainly one of the more attractive types of bridges. It

is often defined by the structural engineer as a structure which under

gravity loads tends to produce converging horizontal reactions. If the

reader will examine the curved arch of Fig. 14-9, he will see that under

Loads tend to

cause the arch

to flatten out

a f
7 ‘“

7 ‘

Fia. 14-9

the vertical loads shown the arch will tend to spread or flatten out. The

result is that large inward or converging reactions must be provided at

the supports. Because of this fact there is a well-known expression about

arches to the effect that “an arch never sleeps” because the horizontal

thrust is always there, even due to the weight of the arch alone.
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Henry Hudson Bridge over Harlem River, New York
City. (American Bridge Division, U. S. Steel Corpora-

tion.)
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The horizontal reactions or thrusts tend to cause moments in an arch

which in turn tend to cancel the moments caused by the vertical reaction

components. In other words, at a support the resultant of the vertical

and horizontal reaction components (shown dotted in Fig. 14-9) tends to

cause primarily axial compression in the arch. It is possible to construct

an arch with a parabolic shape which when loaded with a uniform load

will have no bending moment.

Arches are classified as being three-hinged, two-hinged, one-hinged

(rare) or hingeless (fixed). They are further classified as being solid
ribbed, tied, braced rib, or spandrel braced. These types are shown in

Fig. 14-10. The solid rib steel arch is used more for highway bridges

ATLL ITY
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Solid-rib arch Tied arch

Braced-rib arch Spandrel-braced arch

7 Unconnected or “idle” Member

Vl? CT Ts
° Three-hinged spandrel-braced arch

Fic. 14-10

than railroad bridges. Its upper economical limit is roughly 500 to 600 ft.

The braced-rib arch, which is mainly used for highway bridges, is ideally

suited for cantilever erection and is used for long spans with an upper

economical limit of roughly 1,600 to 1,800 ft. The spandrel-braced arch

is used primarily for railroad bridges. It has an upper economical limit of

about 1,000 ft because it is heavier than the braced-rib arch and is not

as well adapted to cantilever erection.

The longest arch bridge in the world is the 1,652-ft Kill van Kull
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West End North Side Bridge, Ohio River, Pittsburgh, Pa. (American
Bridge Division, U. S. Steel Corporation. )

highway bridge (a two-hinged, braced-rib arch) from Bayonne, N. J., to

Staten Island. The Sydney Harbour, Australia, steel railway arch has a

span of 1,650 ft and is also a two-hinged, braced-rib arch. The Lees’

Ferry Bridge over the Colorado River in Arizona, which is a spandrel-

braced arch with a 616-ft span, is 500 ft above the river level.

14-11. SUSPENSION BRIDGES

Probably the suspension bridge with its gracefully curving cables is

the most beautiful of all bridge types. A suspension bridge is shown in

Fig. 14-11. The bridge is supported by the cables which pass over the
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Truss

| 1
Fyo. 14-11

towers and are anchored at the bridge ends. The stiffening truss stiffens

the cable against vibration caused by the live loads and holds it in its

regular shape.

The suspension bridge provides an excellent method of reducing



Introduction to Steel Bridges 307

moments in long-span structures. The usual practice is to erect, the
structure with its weight being entirely carried by the cables. This is
done by waiting to connect the stiffening trusses until all of the dead
weight is carried by the hangers to the cables. . The result is that thes.
trusses carry none of the dead load and only a part of the live load. A
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large part of the live loads is transferred by the hangers to the cable,

with the result that the amount of bending moment to be resisted by the

trusses is tremendously reduced. The majority of the load on a sus-

pension bridge is carried by the cable in tension, a very efficient and

economical method.

The late Dr. D. B. Steinman said that suspension bridges were po-

tentially economical for highway bridges for clear spans from 400 ft to

10,000 ft. The longest existing suspension bridge until recently was the

Golden Gate Bridge with its 4,200-ft suspended span. On November 21,

1964, however, this title was taken by the Verrazano-Narrows Bridge,

which has a 4,260-ft suspended span across the entrance to New York’s

harbor from Brooklyn to Staten Island.

4D. B. Steinman, A Practical Treatise On Suspension Bridges (New York: John

Wiley & Sons, Inc., 1929), p. 83.
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14-12. MISCELLANEOUS BRIDGE TYPES

There are several other types of steel bridges which are used, among

them being rigid-frame bridges, orthotropic systems, Vicrendeel trusses,

and prestressed steel bridges. A brief discussion is made of each of these

types in the following paragraphs.

Steel Rigid-Frame Bridges. A type of bridge which is quite often used

for single spans is the steel rigid-frame bridge. This type of bridge which

is very satisfactory for overpasses 1s economical for spans of from roughly

30 to 150 ft. The legs of the rigid frame serve as the abutments and

provide continuity. The design of this type of structure can be handled

in a manner quite similar to the method described for rigid frame build-

Ings in Chap. 19.

Orthotropic Systems. In the usual types of bridges each of the parts

(slab, stringers, floor beams, trusses, etc.) 1s assumed to perform a certain

individual task without assistance by the other parts. In the orthotropic

bridges the stringers and floor beams and main girders are rigidly con-

nected together and a continuous deck plate is placed over them. The

beams are welded to the underside of the plate to make the entire bridge

a single unit in resisting loads. The various parts do not have clear-cut

single functions—they all support the load together.

A paving surface (probably asphalt because of its light weight) is

placed on the steel plate. Orthotropic bridges have been used primarily

In Hurope, the labor situation being a major factor. A great deal of labor

is Involved in constructing the bridges although there is a large saving

in steel. The cheap labor and relatively expensive matcrial situation

makes them very competitive in Europe. In the United States, however,

the very costly labor situation reduces their competitive position. Never-

theless these bridges seem to have great economic potential for the future

in the United States.

Orthotropie bridges have been primarily used for spans of 200 ft or

more, but they seem to have the potential for competing cconomically for

spans of 100 ft or even less. One orthotrepie plate girder bridge has a

span of 856 ft. It is the Save River Bridge in Belgrade, Yugoslavia.®

An excellent reference on the design of orthotropic bridges is the Design

Manual for Orthotronic Steel Plate Deck Bridges, published in 1963 by

the AISC.

Vierendeel Trusses. A type of truss which is uncommon in the United

States but has had frequent application in Europe is the Vicrendeel truss,

developed by M. Vierendeecl in 1896. This type of truss, illustrated in

Fig. 14-12, is actually not a truss by the usual definition and requires

6 Jerry C. L. Chang, “Orthotropic-Plate Construction For Short Span Bridges,”

Civil Engineering, December 1961, p, 53.
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the use of moment-resisting joints. Loads are supported by means of
the bending resistance of its short heavy members. Although analysis
and design are quite difficult, it is a fairly efficient structure.

Prestressed Steel Bridges. Another type of bridge construction which

will probably be used a great deal in the future is the prestressed steel

bridge. In a prestressed structure, stresses are introduced which are’

opposite in character to those that will be produced by the working loads.

Another way of defining this process is to say that where the working

loads cause positive moments, prestressing is introduced to produce nega-

tive moments, and vice versa.

Prestressing tends to counteract the effect of the working loads thus

enabling the same structure to support increased loads or to be used for

larger spans with the same loads. As an illustration of the prestressing

idea the student is referred to Fig. 14-13. In part (a) of the figure the

gravity loads shown tend to cause the truss to bend downwards, causing
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(a) (b)

Fiaq. 14-13

tension in the bottom chords and compression in the top ones (1.e., positive

moments). In part (b) the bottom chord is compressed and the truss

tends to bend upward (i.e., negative moments). One method of produc-

ing the prestressing force in a truss is by tensioning a group of high-

strength cables to very large initial stresses—perhaps as high as 175 ksi

—and attaching them to the bottom chord of the truss.

14-13. SUMMARY OF BRIDGE TYPES

A brief summary of the general types of steel bridges 1s given in

Tuble 14-1, together with approximate cconomical spans. There are

many variables involved in cach of the values given. In this regard,

notice that the table indicates that simple truss bridges may be economical

for spans up to approximately 600 ft. This does not mean that any type

TABLE 14-1

SUMMARY OF BripGeE Tyres AND SPANS

Approximate Range of Economical Spans

Type of Bridge ee ce eet nnn

Highway Bridges Railroad Bridges

WE benm (noncomposite) 0-80 | 0-50

W beam (composite) fo 50-120 —

R girder
(compose and 80—150 | 50-130

noncomposite

Simple truss | oe 150-600 ; 130-600

Continuous truss _ 250-800 450-800

Cantilever truss 500-1800 600-1800

Arch - — 100-1800 7 100-1000

Suspension 400-10,000 1500-10,000
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of simple truss can be economical for this size of span. Obviously the

subdivided and K trusses are the only ones which would be economical

for such large spans. A similar argument can be made for arches. A

few of the values in the table are only roughly estimated. For example,

the 10,000 ft estimated economical span for suspension bridges has not

even been approached.

14-14. COMPARISON OF HIGH LEVEL BRIDGES AND

LOW LEVEL MOVABLE BRIDGES

Because our U. S. highways are subject to tremendous traffic volumes

and to high-speed traffic, any kind of movable bridge on their routes is

objectionable. The result is that the use of fixed high-level bridges

furnishing the clearances required by the Corps of Engineers (which has

jurisdiction over all structures crossing navigable streams) are usually

desirable.

Nevertheless a bridge-design organization may be faced with the

problem of spanning a navigable stream with a high bridge above the

naval traffic or a low-level bridge with a movable span. (The discussion

of tunnels, another feasible solution, is not considered in this text.)

Several types of low level movable bridges are shown in Figs. 14-14

and 14-15. Low-level bridges have smaller initial costs, take up less

of the surrounding land areas at their ends, permit quicker crossing by

vehicles (when a ship is not passing) and the operating costs of the

crossing vehicles are reduced. This latter fact is of appreciable impor-

tance when railway traffic is involved. Low-level bridges may have some

SX \N NK
(a)

Yy

WY
SV :
WSS SS

(b)

Fic. 14-14. Swing bridges.
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Fia. 14-15. Vertical-lift bridge.

appreciable advantage when a high but narrow navigation channel is to

be spanned.

On the other hand, low-level bridges with movable sections are al-

ways a nuisance to traffic above and below and are a real hazard for land

traffic in cases of emergency ust by fire engines, ambulances, etc. They

require additional costs for the operators (24 hours per day seven days per

week) for opening and closing of the bridges as well as the cost of the

machinery and power for the opening and closing.

High-level bridges have much higher initial costs than low-level

bridges, their long approaches damage or take up much of the surrounding

arca on the shores, they have steeper grades, and they may block off

strects and through traffic for parts of urban areas.

The high-level bridge is probably selected for highway traffic or for

a crossing in a rural area or for a location whcre the navigation channel

to be spanned is wide. On the other hand, low-level movable bridges

may be given serious consideration for railway traffic or for urban areas

or for cases where an extremely high clearance (and probably narrow)

is required over the navigation channel.

14-15. MOVABLE BRIDGES

The movable bridge may prove to be a satisfactory solution for

crossing a watcrway. The three main types of movable bridges are

briefly described in the paragraphs to follow.

The Swing Bridge. The swing bridge is supported on a center pier and

is rotated horizontally. The bridge can turn on a center pivot as shown

in (a) of Fig. 14-14 or it can turn on a turntable as shown in (b) of the

same figure.

With the swing bridge there is no problem with vertical clearance as

it is unlimited but the center pier will serve as an obstruction to ships.

The Vertical Lift Bridge. As the name implies. the movable span 1s

lifted vertically above the navigational clearance area as shown in Fig.

14-15. This type of movable bridge is used where the horizontal clearance

reqilired is greater than the vertical clearance required.
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George P. Coleman Bridge, Yorktown, Va. (American Bridge Division,

U.S. Steel Corporation.)

Bascule Bridge. The bascule bridge is one in which the span is turned

up vertically at one end, usually by some type of counterweight system.

It may prove to be a satisfactory solution when a narrow but high clear-

ance is required.
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| an i prefain oy

Manasquan River highway bridge from Brielle to Point Pleasant, N. J.

(American Bridge Division, U. S. Steel Corporation.)

14-16. SELECTION OF BRIDGE TYPE

Among the many factors which affect the choice of the type of bridge

to be used for a given site are the following:

1. Span required.

2. Foundation conditions. (Poor foundation conditions may rule out

indeterminate structures.)

3. Clearance required. (This factor can have a great effect on the

erection method used and hence the type of structure.)

4. Probable erection methods required by conditions at the site.

5. Live loads to be supported.

6. First cost.

7. Operation and maintenance cost.

8. Harmony of bridge with surrounding terrain.

For a particular situation the designer could list all of the bridge

types which might be economical for the span length involved. His next

step might be to study the preceding factors 2 through 8 to determine if

any of the possibilities were impractical. Should more than one possi-

bility remain, preliminary designs and cost estimates for each may have

to be made before a decision can be reached.

14-17. SPACING OF PIERS AND ABUTMENTS

This section is devoted to a discussion of the spacings of the piers

and abutments for bridges. A well-known rule in bridge enginecring on

the subject of costs states that for best economy the cost of the super-

structure should equal the cost of the substructure. Sinply stated, the
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rule means that when foundation conditions are poor and thus substruc-

ture costs high per pier, it is desirable to use longer spans in order to re-

duce the number of piers.

For this rule to be completely applicable the pier depths, foundation
materials, and other construction conditions must be the same at each

pier. (It should be noted here that the cost of the superstructure varies

roughly as the square of the span, whereas the cost of the picrs varies

roughly as the square of the depth below water level.) For uniform

conditions the rule can be easily proved, as shown in several texts," but

space is not taken here for that purpose. Since the rule is perfect only

for uniform conditions it should probably be taken in general as being an

approximate rule of the greatest importance.

14-18. LIVE LOADS FOR HIGHWAY BRIDGES

Although highway bridges must support several different types of

vehicles, the heaviest possible loads are caused by a series of trucks. The

AASHO specifies that highway bridges shall be designed for a continual

line of motor trucks. The truck loads specificd are designated with an

H prefix followed by a number indicating the total weight of the truck in

tons. The weight may he followed by another number indicating the year

of the specifications. For example, an H20-44 loading indicates the 20-

ton truck and the 1944 specifications. A sketch of the truck and the

distances between axle centers, wheel centers, and other dimensions 18

given in Fig. 14-16.

The selection of the particular truck loading to be used in design

depends upon the bridge location, anticipated traffic, and related factors.

These loadings may be broken down into three groups as follows.

Two-Axle Trucks; H20, H15, and H10. The weight of an H truck is

assumed to be distributed two-tenths to the front axle (c.g., 4 tons, or 8 k,

for an H20 loading) and cight-tenths to the rear axle. The axles are

spaced 14 ft Q in. on centers, while the center-to-center lateral spacing

of the whecls is 6 ft 0 in. Should a truck loading varying in weight

from these be desired, one that has axle loads in direct proportion to the,

standard ones listed here may be used. A loading as small as the H10

may be used only for bridges supporting the lightest traffic.

Two-Axle Trucks Plus One-Axle Semitrailer; H20-S16 and H15-S12. For

today’s highway bridges carrying a great amount of truck traffic, the two-

axle truck loading with a one-axle semitrailer weighing 80 percent of the

main truck load is commonly specified for design. The H20-S16 truck

has 4 tons on the front axle, 16 tons on the rear axle, and 16 tons on the

6B. H. Gaylord, Jr., and C. N. Gaylord, Design of Steel Structures (New York:

McGraw-Hill Book Company, Inc., 1957), pp. 405-407.
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trailer axle. The distance from the rear truck axle to the semitrailer axle

is varied from 14 to 30 ft, depending on which spacing will cause the most

critical conditions.

Bridges for the new interstate highway system are designed in ac-

cordance with the AASHO Specifications using the H20-S16 loading. An

alternative load can be used in place of the H20-S16 truck. This loading

consists of two axles 4 ft on centers weighing 24 k each. It is critical

only for some short-span beams.

Uniform Lane Loadings. Computation of stresses caused by a series of

concentrated loads, whether they represent. two-axle trucks or two-axle

trucks with semitrailers, is a tedious job; therefore, a lane loading which

will produce approximately the same stresses is frequently used. The

lane loading consists of a uniform load plus a single moving concentrated

load. This load system represents a line of medium-weight traffic with

a heavy truck somewhcre in the line. The uniform load per foot is equal

to 0.016 times the total weight of the truck to which the load is to be

roughly equivalent. The concentrated load equals 0.45 times the truck

weight for moment calculations and 0.65 times the truck weight for

shear calculations. These values for an H20 loading would be as follows:

0.016 X 20 tons equals 640 lb/ft of lane; concentrated load for moment

0.45°>< 20 tons equals 18 k; and concentrated load for shear 0.65 x 20
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tons equals 26 k. The lane loading is more convenient to handle but
may not be used unless it produces stresses equal to or greater than those
produced by the corresponding H or H-S loading.

The possibility of having a continuous series of heavily loaded trucks

in every lane of a bridge having more than two lanes does not scem as

great as that for a bridge having only two lanes. The AASHO, therefore,

permits the stresses caused by full loads in every lane to be reduced by a

certain factor if the bridge has more than two lanes.

Impact. The truck and train loads on highway and railroad bridges

are applied not gently and gradually but rather violently, causing stress

increases. Additional loads, called impact loads, must be considered;

these are taken into account by increasing the live-load stresses by some

percentage, the percentage being obtained from purely empirical expres-

sions. Numerous formulas have been presented for estimating impact.

One example is the following 1949 AASHO formula for highway bridges,

in which J is the percent of impact and L is the length of the span, in

feet, over which live load is placed to obtain a maximum stress. The

AASHO says that it 1s unnecessary to use an impact percentage greater

than 30 percent, regardless of the value given by the formula. Notice

that the longer the span length becomes the smaller becomes the impact.

0

L + 125

Wind loads. Wind can produce very large forces on bridges. On

several occasions wind forces have been of sufficient magnitude to cause

collapse. Accurately estimating the magnitude of these loads is very

difficult. because there are so many variables involved such as terrain,

wind velocity, and sizes and shapes of members.

The present bridge specifications have been influenced appreciably

by considerable testing of bridge models in wind tunnels.7* The AASHO

says that in applying wind loads the exposed area shall equal the sum of

the areas-of ail floors, railing, members, etc., as scen in elevation. The

loads ‘they specify are estimated for a 100-mph wind but the values may

be increased or decreased provided the designer can show good evidence:

for such changes. The magnitudes of the forces for different velocities

are to be determined from the specified values in direct proportion to

the squared values of the different velocities. A moving wind load is to

be applied as follows:

[=

For trusses and arches—75 psf

For girders and beams—50 psf

7John M. Biggs, Saul Namyet, and Jiro Adachi, “Wind Loads on Girder
Bridges,” Proc. ASCE, Sep. No. 587 (January 1955).

8 John M. Biggs, “Wind Loads on Truss Bridges,” Proc. ASCE, Sep. No. 201

(July 1953).
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The total load so calculated may not be less than 300 lb per linear

foot in the plane of the loaded chord nor 150 lb per foot in the plane of

the unloaded chord for truss spans nor less than 300 Ib per linear foot for

girder spans.

When wind loads are combined with other loads the AASHO permits

some increase in allowable stresses. For the dead load plus full wind

load combination the allowable stresses can be increased by 25 percent.

When wind loads are considered to be applied at the same time as dead

load plus all of the other live loads, only 30 percent of the wind load 1s

considered applied and the allowable stresses can be increased by 25

percent; however, a wind load must be included in this combination and

applied to the live load 6 ft above the deck and equalling 100 |b per

linear foot.

14-19. LIVE LOADS FOR RAILWAY BRIDGES

Railway bridges are commonly analyzed for a series of loads devised

by Theodore Cooper. His loads, referred to as E loadings, represent two

locomotives followed by a line of freight cars. A series of concentrated

loads is used for the locomotives, while a uniform load represents the

freight cars. Coopcr introduced his loading system in 1894; it was the

so-called 1-40 load, pictured in Fig. 14-17. The train is assumed to have

First Engine Second Engine Freight Cars

20k 40keach 26 k each 20k 40k each 26 keach 4k/ft

A AAA A
\\8 dels s| 9 sifé s| ele isisis| 9 sé S| 5

Fic. 14-17. E-40 Cooper loading.

a 40-k load on the driving axle of the engine. Since his system was intro-

duced, the weights of trains have been increased considerably, until at

the present time bridges are designed on the basis of loads in the vicinity

of an E-72 loading; and the use of E-80 and E-90 loadings is not uncom-

mon.

Various tables that are obtainable present detailed information per-

taining to Coopcr’s loadings such as axle loads, moments, and shears.

If information is available for one E loading, the information for any

other E loading can be obtained by direct proportion. The axle loads of

an E-75 are 75/40 those for an E-40; those for an E-60 are 60/72 of
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those for an E-72. Tables used in conjunction with the maximum criteria

presented later in this chapter greatly reduce the computations.

Cooper’s loadings do not accurately picture today’s trains, but they

are still in general use despite the availability of several more modern
and more realistic loadings such as Dr. D. B. Steinman’s M-60 loading.®

Impact. Impact factors for railroad bridges are higher than those for

highway bridges because of the much greater vibrations caused by the

wheels of a train as compared to the relatively soft rubber-tired vehicles

on a highway bridge. A person need only stand near a railroad bridge for

a few seconds while a fast-moving and heavily loaded freight train passes

over to see the difference. Tests have shown the impact on railroad

bridges will often run as high as 100 percent or more. Not only docs a

train have a direct vertical impact, or bouncing up and down, but it

also has a lurching or swaying back-and-forth type of motion. Some

AREA impact formulas are as follows:

Direct vertical effect for beams, girders, floor beams, ete.:

L?

18i oa + 10 for L = 100 ft or more

Direct vertical effect for trusses:

__ 4,000 -

I= L + 25 + 1s

Wind Loads. The wind loads specified by the 1964 AREA Specifica-

tions are handled quite similarly to those required by the AASHO. A

moving wind force of 30 psf is to be applied to 1% times the vertical

projections of leeward trusses which are not shielded by the floor system.

The total values so determined may not be less than 200 Ib per linear

foot for the loaded chord or flange nor 150 |b per linear foot on the un-

loaded chord or flange. In addition a wind load is to be applied to the

train equal to 300 lb per linear foot on the one track and applied 8 ft

above the rail.

The AREA makes one further requirement as it pertains to load

combinations. Should stresses computed for a 50-psf load applied as

described in the preceding paragraph plus dead load be in excess of those

caused by the wind loads also described in the last paragraph plus all

other loads (dead, live, impact, and centrifugal), the members will be

designed for the larger stresses. —

® Trans. ASCE, vol. 86 (1923), pp. 606-636.
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Composite Design

15-1. COMPOSITE CONSTRUCTION

When a concrete slab is suppurted by steel beams and there is no

provision for shear transfer between the two the result is a noncomposite

section. There is no doubt in noncomposite construction but that the

load causes the slab to deflect along with the beam, with the result that

some of the load 1s carried by the slab. Unless, however, there is a great

deal of bond between the two (as would be the case where the steel beam

is completely encased in the concrete, or where a system of mechanical

shear connectors is provided) the load carried by the slab is small and

may be neglected.

For many ycars steel beams and reinforeed-concrete slabs were used

together with no consideration being made for any composite effect. In

recent years, however, it has been shown that a great strengthening effect

can be obtained by tying the two together to act as a unit in resisting

loads. Steel beams and conercte slabs joined together compositely can

often support a one-third or even greater increase in load than could the

stec] beams alone in noncomposite action.

Composite construction for highway bridges was given the green

light by the adoption of the 1944 AASHO Specifications which approved

the method. Since about 1950 the use of composite bridge floors has

rapidly increased until today they are commonplace all over the United

States. In these bridges the longitudinal shears are transferred from the

stringers to the reinforced concrete slab or deck with shear connectors

(to be deseribed in Sec. 15-6) causing the slab or deck to assist in carrying

the bending moments. This type of section is shown in part (a) of

Fig. 15-1.

The first approval for composite building floors was given by the 1952

AISC Specification and today they are rapidly becoming popular. These

floors may cither be encased in concrete as shown in part (b) of Fig. 15-1

or be nonencased with shear connectors as shown in part (c) of the figure.

The larger percentage of composite building floors being built today are

320
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Fic. 15-1

of the nonencased type. If the stcel sections are encased in concrete the

shear transfer is made by bond and friction between the beam and the

concrete and by the shearing strength of the concrete along the dotted lines

shown in part. (b) of Fig. 15-1. If more shearing strength 1s required,

some type of steel reinforcing is provided along the sections indicated with

the dotted lines.

15-2. ADVANTAGES OF COMPOSITE CONSTRUCTION

The floor slab in composite construction acts not only as a slab for

resisting the live loads but also as an integral part of the beam. It

actually serves as a large cover plate for the upper flange of the steel

beam, appreciably increasing the beam’s strength.

A particular advantage of composite floors is that they take ad-

vantage of concrete’s high compressive strength as compared to its cost

by putting all or almost all of the slab in compression. At the same time

a larger percentage of the steel is kept in tension (also advantageous)

than is normally the case in steel-frame structures. The result is less
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Bridge on John F. Kennedy Expressway, Chicago, Ill. (Robert McCul-

lough, Chicago, Til.)

steel tonnage required for the same loads and spans (or longer spans for

the same sections). Composite sections have greater stiffnesses than

noncomposite sections and they have smaller deflections—perhaps only

20 to 30 percent as large. Furthermore, tests have shown that the ability

of a composite structure to take overload is decidedly greater than for

a noncomposite structure.

A further advantage of composite construction is the possibility of

having smaller overall floor depths—a fact of particular importance for

tall buildings. Smaller floor depths permit reduced building heights with

the conscquent advantages of smaller costs for walls, plumbing, wiring,

ducts, elevators, and fourdations. Another important advantage avail-

able with reduced beam depths 1s & saving in fireproofing costs for the

beams. A disadvantage for composite construction is the cost of furnish-

ing and installing the shear connectors. This extra cost will usually

exceed the cost reductions mentioned fur short, lightly loaded spans.

15-3. DISCUSSION OF SHORING

After the steel beams are erected the concrete slab is placed on them.

The formwork, wet concrete, and other construction loads must, therefore,

be supported by the beams or by temporary shoring. Should no shoring

be used, the steel beams must support all of these loads as well as their

own weights. Most specifications say that after the concrete has gained

75 percent of its 28-day strength the section has become composite and

all loads applied thereafter may be considered to be supported by the
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composite section. When shoring is used it supports the wet concrete and
the other construction loads. It does not really support the weight of the

steel beams unless they are given an initial upward deflection (probably

impractical). When the shoring is removed (after the conercte gains at

least 75 percent of its 28-day strength) the weight of the slab is trans-

ferred to the composite section, not just to the steel beams. The student

can see that if shoring is used it will be possible to use lighter and thus

chesper steel beams. The question then arises, “Will the saving in steel

cost be greater than the extra cost of shoring?” Probably the answer is

“No.” The usual decision is to use heavier steel beams and do without

shoring for several] reasons. These include the following:

1. Apart from reasons of economy, the use of shoring is a tricky

operation, particularly where settlements of the shoring is possible, as is

often the case in bridge construction.

2. Tests have shown that the ultimate strengths of composite sec-

tions of the same sizes are the same whether shoring was used or not.

If lighter steel beams are selected for a particular span because shoring

is used, the result is a smaller ultimate strength.

3. Another disadvantage of shoring is that after the conerete hardens

and the shoring is removed the slab will participate in composite action

in supporting the dead loads. The slab will be placed in compression by

these long-term loads and will have substantial creep and shrinkage

parallel to the beams. The result will be a great decrease in the stress

in the slab with a corresponding increase in the stcel stresses. The prob-

able consequence is that most of the dead load will be supported by the

steel beams anyway and composite action will really apply only to the

live loads as though shoring had not been used. A common practice

when shoring is used is to reduce the calculated effective area of the

concrete (as described in Sec. 15-5) by 3.

15-4. EFFECTIVE FLANGE WIDTHS

The portion of the slab or flange which can be considered to partici-

pate in the beam action is controlled by the specifications. For buildings

the AISC permits the same method of computing effective flange widths

as is permitted by the ACI for reinforced concrete tee beams. Reference

is made here to Fig. 15-2.

The maximum effective flange width permitted by the AISC can be

determined by computing the following values and will equal the least

value of b so obtained.

1. b not greater than one fourth of the span of the beam.

2. b’ not greater than one-half of the clear distance to the adjacent

beam.
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3. b’ not greater than eight times the slab thickness.

Should the slab exist only on one side of the beam, the following

requirements control.

1. b not greater than one-twelfth of beam span.

2. b’ not greater than one-half of the clear distance to the adjacent

beam.

3. b’ not greater than six times the slab thickness.

The AASHO requirements for maximum permissible flange widths

are slightly different. The maximum flange width may not exceed one-

fourth of the beam span, the distance center-to-center of the beams, nor

twelve times the slab thickness. Should the slab only exist on one side

of the beam the width may not exceed one-twelfth of the beam span,

one-half of the distance center-to-center of the beams, nor six times the

slab thickness.

15-5. STRESS CALCULATIONS FOR COMPOSITE SECTIONS

For stress calculations the properties of a composite section are com-

puted with the transformed area method. In this method the cross-

sectional area of one of the two matcrials has to be replaced or trans-

formed into an cquivalent arca of the other. For composite design it 1s

customary to replace the conercte with an equivalent area of steel,

whereas the reverse procedure is used in reinforced-concrete design.

In the transformed area procedure the concrete and steel are assumed

to be bonded tightly together so that their strains will be the same at

equal distances from the neutral axis. The unit stress in either material

can then be said to equal its strain times its modulus of elasticity («£-

for the concrete or « E, for the steel). The unit stress in the steel is then

eE,/eE, = E,/E, times as great as the corresponding unit stress in the

conercte. The E,/E, ratio is referred to as the modular ratio n; therefore,

n square inches of concrete are required to resist the samc total stress as

1 sq. in. of steel; and the cross-sectional area of the slab (A,) is replaced

with a transformed or equivalent area of steel equal to A,/n.
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Should the neutral axis fall in the slab the concrete below may not

be considered to contribute to the moment of inertia (except possibly for

deflection calculations) as this concrete is assumed to be cracked. In the

example problems of this chapter, Mp is the dead-load moment which

must be supported by the stcel beam alone, !M,, is the live-load moment

applied to the composite section and Jf, is the dead-load moment applied

to the composite section.

Examples 15-1 and 15-2 illustrate the stress calculations for unshored

composite sections using the AISC and AASHO specifications. As indi-

cated in the discussion of shoring, tests have shown that the ultimate

strengths of composite sections are the same whether shoring is used or

not. On this basis the AISC says that all loads are to be considered as

being applied to the composite section regardless of the use or nonuse of

shoring.

For composite sections with no temporary shoring the AISC gives a

maximum allowable bottom-flange steel stress of about 0.82 F,. This

allowable value is for the situation where all of the moments (Mp, Ma,

and M,) are assumed to be applied to the stcel beam alone. This allow-

able value is checked by means of the expression given at the end of this

paragraph for Spr, the section modulus of the transformed composite

section referred to the tension flange. When temporary shoring is not

used, the value of Spyz may not exceed the value determined by substitu-

tion in this expression in which S, is the section modulus of the steel beam

alone referred to its tension flange. In applying the formula it is to be

remembered that the loads supported by the steel beam before the con-

crete hardens may not cause the allowable stresses in the beam to be

exceeded.

Sre = (1.35 4+ 0.35 iw) S,

Stresses are calculated in Example 15-1 for a composite section using

the AISC Specification and in Example 15-2 for another section in ac-

cordance with the AASHO requirements. In this latter cxample it 1s

necessary to take into account the effect of creep in the concrete as it

applies to the long-term loads. For the tension flange of the steel beam

there will be stress duc to Mp acting on the stecl section alone, plus stress

due to M, acting on the composite section (n = 30), plus stress due to

M,, acting on the composite section (n = 10). For the concrete no stress

is caused by Mp, so the stress is caused by Mz, acting on the composite

section (n = 30), plus the effect of M,, acting on the composite section

(n = 10).

EXAMPLE 15-1. Determine the stresses for the composite beam section shown

in Fig. 15-3 according to the AISC Specification. Adequate shear connectors
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_ Beams

Composite Design

4 Concrete Slab

_-7 Beamsr-—3@ 8-0": 24-0" —_» Oe 31(A=9.12, 7-15.84,
by = 5.525, L= 372.5,

bq 27'-0" lg

Ss = 47.0)

Fic. 15-3

are assumed to be present and no shoring is used. Assume simple spans and the

following data:

Solution:

LL = 100 nsf

Partition weight = 18 psf

4 in. concrete slab weighs 50 psf

f¢ = 3,000 psi

J, == 1,350 psi

n =9

A36 steel

Calculation of Moments

Loads applied before conerete hardens (75 percent of 28-day strength) :

‘ab = (8) (50) == 400 Ih/Tt

Beam = 311b/ft

Total — 431 lb/ft

2

My = 0 = 39.3 ft-k

Loads applied after concrete hardens:

Partitions = (8) (18) == 144 lb/ft

LL — (8) (100) = 800 lb/ft

Total = 944 lb/ft
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2

M,= (Wee) 7" — 85.9 ft-k

M, =393+ 859 = 125.2 ft-k

Effective Width of Flange

(1) 6 = (4%) (27 X 12) == 81 in.

(2) b’ =(%) (8 KX 12 — 5.525) == 45.24 in.

b = (2) (45.24) + 5.525 == 96 in.

(3) 6% = (8) (4) == 32 in.

b = (2) (82) + 5.525 == 69.525 in. (controls)

Properties of Composite Section

(Reference made here to Fig. 15-4)

69 52" 0
f. 9 = 7.72

Transformed Area of

a Concrete Slab
4"

a

15.84"
Yb

y16B31

ey
Fig. 15-4

A =9.12-+ (4) (7.72) == 40.00 sq in.

__ (9.12) (7.92) 4- (30.88) (17.84) ;
yy = ——49 00° — = 15.57 in.

I == 3725 + (9.12) (7.65)? + (42) (7.72) (4)3 + (30.88) (2.27)?

= 1,106.6 in.4

Review of Stresses

Before concrete hardens:

(12) (39.3) (7.92) __ | |
fe = ————“‘goyg 10.02 ksi < 24 ksi (OK)

1,106.6
—_...— == 7].1 1n.31557 71.1 in
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Maximum permissible S;, by AISC is

(1.35 + 0.35 X 53) 47.0 = 99.4 > 71.1 (OK)

After concrete hardens:

__ (12) (125.2) (4.27)
L=- (5) (1,106.6) 0.646 ksi < 1.35 ksi (OK)

__ (12) (125.2) (15.57) , .
,,=- > 11066 21.1 ksi < 24 ksi (OK)

EXxaMPLe 15-2. Calculate the stresses in the composite section shown in

Fig. 15-5 using the AASHO Specifications. Adequate shear connectors are as-

Effective flange width = 66"

j_¢é

N.A.

33.31"

L Lo

o- W 141 (4= 41.51, 7: 33.31,
I = 7442.2)

Fia. 15-5

sumed to be present and no shoring is used. Assume simple spans and the fol-

lowing data:

M, == 100 ft-k (due to curbs, railing, surface treatment, etc.)

M ,, = 450 fi-k

My = 850 ft-k

f, = 18 ksi

f, == 1.2 ksi

n == 10

Solution:

Properties of Composite Section

For n = 10:

== (88 9) (6) + 41.51 = 81.11 sq in.

yy = (41.51) (16.66) + (39.6) (36.31) __
>= =81.11 26.30 In.
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I = 7,442.2 + (41.51) (9.64)2 + (45) (6.6) (6)® + (39.6) (10.01)2

= 15,390 in.4

For n = 30:

A = (8645) (6) + 41.51 = 54.71 sq in.

__ (41.51) (16.66) + (13.2) (36.31), ,
i oo Be == 21.40 in.

[ = 7,442.2 + (41.51) (4.74)? + (Yo) (2.2) (6)8 + (13.2) (14.91)2

= 11,340 in.4

Final Stresses

__ (12) (450) (13.01) (12) (100) (17.91)
a Ne? OSE LOTTE DDI = 0.516 ksi << 1.2 ksi -

Je (15,390) (10) (11,340) (30) 0.516 ksi < 1.2 ksi (OK)
_ (12) (300) (16.66) , (12) (450) (26.30) 4 (12) (100) (21.40)

— 7,442 15,390 — —- 41,340

= 10.57 ksi > 18.00 ksi (NG)

15-6. SHEAR TRANSFER

The concrete slabs may rest directly on top of the steel beams or

the beams may be completely encased in conercte for fireproofing pur-

poses. The longitudinal shear can be transferred between the two by

bond and shear and possibly some type of shear reinforcing i: needed

when the beams are encased. When not encased, mechanical connectors

must transfer the load. Fireproofing is not necessary for bridges and the

slab is placed on top of the steel beams. Bridges are subject to heavy

iImpactive loads and the bond between the beams and the deck, which is

easily broken, is considered negligible. For this reason shear connectors

are designed to resist all of the shear between bridge slabs and beams.

Various types of shear connectors have been tried including spiral

bars, channels, zees, angles, and studs. Several of these types of con-

nectors are shown in Fig. 15-6. Economic considerations have usually

Jed to the use of round studs welded to the top flanges of the beams.

These studs are available in diameters from % to 1 in. and in lengths

from 2 to 8 in. but the most commonly used sizes are % or % In. and 2 to

4in.in length. They actually consist of rounded steel bars welded on one

end to the stecl beams. The other end is upset to prevent vertical separa-

tion of the slab from the beam. These studs can be quickly attached to

the steel beams with stud-welding guns by semiskilled workers.’

Shop installation of shear conncctors is initially more economical but

1Ivan M. Viest, R. S. Fountain, and R. C. Singleton, Composite Construction
In Steel and Concrete (New York: McGraw-Hill Book Company, Ine., 1958), pp.

50-51.
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Ilia. 15-6. Shear connectors.

there 1s a growing tendency to use field installation. There are two major

reasons for this trend: the connectors may casily be damaged during

transportation and setting of the beams, and they serve as a hindrance

to the workmen walking along the top flanges during the early phases of

construction.

The shear values permitted by the AISC for buildings for various

types of connectors are presented in Table 15-1. This table 1s a reproduc-

tion of Table 1.11.4 from the AISC Specification. The values given for

q are the ultimate strengths of the connectors reduced by a factor of 2.5

to obtain working load values.

The shear values permitted for shear connectors by the AASHO for

bridges are very conservative as compared to buildings, due to the nature

of the highly impactive bridge loadings. As more fatigue load data be-

comes available concerning the behavior of shear connectors it scems

probable that allowable connector values for bridges will be increased

appreciably.

The 1961 AASHO values for shear connectors following this para-

graph are for welded studs only. Allowable horizontal shears for other

types of connectors may be obtained by referring to the AASHO Specifi-
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TABLE 15-1

ALLOWABLE Loaps ror SHEAR ConNEcToRS—AISC

Allowable Horizontal Shear Load (hips)
Connector (Applicable only to stone concrete)

fi = 3,000 | f, = 3,500 | f* = 4000

14 in. diam. & 2-in. hooked or headed stud 5.1 5.5 5.9

56 in. diam. X 2%-in. hooked or headed stud 8.0 8.6 9.2

% in. diam. < 3-in. hooked or headed stud 11.5 12.5 13.3

% in. diam. < 314-in. hooked or headed stud 15.6 16.8 18.0

3-in. channel, 4.1 lb 4.3u* 4gw 5.0w

4-in. channel, 5.4 Ib 46w 5.0w 5.3w

5-in. channel, 6.7 lb 49w 5.3w 5.6w

¥%-jn. diam. spiral bar 11.9 12.4 12.8

56-in. diam. spiral bar 14.8 15.4 15.9

%4-in. diam. spiral bar 178 18.5 19.1

*w = length of channel in inches

cations. A comment might be made here concerning the 4.2 valuc shown

in these equations. The studs are embedded in concrete and loaded with

a transverse force at the welded end; their resistance to shear therefore

increases with greater embedment or with a greater length-to-diameter

ratio. After a certain point increasing the length does not increase the

capacity.”

Que = 330 d?\/f, —_— for welded studs with H/d > 4.2

Que = 80 Hd \/f, for welded studs with H/ d < 4.2

where Quy, = critical load capacity of one connector

H= height of stud in inches

d = diameter of stud

The allowable load on the connector g can be obtained by dividing

Que by the safety factor being used. The AASHO gives a rather for-

bidding looking formula for computing the safety factor but says a value

of 4 can be used rather than substituting in the formula.

The connectors between the beams and slabs are relatively flexible

with the result that there is some slippage between the two. Since slip

2Ivan M. Viest et al., op. cit.. p. 53.
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does occur there is a redistribution of load between the connectors similar

to that discussed for riveted connections in Sec. 9-8. Because of this

redistribution of unequal loads the AISC says the connector spacing can

be made uniform throughout the beam. The usual practice by the

AASHO Specifications is to use a pitch changing throughout the beam in

proportion to the computed horizontal shear.

Shear connectors must be capable of resisting both horizontal and

vertical movement because there is a tendency for the slab and beam to

s

Pro

ra ‘i ec ens _
rs . : a @

ae ; b 4 ; XN

Channel-section shear connectors, Grand Rapids, Mich. (The Lincoln

Electric Company.)

separate vertically as well as to slip horizontally. Most designers fecl

that because of the tendency to slip vertically the longitudinal spacing

of connectors should not exceed approximatcly 2 ft. The upset heads

of the common studs help to prevent vertical separation.

Careful attention should be given to the AISC method of determining

the horizontal shear to be taken by the connectors. Rather than basing

their designs on the shear computed by the VQ/I formula, shear is esti-

mated at ultimate load conditions. When a composite beam is being

tested, failure will probably occur with a crushing of the conercte. At

that time it seems reasonable to assume that the conercte and steel have

both reached a plastic stress condition.

For this discussion reference is made to Fig. 15-7. Should the neutral

axis fall in the slab the maximum horizontal shear (or horizontal force
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(= in Slab
“jos

f ——} =
me [
——— » ~ ital horizontal force
————~ below plane between beam

| ——> and slab= 4,f,
————

a ——

fy

N.A.in Beam 085 4’
—_—

(TC 4 =
2%)- - - - —

—_——e Total honzontal force 5

. above plane between beam

_j —_—————_e and slab = 0 85 Ae
fy

Fic. 15-7

on the plane between the concrete and the stcel) is said to be A,F,; and if

the neutral axis is in the steel section the maximum horizontal shear is

considered to equal 0.85 f7A,. (For the student unfamiliar with the ulti-

mate design theory for reinforced conerete the average stress at failure on

the compression side of a conercte beam is usually assumed to be 0.85 fi.)

From this information, expressions for V, (the shear to be taken by

the connectors) are written below. These values are divided by 2 to esti-

mate conditions at working loads. The AISC says that the two expres-

sions for V, are to be solved and the smaller value used. V, is the total

shear to be resisted between the point of maximum positive moment in a

simple span and the end of the beam. (For continuous beams, the word-

ing would be “between the point of maximum positive moment and the

point of contraflexure.”) The number of shear connectors required on

each side of the point of maximum positive moment can be determined

by dividing V, by q the strength of one connector of the size and type

being used. As previously described the AISC permits a uniform spacing

of conncctors.

0.85 f-A,V,;=- fe

V,= A, F,

Number of connectors = ¢

Design of shear connectors in accordance with the AISC Specification

is illustrated in Example 15-3 while AASHO spacing requirements are

illustrated in Example 15-7.
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15-7. PROPORTIONING COMPOSITE SECTIONS

Composite construction is of particular advantage economically

when loads are heavy, spans are long, and beams are spaced at fairly

large intervals. For steel-building frames, composite construction is

economical for spans varying roughly from 25 to 50 ft, with particular

advantage in the longer spans. For bridges, simple spans have been

economically constructed up to approximately 120 ft and continuous spans

50 or 60 ft longer.

Usually cover plates are welded to the bottom flanges of steel beams

with improved economy. The students can see that with the slab acting

as part of the beam there is a very large compressive area available and

by adding cover plates to the tensile flange a little better balance is

obtained.

For best economy, thicker siabs and cover-plated beams are usually

of advantage. An important point to realize is that the major cost of

cover plates regardless of their size is in fabrication. The result is that

heavy cover plates do not cost proportionately more than thin ones; it is

logical, therefore, to use large cover plates or none at all from an eco-

nomical standpoint. In fact the Steel Handbook says that the use of a

cover plate with an arca of less than one-half that of the stcel section

is seldom justified. Cover plates are not usually economical when light-

weight concrete is used because the high modular ratios of such concrete

greatly reduce the effective concrete arcas.

In tall buildings where headroom is a problem it is desirable to use

the minimum overall floor thickness possible. For buildings, minimum

depth-span ratios of approximately 1/24 are recommended if the loads

are fairly static and 1/20 if the loads are of such a nature as to cause

appreciable vibration. The thicknesses of the floor slabs are known (from

the concrete design) and the depths of the steel beams can be fairly well

estimated from these ratios. For bridges the AASHO gives a desirable

minimum ratio of 1/25 for total depth-to-span and 1/30 for steel-beam

depth alone to span. Should shallower sections be used than these there

is the usual requirement that the resulting deflections may not exceed

those developed had the recommended ratios been followed.

Perhaps the greatest difficulty in composite design has been the selec-

tion of economical beam sizes as a lengthy trial-and-error process has

been involved. In the past few years, however, a great deal of data has

been published which appreciably abbreviates the problem. For example,

the Steel Handbook includes a set of tables for selecting sizes. These

tables developed for building floors are good for A36 steel, 3,000 psi con-

crete and 4 to 5-in. slabs.

An excellent method of estimating steel beam sizes for building or
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bridge composite floors is presented on page 104 of Advanced Design In

Structural Steel by John E. Lothers (Prentice-Hall, Inc., 1960). Lothers

suggests that the steel beams be designed as though they slone have to

support all of the loads but using a higher allowable stress to account

for the composite action. He presents a table of estimated allowable

stecl stress increases for varying values of n. The increases are as fol-

lows: 20 percent for n = 15, 24 percent for n = 12, 28 percent for n = 10,

33 percent for n = 8, and 37 percent for n = 6. Increases for n values

in between the ones given are roughly proportional. In applying these

values it must be remembered that the usual allowable steel stresses may

not be exceeded by Mp alone. This information provides a very good

initial trial section but another trial or two may still be necessary before

a final sclection is made.

Other information is available from several sources. The previously

mentioned book by Viest, Fountain, and Singleton gives a great deal of

information on the subject including design procedures, curves and tables

of data. Additional data is contained in a book entitled Properties of

Composite Sections for Bridges and Buildings published by the Bethlehem

Steel Company (Bethlehem, Pa., 1962).

Example 15-3 illustrates the design of a composite section with a

cover plate on the bottom flange of the steel] beam. The proportions of

the section used in the problem were selected from the tables given in

the Steel Handbook.

EXAMPLE 15-3. Design a composite section using A386 steel and the ATSC

Specification for the situation shown in Fig. 15-8. No shoring is to be used and

simple spans are assumed. The following data are supplied:

. Beams fh Reinforced Concrete Slab

27'-Q'——_»

( 2 Plastered Ceiling
on Metal Lath?¢—_—— 3@ 9'-0"

o1 4

b?¢———______— 27'-O°—____>

Fia. 15-8
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LL = 120 psf

Ceiling weight = 10 psf

Partition weight == 15 psf

4-1in. concrete slab = 50 psf

ff = 3,000 psi

f. == 1,350 psi

n=—9

A36 steel

Solution:

Calculation of Moments

Loads applied before concrete hardens:

Slab = (9) (50) — 450 lb/ft

Assumed beam weight — 31 lb/ft

Total — 481 lb/ft

O72

My = oe 2" __ 43.8 tt-k

Loads apphed after concrete hardens:

Ceiling == (9) (10) = 90 1b/ft

Partitions = (9) (15) = 185 ]b/ft

LL — (9) (120) = 1,080 Ib/ft

Totil -— 1,305 lb/ft

27)2M,= re) (27)" _ 119 ftek

My = Mp + M, == 162.8 ft-k

Required Srp = ue en) — $14 ins

Selection of trial section from Steel Handbook

Try 10W 21 with 8 < Y% cover R

Properties of 1OW 21 with 8 X Y,-in. cover R

A = 6.19 + 4.00 = 10.19 sq in.

yy — (6:19) (6.45) + (4.00) (0.25) _ 3 ay in
b ~ 10.19
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f = 106.3 + (4.00) (3.15)? + (6.19) (2.05)? = 172.0 in

172.0
—o —_— —_— 1 3S, 340 50.6 in. |

Properties of Composite Section from Steel Handbook

Y, == 10.17 in.

6b = effective width of flange = 69.75 in.

Tpp = 833.4 in!

Spr = 81.9 in} for tension flange

Srp == 197.2 in} for conerete flange

Review of Section

Before concrete hardens:

__ (12) (43.8) (70) ge oa be:
fp== 7907 2A ksi < 24 ksi (OK)

Maximum permissible S,, by AISC is

(1 oo + 0.35 K 5g) 908 = 1162 ins > 81.9 1n3 (OK)

After concrete hardens:

(12) (162. 8)

«819

(12) (162. 8)

(9) (197.2)

Design of Shear Connectors

(y=? 85 Ae _ (0.85) (3, 000) (4X 6975) gay

i= == 24.0 ksi == 24.0 ksi (OK)

i= = 1.J1 ksi < 1.35 ksi (OK)

( 36

A = aaa (36) _1834k (controls)

This value (1833.4) is also given in the Stee] Handbook.

V, =

Assuming the 34 > 3-in. headed stud which can resist 11.5 k (see Table

183.4
Number required = Ws 15.95 each side of €

Use 16 connectors on each’ side of € evenly spaced

The cover plate on the bottom flange of the steel beam is needed only

for the sections of the span where the moment is largest. When the
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moment decreases to a value equal to the resisting moment of the slab and

steel shape above, the cover plate can theoretically be cut off. The AISC

and most other specifications state, however, that a cover plate should be

extended some distance beyond its theoretical point of cutoff. The dis-

tance is that required for the connectors (rivets, welds, or bolts) to de-

velop or transfer the portion of the flexural stresses taken by the plate

at the theoretical point of cutoff. Example 15-4 illustrates the calcula-

tions required for determining cover-plate lengths.

Particular attention should be given to the design of the intermittent

welds connecting the cover plate to the W shape. The student should

be able to follow this design by reading the paragraph numbers referred

to in the AISC Specification.

Examrte 15-4. Determine the required length of the cover plate for the

section designed in Example 15-3 if 3-in. fillet welds, E60 electrodes, and the

AISC Specification are used.

Solution: From Steel Handbook:

Up =—— 10.17 in,

I = 833.4 in#4

Srp for tension flange for section with cover RB == 81.9 in?

Spp for section without cover RB = 36.4 in? (from Steel Handbook)

Resisting moments:

M for section with cover ? = (2 4) oo) = 163.8 ft-k

M for section without cover R == (24) . = 72.8 {t-k

Theoretical point of cutoff (see Fig. 15-9)

|

163.8 ft -k

72.8ft-k —

Theoretical”
Cutoff Point

———_— ¥ ——_—__>|

be} ] 3. 5' —______»

Fia. 15-9
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For a uniformly loaded section with its parabolic moment diagram, the
following expression can be written:

2 _ 1638 — 728

(L/2)2” —«i1638.S

___ (43.5)? (91.0)
1638

== 10.00 ft (can be obtained directly from Steel Handbook)

Total stress in plate at theoretical point of cutoff:

Total stress = average stress & P area

2 2. 9¢Average stress = (2) ces e (9.92)

Total stress = (10.4) (4.00) = 41.6k

= 10.4 ksi

Length of weld required:

Strength of 34 fillet weld = 3.6 k/in.

6
L eq, == v3 = 11.6 in.

Use %-in. fillet welds on end of plate and for 8 in. on each side to

conform to par. 1.10.4 of the AISC.

Total cover ® length == (2) (10.00 ft) + (2) (8 in.) == 21 ft 4 in.

Intermediate cover-plate welds:

Minimum length of intermittent welds (par. 1.17.7 AISC) == (4) (%)

= 1) in.

V at theoretical point. of cutoff = (1.786) (13.5 — 3.50) == 17.86 k

° ve (from Steel Handbook) = 0.57

VQ (17.86) (0.57)
)__ 7s = 0.848 k/in.

I 12 8 k/in

(1.5) (2) (3.6)
Spacing of welds = -- 0348 == 12.74 in. c.-to-e.

Maximum spacing permitted (par. 1.18.3.1 AISC) == 24 ¢, or 12 in. =

(24) (0.34) = 8.16 in.

Use 8-in. spacing
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15-8. DESIGN OF ENCASED SECTIONS

For fireproofing purposes the stecl beams in building floors may be

completely encased in concrete. Under certain conditions the horizontal

shears between the slabs and beams can be considered to be transferred

by natural bond and friction between the two. The AISC says that for

this transfer to be permissible the encasing concrete must be placed

integrally with the slab concrete and must cover the steel by at least 2 in.

on the sides and bottom (or soffit). It is further required that the top of

the steel section be at least 1144 in. below the top of the slab and 2 in.

above the bottom of the slab. Finally, the encasing concrete must have

adequate mesh or other reinforcing for its full depth and across the soffit

of the beam.

The AISC says that encased heams with no shoring shall be able to

resist Mf, and in conjunction with the slab shall be able to resist Mp

+ Mz, + M, without a steel stress exceeding 0.66 F,. An alternative

design method is permitted which says that the steel beam alone must

be able to resist all moments without a steel stress exceeding 0.76 F,,.

This value might be used where a reduction in calculations is desired.

The higher allowable stress recognizes the fact that composite action

permits the section to support more load than the steel beam could alone.

Should this latter method be used it is unnecessary to compute the prop-

ertics of the composite section.

The critical sections for resistance to longitudinal shear in an encased

beam are shown in Fig. 15-10. The total resistance to the Jongitudinal

2 3 |
a,: l/” ~..4

|

Ita. 15-10

shear can be estimated to equal the bond along the top of the steel shape

(line 2-3 in the figure) plus the shearing resistance of the concrete along

lines 1-2 and 3-4.

A typical value used for the allowable bond between the steel and

concrete is 0.03 f< while a common allowable shear in the concrete as

along sections 1-2 and 3—4 is 0.12 f?. (A much smaller shear allowable

is used in Example 15-5.) Should the longitudinal shear be greater than
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the sum of the shearing and bond resistance along the sections mentioned,

some type of reinforcing will be necessary. The usual types of shear con-

nectors on top of the beam flange will probably not be of much value

because relatively large deformations will probably have to occur before

much load can be applied to the connectors. By the time that much

deformation occurs the natural bond between the steel and conercte will

probably have broken. Some type of shear reinforcing placed along

lines 1-2 and 3-4 will probably be the most effective method of increasing

the shearing resistance. The longitudinal shear will have to be extremely

large to require this shear reinforcing.

Example 15-5 illustrates the calculations involved in reviewing the

design of an encased section. Notice in this problem that since no shoring

is used the only longitudinal shear to be resisted is that. produced by the

loads applied after the concrete hardens. The ultimate-strength theory

is today considered not to apply to these encased sections due to the lack

of shear connectors, and longitudinal shears are computed by the famihar

VQ/I expression.

i

" ls
inl 04> , 4

c— , 4"

16 We45-—7 M |
(A=1324 sqin 1612 16"

I = 583 3 in’)

cs

LL 12"— ol Ly 38"
Fic. 15-11

Examete 15-5. Using the AISC Specification review the encased beam

section shown in Fig. 15-11 for longitudinal shear. No shoring is used and the

following data are assumed:

Allowable bond = 90 psi

Allowable shear = 180 psi

LL maximum external shear = 22 k

Maximum flange width = 60 in.

n==9
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Solution:

Calculated Properties of Composite Section

Neglecting concrete area below flange,

A=1324 4 um = 39.90 aq in.

__ (13.24) (10.44) + (26.66) (18),
Yy gee — 15.50 in.

I == 583.3 + (13.24) (5.06)? + (1% 5) (69%) (4)® + (26.66) (2.5)?

== 1,125 in#

Q@ for area above section 1-2~3—4 in Fig. 15-12,

+ b= 60"

Fic. 15-12

Q = Y, [(4) (60) (2.5) — (7.04 & 2.50) (1.75) — (2)(% X 2.48 & 2.5) (1.33) ]

== 62.8 in?

Checking Longitudinal Shear

VQ __ (22,000) (62.8)
v= 1795 = 1,230 lb/in.

Allowable bond == (7.04) (90) = 634 lb/in.

Allowable shear == (2) (3.52) (180) = 1,270 Ib/in.

Total shear resistance = 1,904 Ib/in. > 1,230 Ib/in.

(OK)

For buildings continuous composite construction with encased sec-

tions is permissible. For continuous construction the positive moments

are handled exactly as has been illustrated by the preceding examples.

For negative moments, however, the transformed section is taken as

shown in Fig. 15-13. The cross hatched area represents the concrete in

compression and all concrete on the tensile side of the neutral axis (that

is ubove the axis) is neglected. Notice also the fact that the resistance

to Jongitudinal shear is provided along line 1—2-3-4 in the figure. Ex-
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ample 15-6 illustrates the review of a composite section for negative

moment.

EXAMPLE 15-6. For the composite section shown in Fig. 15-14 and previ-

ously considered in Example 15-5 determine the bending stresses for negative

moments of Mp = 50 ft-k and M, = 65 ft-k assuming no shoring is used. If

16 W 45 (A=13.24,
d=16 12, £583.35) p1.50

l

Lo > +
10.95"

517" | ; 16"

yo2 155° __ |
t 2 38"

—

| a

i 94" au2.48 Le + 2.48 12
— et Transformed Width= > =] 33"

Fia. 15-14

the maximum live load shear is 32 k, determine if extra shear reinforcing is

needed in the negative moment region of the beam. Other data are the same as

for Example 15-5.

Solution: Properties of section:

(1.33 w)( 2) = (13.24) (10.44 -~ y,)

where 10.44 is the distance from soffit to c.g. of W.

Up = 7.55 in.

Ipp = 583.3 + (13.24) (2.89)? + (14) (1.33) (7.55)3 = 884 in.
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Review of Stresses

Before concrete hardens:

__ (12) (50) (8.06)
i,= 5833°° 8.28 ksi < 24.0 ksi (OK)

After conerete hardens:

(12) (115) (7. 55) , - 1:
— (9) (884) -- == 1.31 ksi < 1.35 ksi (OK)

f, (12) C15) (10.95) 71 ksi < 24.0 ksi (OK)
884

Check Shear

V =32k

Q) == (1.33) (2.38) ( 7.55 — ) == 2.2

VQ = (32,000) (20.2) . ,
= —_ ’ - == 732 )b/in.v ] 984 732 |b/in

Allowable bond (7.04) (90) = 634 lb/in.

Allowable shear = (2) (2.48) (180) == S94 Ih/in.

Total shear resistance — 1,528 Ib/in. > 732 Ib/in. (OK)

15-9. DESIGN OF COMPOSITE SECTIONS USING

AASHO SPECIFIC ATIONS

The AISC Specification for composite sections does not include cases

where there are heavy moving loads with large vibrations and impact.

Should loads of this nature be applicd to a building floor, the designer

might decidé to use the AASHO Specifications. He might, however,

reasonably deeide to use higher allowable design stresses in both the

steel beams and the shear connectors for his building than are permitted

by the conservative AASHO.

There is little possibility of vertical separation between the slabs and

steel beams in the usual building floor, but in bridges the heavy moving

loads with their large impact will probably break the bond if shear con-

nectors are not used. For this reason the only shear resistance permitted

by the AASHO is to be provided by specificaliy designed shear con-

nectors regardless of the arrangement of the beams and slabs.

Frequently a designer will not consider composite action for con-

tinuous bridge stringers but will in all probability use shear connectors

in the negative-moment range because they give greater stiffness and

prevent vertical separation and horizontal slipping between the slabs and
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Continuous-welded plate girders in Henry-Jefferson Co., Lowa.

(The Lincoln Electric Company.)

stringers. Actually the AASHO says that for continuous spans the con-

crete on the tension side should be considered cracked and that if the

reinforcing steel there not be used in computing the section, it will be

unnecessary to use shear connectors.

Example 15-7 illustrates the design of a composite section using the

AASHO Specifications. In bridge construction the top flange of the steel

beam is usually encased in a conerete haunch as shown in Fig. 15-15.

For simplicity, the effeet of the haunch is not usually included in comput-

ing the properties of the composite sections. In this example fictitious

ralues for maximum external shears applied to the composite section

are assumed at three sections. These values are used to illustrate the de-

sign of shear connectors in accordance with AASHO requirements.

. 77 Effective Width = 68°"

6"

_¥

1

—-

Fic. 15-15
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ExaMPLE 15-7. Using the AASHO Specifications design the simple composite

section shown in Fig. 15-15 for the data given. No shoring is used and the

following data are assumed:

M, ==350 tt-k

M,= 980 ft-k

M,, =500 ft-k

M, = 930 ft-k

f, = 18.0 ksi

fo = 3.0 ksi

fo == 1.2 ksi

n =10

Assumed maximum external shears applied to composite section are 32 k

at end, 24 k at 10 ft, and 17 k at 20 ft.

Solution:

Trial Section (see Fig 15-16)

=. 68"f

¢
4 = te

rt cost
+H— 36 W 150

-~ - - - N.A

35.84

yo

Se

Fic. 15-16

Using Lothers’ increased allowable stress method (28 percent increase for

n= 10),

__ (12) (930)

req. “~~ (1.28) (18)

Try 36 W 150 (A = 44.16, d = 35.84, t, = 0.940, J = 9,012.1)

S == 484 in 3
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Properties of Composite Section

For n = 10:

A —( 0) (6) + 44.16 = 84.96 sq in.

__ (40.8) (38.90) + (44.16) (17.92)
Yp 84.06 == 28.00 in.

T= 9,012.1 +- (44.16) (10.08)? +- (14.2) (6.8) (6)3 + (40.8) (10.9)? = 18,474 in4

For n = 30:

A = (68%) (6) + 44.16 = 57.76 sq in.

y __ (136) (38.90) + (44.16) (17.92) — 22.90 in.

d 57.76

I = 9,012.1 + (44.16) (4.98)? + (¥ 2)(55) (6)3 + (13.6) (16.00)? = 13,709 in.4

Review of Stresses

Before concrete hardens:

__ (12) (350) (17.92) _ . .
= 6012.1 == 8.35 ksi < 18.0 ksi (OK)

After concrete hardens:

(12) (80) (22.9) (12) (500) (28.00)
f, = 8.35 + —43 700 + ..—- 18474 == 19.05 ks > 18.0 ksi

(overstressed )

__ (12) (80) (19.00) , (12) (500) (13.9) __ a
he — ~~ (30) (13,709) ~* + “ (10) (18,474) == ().496 ksi < 1.2 ksi (OK)

Design of Shear Connectors

Assuming 3 — *%4 X 3 headed studs (H/d = 4.0) at each section,

Que = (80) (3) (34) (\/3,000) == 9.87 k

‘ q aa = 2.47 k each

Q = (6.8) (6) (10.9) = 445 in3

__ (32) (445) __ |
v atend = 73474 = 0.770 k/in.

(24) (445) |
v at 10 ft 18.474 = 0.578 k/in.

__ (17) (445) _ .
v at 20 ft = {8,474 — 0.410 k/in.

S at end = (3) (2.47) == 9.62 in.
0.770
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_ (3) (247) _ og.
S at 10 it = 0578 == ]2.8in.

_ (3) (247) oo.
S at 20 ft =-: 0410. = 18.1 in.

Use the following connector spacing:

9 at 10 in. = 7 ft 6 in. 10 at 12 in. = 10 ft O in. etc.
2 » a. Z

> &— 
7 SS

15-10. MISCELLANEOUS

Extra Reinforcing. For building design calculations the spans are

often considered to be simply supported, but the steel beams do not gen-

erally have perfectly simple ends. The result of this situation is that

some negative moment may occur at the beam ends with possible crack-

ing of the slab above. To prevent or minimize cracking, some extra steel

can be placed in the tup of the slab extending 2 or 3 ft out into the slab.

The amount of steel added is often roughly equal to the temperature and

shrinkage requirements and is used in addition to those requirements.

Deflections. Deflections for composite beams may be calculated by

the same methods used for other types of beams. The student must be

careful to compute deflections for the various types of loads separately.

For example, there are dead loads applied to the steel section alone (if

no shoring is used), dead loads applied to the composite section, and live

loads applied to the composite section. The deflections of the steel beam

can be determined for the noncomposite loads and added to the deflections

for the dead and live loads applied to the composite section.

To obtain reasonable results from deflection calculations, it 1s ab-

solutely essential to use different moduli of elasticity (or different modular

ratios) for long-term dead and live loads and short-term live loads ap-

plied to the slab. The common practice is to divide the modulus by 3

(or use 3n for the modular ratio in calculating the section properties) for

the long-term loads. It is said that members designed by the AISC Speci-

fication with structural carbon steel will deflect from 10 to 20 percent

more than the theoretically calculated values. Generally speaking, shear

deflections are neglected although on occasion they can be quite large.®

The steel beams can be cambered for all or only some portion of the de-

flection. It may be feasible in some situations to make a floor slab a

little thicker in the middle than on the edges to compensate for deflection.

PROBLEMS

15-1. Using the AISC Specification, calculate the bending stresses for the

section shown in the accompanying illustration. The section is used for a simple

3L. 8. Beedle et al, Structural Steel Design (New York: The Ronald Press

Company, 1964), p. 452.
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span of 24 ft and is to have a dead uniform load of 40 psf and a live uniform

load of 150 psf applied after composite action develops. Assume no shoring and

n=9.

{ _ y fe

Beams 6'-O" oc

14 W su

Pros. 15-1

15-2. Rework Prob. 15-1 if an 8W 17 with an 8 & 1%-in. cover plate on

the tension flange is used instead of the 14 W 30.

15-3. Rework Prob. 15-1 using the AASHO Specifications and n = 10.

15-4. Rework Prob. 15-2 using the AASHO Specifications and n = 10.

15-5. Using the AISC Specification review the stresses in the encased section

shown in the accompanying illustration if no shoring is used. The section is

assumed to be used for a simple span of 30 ft and to have a dead uniform Joad

of 30 psf and a live uniform load of 125 psf applied after composite action

develops. Assume n = 9.

p2 |
a 7-4 ae

L——-——+— 12 W 53 a

Beams 6-0 0c * 12"

—1L—

a 1-2"
Pros. 15-5

15-6. Using the Steel Handbook, design a nonencased composite section for
the simple span’ beams shown in the accompanying illustration assuming a 5-in.

concrete slab and using A36 steel and 3,000-Ib concrete. Use n = 9. Load ap-

plied after composite action = 150 psf.

15-7. For the floor plan shown for Prob. 15-6 design a nonencased section

for the girders, assuming the floor plan is symmetrical on both sides of the girder.

15-8. Repeat Prob. 15-6 using an encased section.

15-9. Repeat Prob. 15-7 using an encased section.

15-10. Using the AASHO Specifications select a composite section for the

following information: 6-in. concrete slab, f, = 18 ksi, f5 == 3,000 psi, n = 10,

no shoring, beams spaced 6 ft 0 in. on centers, and each beam subjected to a live

load caused by the movement of the two 20-k loads 10 ft 0 in. on centers. Assume

simple span of 50 it.
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Sf onces beams

le—— 30 10'-0"s30'-0"—_—»

Pros. 15-6

15-11. Rework Prob. 15-10 if shoring is used.

15-12. Design shear connectors for Prob. 15-1. Use 34% X 7%-in. headed

studs. f’, = 3,000 psi.

15-13. Design shear connectors for Prob. 15-1. Use 3 X %-in. headed

studs. f’, = 3,000 psi. A36 steel.

15-14. Design shear connectors for Prob. 15-10. Use 3144 & %-in. headed

studs. f’, = 3,000 psi.

15-15. Check to see if extra shear reinforcing is needed in the encased section

of Prob. 15-5. f’, == 3,000 psi. Assume allowable bond stress — 90 psi and allow-

able shear stress of concrete — 180 pai.

15-16. Determine the total deflection in Prob. 15-3 if the modulus of

elasticity of the concrete is assumed to be 3 X 10® psi for short-term loads.

15-17. Calculate the total deflection in the section of Prob. 15-5 if n = 9

and E = 3.16 * 10® psi for short-term loads.



chapter 1 6

Built-Up Beams and Plate

Girders

16-1. COVER-PLATED BEAMS

Should the largest available W shape be insufficient to support the

loads anticipated for a certain span, several possible alternatives may be

taken. These include the use of the following: (1) two or more regular

W sections side by side (an expensive solution), (2) a cover-plated

beam, (3) a built-up section or plate girder, or (4) a steel truss. This

section is concerned with the cover-platcd beam alternative, and the

remainder of the chapter is devoted to plate girders.

In addition to being practical for cases where the moments to be

resisted are slightly in excess of those which can be supported by the

deepest W sections, there are other useful applications for cover-plated

beams. On some occasions the total depth may be so limited that the

resisting moments of W sections of the specified depth are too small.

For instance, the architect may show a certain maximum depth for beams

in his drawings for a building. In a bridge, beam depths may be limited

by clearance requirements. Cover-plated beams will nearly always prove

to be the best solution for situations of these types. Furthermore, there

can be economical uses for cover-plated beams where the depth is not

limited and where there are standard W sections available to support’

the loads. A smaller W section than required by the maximum moment

can be selected and have cover plates attached to its flanges. These

plates can be cut off where the moments are smaller with resulting saving

of steel. Applications of this type are quite common for continuous

beams.

Should the depth be fixed ‘and a cover-plated beam seem to be a feasi-

ble solution, the usual procedure will be to select the strongest standard

section which has a depth leaving room for top and bottom cover plates,

then select the coverplate sizes. A cover-plated beam is shown in Fig.

351
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16-1. If the section has been selected, the moment of inertia of the entire

section equals the moment of inertia of the W section (J,) plus the

moment of inertia of the unknown plate sizes. The moment of inertia of

{ |
L a

qd
2

__. -t-— 44
g
2

| ]
L __}

Kia. 16-1

these plates about the .« axis (neglecting the minute values about their

own axes) equals Ad? for each plate.

If d represents the distance between the centers of gravities of the

flange cover plates, the moment of inertia of the entire section can be

expressed as

2

L wen = 1p + 2A @

It is usually more convenient to work with section modulus values

rather than with moments of inertia. The section modulus required can

be written approximately as follows (noting that d/2 is not exactly the

correct distance to the outermost fiber of the plates) :

: , _ 2A (d/2)?S req = Ss + d/2 )

— 8, + Ad

From this last expression it is possible to estimate very closely the

cover plate urea required. The value actually obtained will be very

slightly on the small side due to the slightly incorrect distance between

the outermost fibers used in the derivation. A cover-plated beam design

is illustrated in Example 16-1. The connections between the cover plates

und the W section of this example are not designed, as this matter will

be discussed in the plate-girder design material to follow. Actually a

riveted connection of this type was illustrated previously in Example 9-4.

ExaMPLE 16-1. Select a beam limited to a maximum depth of 28 in. for

the load and span of Fig. 16-2. The beam is assumed to have full lateral support

for its compression flange and to have an allowable bending stress of 20 ksi.
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14 k/ft

LLL LLL LLL LLL Ll

XS X SS
LL . 24 --- 4

Fic. 16-2

Solution: Assume beam weight == 300 Ib/it.

2) p92

Vx aes) te = 1,030 ft-k

?) a

S req. = (12) (1,080) == #18 in.?
red. ‘)

Try 27 W 177 (d = 27.51, b = 14.09, J = 6,728.6) (sec Fig. 16-3)

c BE
I J a |

27.31" approx
2765

28.00"

at
Wi. 16-3

S req. ==, + Ad

G18 == 492.8 + (A) (27.65)

A = 4.52 sq in.

Flange width of 27 W177 = 14.09 in., therefore, assume 16 in. cover R

Try 1-16 & %g-in. cover R each flange

Actual S furnished,

g 817286 + (2) (16 X Ag) 18.81)

BOT

Use 27 W 177 with 1—16 K %@ cover B® each flange

= 619 in3 > 618in3 (OK)

16-2. INTRODUCTION TO PLATE GIRDERS

Plate girders are large I-shaped sections built up from plates and

rolled sections. They have resisting moments somewhere between those
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of rolled beams and steel trusses. Several possible plate girder arrange-

ments are shown in Fig. 16-4. Possible riveted or bolted girders are

shown in parts (a) and (b) of the figure, while several welded types are

RP.

—_—_— st i411 ST

(a) (b) (c) (d) (e) (f)
_ — __J iL _- |

Riveted or bolted ® girders Welded ® girders

“1 +"

ath ty.
(g)

Box girder

Fic. 16-4

shown in part (c) through (f). Nearly all plate girders constructed

today are welded, although they may frequently have bolted field splices.

The welded girder of part (d) of Fig. 16-4 is arranged to reduce

overhead welding as compared to the girder of part (c), but in so doing

may be creating a little worse corrosion situation if the girder is exposed

to the weather. A box girder, illustrated in part (g), 1s occasionally used

where moments are large and depths are quite limited. Box girders have

great resistance to torsion and lateral buckling.

Plates and shapes can be arranged to form plate girders of almost

any reasonable proportions. This fact may seem to give them a great

advantage for all situations, but for the smaller sizes the advantage is

usually canceled by the higher fabrication costs. For example, it 1s

possible to replace a 36 W with a plate girder roughly twice as deep

which will require considerably less steel and will have much smaller

deflections; however, the higher fabrication costs will al:nost always rule

out such a possibility.

Most steel highway bridges built today for spans less than about

80 ft.are steel-beam bridges. For longer spans the plate girder begins to
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compete very well economically. Where loads are extremely large as

for railroad bridges plate girders are competitive for spans as low as

45 or 50 ft.

The upper economical limits of plate girder spans depend on several

factors, including whether the bridge is simple or continuous, whether a

highway or railroad bridge is involved, the largest section which can be

shipped in one piece, ete. Generally speaking, plate girders are very

economical for railroad bridges for spaus from 50 to 130 ft and for high-

way bridges for spans from 80 to 150 ft. However, they are often very

competitive for much longer spans, particularly when continuous. In

fact they are actually common for 200-ft spans and have been used for

many spans in excess of 400 ft.

‘Buffalo.Bayou Bridge, Houston, Tex.—a 270-ft span. (The Lincoln

Electric Company.)

Plate girders are not only used for bridges. They are also fairly

common in various types of buildings where they are called upon to

support heavy concentrated loads. Frequently a large ballroom or dining

room with no interfering columns is desired on a lower floor of a multi-

story building. Such a situation is shown in Fig. 16-5. The plate girder

shown must support some tremendous column loads for many stories

above. The usual building plate girder of this type is simple to analyze

because it probably does not have moving loads, although some building

girders may be called upon to support traveling cranes.
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R. Girder (may be for
full depth of story)

The usual practical alternative to plate girders in the spans for which

they are economical is the truss. In general plate girders have the follow-

ing advantages with particular comparison made to trusses:

1. The pound price for fabrication is lower than for trusses but

higher than for rolled beam sections.

2. Ikrection is cheaper and faster than for trusses.

3. Due to their compactness, vibration and impact are not serious

problems.

4. Plate girders require smaller vertical clearance than trusses.

5. The plate girder has fewer critical points for stresses than do

trusses.

6. A bad connection here or there is not as serious as in a truss where

such # situation could spell disaster.

7. There is less danger of injury to plate girders in an accident as

compared to trusses. Should a truck run into a bridge plate girder it

would probably just bend it a little, but a similar accident with a bridge

truss member could cause a broken member and perhaps failure.

8. A plate girder is more easily painted than a truss.

On the other hand, plate girders are usually heavier than trusses

for the same spans and loads, and they have a further disadvantage in

the large number of connections required between webs and flanges.

16-3. COMMENTS ON SPECIFICATIONS

At the present time (April 1965) there is an extreme difference

between the design requirements given in the AISC Specification for

buildings and those in the bridge specifications. Due to space limitations

it is impossible to completely consider these different specifications.

The AISC Specification embodies the latest thoughts and research

information pertaining to plate girders, with the result that design
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formulas are entirely different from those given in the bridge specifica-
tions. However, it is felt that in the near future the AASHO will adopt
much of the theory now used by the AISC.

The next few sections describe some of the major design provisions

of the AASHO according to which highway-bridge plate girders are de-
signed today. Although it is highly possible that these specifications will

soon be appreciably changed, the material will serve as a good back-

ground for plate-girder design with the AISC Specification. In the con-

cluding sections of this chapter the AISC Specification is emphasized,

as it is felt that this may very well be the material which the engineer

will be working with in the near future in bridges as well as in buildings.

1 7 :

\ ci,

Indiana Harbor Works, East Chicago, Ind. (/nland Steel Company.)

Actually after the heading of cach of the remaining sections of this

chapter the specifications to which the general discussion is applicable are

indicated (as AISC or AASHO and AISC)

16-4. PROPORTIONS OF PLATE GIRDERS—AASHO AND AREA

Depth. The depths of plate girders vary from about % to 4, of

their spans with average valucs of 49 to 49, depending on the particular

conditions of the job. One condition which may limit the proportions of

the girder is the largest size which can be fabricated in the shop and
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shipped to the job. There may be a transportation problem such as
clearance requirements which limit maximum depths to 10 or 12 ft along

the shipping route.

The shallower girders will probably be used when the loads are

light, and the deeper ones when very large concentrated loads need to

be supported as from the columns in a tall building. If there are no

depth restrictions for a particular girder it will probably pay the designer

to make rough designs and corresponding cost estimates to arrive at a

depth decision.

Web Size. After the total girder depth is estimated, the general

proportions of the girder can be established from the maximum shear

and the maximum moment. As previously described for I-beam and W

sections in Sec. 7-1, the web of a beam carries nearly all of the shearing

stress; this shearing stress is assumed by the AASHO to be uniformly

distributed throughout the web. The web depth can be closely estimated

by taking the total girder depth and subtracting a reasonable value for

the depths of the flanges (roughly 2 in. each). The web depths are se-

lected to the nearest inch because these plates are not stocked in fractional

dimensions.

For this discussion reference is made to Fig. 16-6 in which d is the

total girder depth, h is the web depth, and t is the web thickness. In this

figure it will be noted that the flange angles are placed so they extend

about 14 1n. beyond the top and bottom of the web. If these clearances

were not used, the small irregularities in depth of the web plate as it comes

from the rolling mill might cause it to protrude slightly, resulting in

expensive chipping or other leveling processes.

The web thickness can be determined from the expression to follow

in which V is the maximum total shear and v is the allowable shearing

stress given by the specifications:

t=.
hv
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Shear is not the only factor that must be considered in selecting the
web thickness. Where a large reaction or concentrated load is acting
on the plate girder there is danger of buckling of the high thin web. To

prevent such buckling the web can be stiffened with plates or angles at

various intervals as described in Sec. 16-7.

Stress analysis shows that high, thin plate-girder webs may buckle

due to a combination of bending and shearing stresses unless stiffeners

are used at certain intervals. Tests have shown that for carbon steels

there is little danger of buckling if the web thickness is at least 449 of the

unsupported depth of the web. Should a web be selected which is thinner

than the value given by this ratio it will be necessary to provide stiffeners

spaced no further apart than the clear web depth. It is usually more

economical to use thinner webs with stiffeners than to use the thicker ones

without stiffeners.

The AREA and AASHO specifications give minimum permissible

ratios of web thickness to unsupported depths of 47» for structural

carbon steel regardicss of the number and placing of stiffeners. Design

by these spccifications is, therefore, based on the so-called buckling

strength of the girders. They do, however, recognize the fact that plate

girders have considerable postbuckling strengths by using small safety

factors.

From a corrosion standpoint the usual practice is to use some absolute

minimum web thickness. For bridge girders, % in. is & common mini-

mum, while 4 or % @ in. are probably the minimum values for the more

sheltered building girders. |

Flange. After the web dimensions are selected the next step is to

select the area of the flange. The goal, of course, is to select a flange of

sufficient area which will not be overstressed in hending. For this dis-

cussion reference is made to Fig. 16-6. The total bending strength of the

plate girder equals the bending strength of the web plus the bending

strength of the flanges.

The moment of inertia of the entire plate girder equals the moment

of inertia of the web about its own centroidal axis plus the area of cach

flange times the distance from its center of gravity to the centroid of the

section squared (thus neglecting the very small moment of inertia of the

flange about its own centroidal axis). To simplify the expression, the

centers of gravity of the flanges are assuined to lie at the top and bottom

of the web (a fairly good assumption).

The approximate gross moment of inertia of the plate girder can now

be written as follows, where A, is the area of one flange:

th h\?I — 12 + 2 A(5)
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It is usually more convenient to work with section modulus values in

design as in ordinary beams. The gross section modulus of the girder

can be written as

_ ERB/12 2 Ay (h/2)*
S= nya the

th
= 6 - + Ayh

The required section modulus M/f 1s equated to S and the resulting

expression is solved for A, as follows:

Mth?

Mth

Ar= fh- 6
The last term in this expression th/6 is referred to as the web cquiva-

lent. The AREA says that the web cquivalent should be multiplied by

75 percent for bolted and riveted girders to estimate the effect of the holes

in the web. There are undoubtedly a large number of holes in the webs

of these girders where the stiffeners are connected. Should 1-in. holes be

placed 4 in. on centers, one-fourth of the web will be theoretically cut out.

After the flange area formula is applied it is necessary to proportion

the parts of the flange. For best economy it is desirable to place as

large a proportion of the flange area in cover plates as possible. The

plates are the greatest distance from the centroidal axis of the girder, and

the larger their areas the greater the moment of inertia developed for the

same total steel area. Cover plates can be conveniently cut off where

moments are sinaller, so another reason for putting more area in the cover

plates 1s that by so doing more steel area can be cut off where moments

are small. It has been found to be good economy to place from 40 to

60 percent of the total flange area in cover plates.

The flange angles selected will probably be unequal leg angles with

the long legs horizontal to increase the moment of incrtia and thus the

resisting moment. Should a large number of rivets or bolts be needed to

connect the angles to the web, equal leg angles may be necessary. Some

small plate girders have only angles used for the flanges, but these are not

too common. In fact, most specifications require at least one cover plate

to run for the full girder length. A cover plate ties the flange angles

together into a more compact unit and prevents water from collecting

in the 4-in. groove between the angles on top of the web and encouraging

corrosion.

Suggestions as to proportioning the flange can usually be found in the

specifications being used. For instance some specifications limit the
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maximum cover plate area to 70 percent of the flange area. It is often

economical to use several cover plates because they can be cut off at the

points where they are no longer required by moment (with the probable

exception of the inside plate on each flange). It is probably reasonable

to select plates which are all of the same widths and thicknesses. The

specifications usually state that the plates may not be thicker than the

flange angles and if of different thicknesses should decrease in thickness,

going away from the centroid of the girder. As previously indicated, from

a corrosion standpoint the cover plates should probably not. decrease in

width away from the centroid. (One exception to this statement was

shown in Fig. 16-4 where the plates were so arranged as to reduce the

amount of overhead welding.)

After the flanges are selected it 1s necessary to review the stresses to

determine if the proportions selected are satisfactory. The method of

computing the moment of inertia depends on the specifications being used.

For instance, the AISC says the gross moment of inertia shall be used

unless the holes in either flange exceed 15 percent of the flange area, in

which case only the exeess area is deducted The AREA and AASHO

require that the gross moment of inertia be used for calculating com-

pressive stresses and the net moment of inertia be used for calculating

Vow ae

i a—— 7”

Are-welded plate girders, Louisiana State Fair Grounds, Shreveport, La.

(The Lincoln Electric Company.)
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tensile stresses. Both moments of inertia are to be calculated about the

centroidal axis of the gross section. In either case when holes are being

subtracted they are to be subtracted from both flanges—not just the

tensile flange.

Example 16-2 illustrates the selection of the proportions of a plate

girder and the review of stresses in the resulting section. The critical

shears and moments for this highway bridge were assumed by the author.

In Chap. 18 the calculations of critical shears and moments using the

H20-S16 truck loadings are demonstrated.

EXAMPLE 16-2. Sclect proportions and review stresses for a riveted deck

plate girder given the following data:

Specifications: 1961 AASHO

Steel: Structural carbon (A7)

Span = 100 ft

Maximum total moment = 7,355 ft-k

Maximum total shear == 304 k

Allowable shear in web = 11,000 psi

Allowable compression due to bending = 18,000 psi (assuming full lateral

support for the compression flange)

Rivets: %%-in. diameter (A141)

Solution:

Depth of Girder

Assume d == 4» span = (4.2) (100 ft) = 100 in.

Size of Web

Web depth: h = d — 4 in. = 96 in.

Web thickness:

(1) For shear ¢ = iy a5 == 0.288 in

(2) For corrosion minimum t = 54 ¢ in.

(3) For diagonal compression t = ¥4 79 of clear web depth

= approx. (479) (84) = 0.494 in.

Try 96 X 44-in. web

Flange Area

Allowable bending stress in outermost fibers = 18 ksi
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Approximate stress at top of web (or c.g. of flange) == (#%% 9) (18) =

17.3 ksi

*! _ th
I fh 6

— (12) (7,855) (0.50) (98) ges in
= (173) (96) Te Sqn.

Plus estimated area of rivet holes = 7.0 sq in.

Total flange aren == 62.1 sq in.

Flange Proportions

Placing approximately 40 percent of area in angles, try

-~%sSK 6K % in. = 19.88 sq in.

3cover Bs IS & 4. in. = 33.75 sq in.

Total area == 53.63 sq in.

Moments of Inertia (see Fig. 16-7)

Part | Area = Gross J

Web | 48.00 | 36,864

Angles 19.88 86,700

Inside R 11.25 53,100

Middle ® : 11.25 54,400

Outside e 11.25 55,900

J

I gros == 286,964 in.

Assuming heles for 7-in. rivets spaced 4 in. on centers in web plus one line

through vertical < legs and 2 lines through plates.

I holes:

Web = 2[ (1) (14) (42 + 8 4 122 + 162 + 202
4. 242 28? + 322 + 362 + 40%)] = 6,260

Vertical X legs = 2 [(1) (2) (44.75)?] == 8,000

T note = 39,260 ins

T ner = 286,964 — 39,260 = 247,704 ins
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Fig. 16-7

Review of Stresses

(12) (7,355) ( 30.12)
= == 15,450 psi 8 si kKi. (286,964) 15,450 psi < 18,000 psi (OK)

(12) (7,855) (90.12 ) '
ne —- = 4) s : ) pshi 347,704 17,900 pst < 18,000 psi (OK)

16-5. CUTTING OFF COVER PLATES—AASHO, AREA, AND AISC

For those parts of the span where the bending moment has decreased

sufficiently some cover plates may be cut off. Theoretically the resisting

moment of the section with one plate cut off from cach flange can be

ealculated, and for the parts of the beam where the moment is that small

or smaller those plates can be climinated. The resisting moment of the

section can be calculated when two plates are cut off from each flange,

ete. The usual practice, however, is to use a simpler method such as the

one described in the following paragraphs.

Figure 16-8 shows the bending moment curve (here assumed to be

parabolic) for a certain plate girder. For a plate girder subjected to

-Points where outside Rs are no oe required

( _—Batode Corre ——__
aa Middle Cover —TM Diagramian Inside Cover <<

/ 
AnglesJf Web Equivalent ~\

Fic. 16-8
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moving loads, this curve should be a curve of the maximum possible

moments throughout the beam. In this figure the moment is assumed to

be resisted by the web equivalent, angles, and cover plates. Usually there

is a little more area than theoretically required out this excess is con-

servatively neglected. Each square inch is assumed to resist an equal

amount of the moment.

The points where the outside cover plate are no longer required,

whore the middle plates are no longer required, etc., can be accurately

determined by scaling from a carefully plotted diagram. Perhaps a

more common practice is to assume that the bending-moment curve is

parabolic and write expressions for the cutoff points. Reference is made

here to Fig. 16-9.

Moment |
Diagram

Via. 16-9

In the expressions to he developed A, is the area of the outside plate,.
Az is the area of the middle plate, Ay, is the area of the flange plus the

web equivalent, and 7, and x, are the distances from the girder centerline

to the theoretical points of cutoff of the outside plates and the middle

plates respectively.

AU
Ay, (L/2)?

= hf At
‘= OV Ar
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Similarly,

A,+ A:

2 Ar,
As previously described, the inside cover plate on each flange will

probably have to extend for the full girder length. Should the moment

diagram (neglecting the beam weight) consist of straight lines due to

heavy stationary concentrated loads (as from columns in a multistory

building), the theoretical points of cutoff can be found even more simply.

Le =

nid

Highway bypass bridge, Strondsbure Pa. (Bethlehem
Steel Company.)

Most specifications require that cover plates be extended for some

little distance beyond their theoretical points of cutoff. ‘The plate is

supposed to be carrying stress right up to its theoretical end, but it cannot

do so unless there is some extra plate beyond the point connected to the

girder for stress transfer. These extra distances depend on the individual

designer and upon the specification being used. The AASHO Specifica-

tions say that if riveted cover plates are used the plate shall extend for

a sufficient distance beyond its theoretical cutoff point to develop the

capacity of the plate. In other words, there must be enough rivets

through the plate outside of the theoretical cutoff point to have a shearing

strength equal to the allowable tension or compression in the plate
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16-6. COVER-PLATE AND FLANGE CONNECTORS—AASHO, AREA,

AND AISC

Cover-Plate Connectors. The rivets or bolts passing through the cover

plates and flange angles must be of sufficient strength to resist the transfer

of longitudinal shear between these parts. The cover-plate cennectors

shown in Fig. 16-10 are in single shear and bearing on the angle thickness

iP oP oe 2 eo

oe TILA UE, CZ,
-----CO Ciitiia | CMA Ci

(ee = —_
O oO oO oO

° oO oO

oO oO oO |

(a) (b)

Fic. 16-10. Cover-plate cennectors.

(or the sum of the cover plate thicknesses at the section, whichever is

smaller). In the figure, p represents the pitch of the connectors, given two

connectors every p inches. Each of the connectors must be able to resist

half of the longitudinal shear for a distance of p inches.

In the expression to be developed, R is the allowable load on one

connector under that condition. The allowable strength of the connector

is equated to the load which it must carry and the theoretica] pitch or

spacing of the connectors can be determined as follows:

Longitudinal shear in pounds per inch of girder which must be re-

sisted by the connectors equals

v= “

Shear to be resisted per connector equals

_ PVQ(%) (v) (p) = PES

_ PVQ
f= "oT

2RI
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In this expression for pitch of cover plate connectors J is the gross

moment of inertia of the girder at the section being considered, V is the

external shear at the section, and Q is the statical moment of the plates

about the neutral axis.

Flange Connectors. The flange connectors are the rivets or bolts

which pass through the angles and web. These horizontal connectors

are in double shear and in bearing on the web thickness. They must have

sufficient strength to resist the usual longitudinal shearing stress and they

may also be required to resist a vertical shear due to loads applied to

the top of the girder. The longitudinal shearing stress expression VQ/I

is used in which Q is the statical moment of the flange about the neutral

axis of the girder. The area involved is crosshatched in Fig. 16-11 (a).

TITIDIIIOCL CCC CCC LLL VITILI ILL CLC LLLLLLL
y Ye i ITILLIILLIL OLLI LOLI LOLI I LL LL LE

i
y F,

(a) (b)

Fia. 16-11. Flange connectors.

If a welded girder of the type shown in part (b) of the figure is used,

the weld will be subjected to longitudinal shear only.

The strength of the connector F# is equated to the horizontal shearing

force to be resisted and the resulting expression is solved for p as follows:

——— Ve —_—k= i p

— RI
VQ

Plate girders used in buildings are usually subjected to heavy con-

centrated loads. Stiffeners are placed under these loads and keep the

flange connectors from being subjected to a direct vertical shear. In

bridges, however, the wheel loads of trucks or trains move back and

forth across the girders. It is not feasible to use continuous stiffeners

all across the span, and the flange connectors are subjected to vertical

shears due to the concentrated wheel loads. In Fig. 16-12 a uniform load

of w lb/in. is assumed to be applied to the top of the girder and the

vertical shear applied to each connector will equal wp. (For the moving
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wk/in.

Fig. 16-12

concentrated loads the designer probably will make some assumed distri-

bution of the concentrated wheel load to obtain the value of w described

here. The AREA specifies a distance of 3 ft for the distribution. Some-

times the load may be assumed to be spread out at 45° in each direction

through the roadway slab until it reaches the top of the girders.)

These connectors discussed are subjected to a combination of longi-

tudinal and vertical shears and their allowable strength must be at least

equal to the resultant of: the two shears.

R= Jeep)? +(» rey

=n(%)
Solving this expression for the required pitch of the connector, the

following expression is obtained:

p=-.:; eo
~ Vu? + (VQ/D?

16-7. STIFFENERS—AASHO

As previously described it is usually necessary to stiffen the high thin

webs of plate girders to keep them from buckling. For riveted or bolted

girders, angles are connected to the webs while for welded girders plates

can be welded to the webs. Figures 16-13 and 16-14 show these types

of stiffeners. Stiffeners are divided into two groups: the bearing stiffeners

which transfer heavy reactions or concentrated loads to the full depth

of the web, and the nonbearing stiffeners which are placed at various

intervals along the web to prevent buckling due to diagonal compression.

An additional purpose of bearing stiffeners is to transfer heavy loads to

the web without putting all the load on the flange connectors.

Bearing Stiffeners. Bearing stiffeners should fit tightly against the
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Bearing Corners are cut to avoid
_ flange -to-web weld

Chamfer

Stiffener 4. -— Stiffener Rs

Filler Rs

(a) Angle bearing stiffeners (b) Welded girder stiffeners

Fic. 16-13

Web

_jFlange 4 ( Flange 4

— ' | stttener 2

Stiffener 4 —

Fillers

Fia. 16-14

flanges being loaded and should extend out toward the edges of the flange

plates and angles as far as possible. In order to obtain a snug fit or good

bearing between the flange and stiffeners it is desirable either to weld the

stiffeners to the flanges or to mill their outstanding legs.

The usual specifications only allow the part of the stiffener legs

outside of the fillets of the flange angles to be counted in supporting the

load in pure bearing [see Fig. 16-13(a)]. The distance to the outside of

the fillet can be found in the angle tables of the Steel Handbook. The

reaction or load is divided by the allowable bearing stress given by the

specifications, and that much area must be provided outside of the flange-

angle fillets. A riveted or bolted bearing stiffener is shown in Fig.

16-13(a) and a welded one in part (b) of the same figure. The stiffeners

shown in this figure are cut off so they will fit in the corners of the fillet.

Notice in part (a) of the figure how filler plates are needed between the
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web and the stiffeners. Riveted or bolted bearing stiffeners cannot be
crimped as they can for nonbearing stiffeners as shown in Fig. 16-14.

Bearing stiffeners are really a special type of column which is difficult

to analyze because it supports the load in conjunction with the web. The

amount of support supplied by each is difficult to estimate. The speci-

fications usually say that the load divided by the effective bearing area

may not exceed the allowable bearing as previously descmbed. Some

specifications say in addition that P/A for the full stiffener area and

some part of the web area may not exceed the allowable compression in

a column of that size. For example, the AISC permits the use of a

length of the web equal to 12 times its thickness plus the full stiffener

area to act as a column for end-bearing stiffeners. The effective length to

be used for the column (again difficult to estimate) is % of the stiffener

height, says the AISC. For interior bearing stiffeners they permit a length

of web equal to 25 times the web thickness to be included in the effective

column area.

Since bearing stiffeners cannot be crimped, they require the use of

filler plates of thickness equal to that of the flange angle. Should the

filler plates be held in place only by connectors which pass through the

stiffeners, filler plates, and the web they are said to he loose fillers. Tight

fillers are those which are connected by rivets or bolts passing through

the stiffeners, filler plates, and web plus extra connectors passing through

the filler plates (which are extended outside the stiffeners) and web,

provided the number of extra connectors is equal to at least 50 percent

of the number of connectors required by the stiffeners.

The usual procedure for determining the number of conncctors re-

quired in bearing stiffeners is to divide the load or reaction by the con-

nector strength. If loose fillers are used, the connectors are considered

to be in double shear and bearing on the web thickness. Should tight

fillers be used, the rivets are considered to be in double shear and bearing

on a thickness equal to the web thickness plus that of the fillers or a

thickness equai to that of the two stiffeners, whichever is the least. (A

fairly common practice if loose fillers are used 1s to increase the number

of connectors by 50 percent because it is felt that the connectors are

subject to moment along with bearing and shear.)

Nonbearing Stiffeners. Nonbearing stiffeners are also called inter-

mediate stiffeners or stability stiffeners. Tests have shown that if the

ratio of the thickness of the web to its unsupported height is less than

approximately 1/70 buckling due to diagonal compression is possible and

intermediate stiffeners are required.

Very little effort is made to estimate the load applied to intermediate

stiffeners. They are usually assumed to be subjected to no loads at all

thus permitting the stiffener angles to be crimped as shown in Fig. 16-15.
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Fic. 16-15. Intermediate stiffener.

The size of intermediate stiffeners is usually obtained by applying

some empirical rule, or it may be definitely controlled by the specifica-

tions being used. The AASHO says that the length of the outstanding

leg of a stiffener angle or a plate stiffener may not exceed 16 times its

thickness nor 2 in. + 1%, of the total girder depth. An outstanding leg

will probably be selected with a length equal to approximately 449 of the

girder depth plus 2 in. and with a thickness equal to approximately 4%

of the width but probably not less than 3¢ in. The other leg of a stiffener

angle need only be enough to accommodate the connectors.

The spacing of intermediate stiffeners is also usually governed by

specifications. The AASHO says intermediate stiffeners must be spaced

at intervals not exceeding the least of the following:

1. Twelve feet.

2. The unsupported height of the web (so wrinkling or buckling

cannot occur along a 45° line from the top to the bottom of the girder

without encountering a stiffener).

3. The value given by the following expression in which s is the

average unit shearing stress on the gross section of the web at the section

being considered and ¢ is the web thickness:

_ 12,000 |
=f

16-8. LONGITUDINAL STIFFENERS—AASHO

d

A web which is subjected to bending can most effectively be stiffened

against buckling by means of horizontal or longitudinal stiffeners. The

installation of transverse stiffeners does not greatly increase the buckling

resistance of plate-girder webs, but longitudinal or horizontal stiffeners

can provide a considerable increase in this resistance. If the buckling

strength can be increased, thinner webs can be used, resulting in appreci-

able savings for some girders, particularly for very deep ones.

The AASHO says that the web thickness to unsupported web height
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ratio may not be less than 1/170 for structural carbon steel when only

transverse stiffeners are used. Should a longitudinal stiffener be used in

combination with transverse stiffeners, the minimum ratio is reduced to

1/340. (Other values are given for higher strength stecls.) Since they

do not require the longitudinal stiffener to be continuous, it can be cut

off at the intersection with transverse stiffeners.

The best location for longitudinal stiffeners can be theoretically

proved to lic approximately one-fifth of the distance from the compression

flange to the tension flange. On this basis the AASHO says that the

gage lines of longitudinal stiffeners are to be placed 1; of D (where D is

the clear distance between flanges) from the toe of the compression flange.

The required moment of inertia of a longitudinal stiffener about the

edge of the stiffener in contact with the web is required by these specifica-

tions to equal

|-

D2 ~ 0.13

In this expression DP) is the clear distance between flanges, d is the

required clear distance between transverse stiffeners, and ¢ is the web-

plate thickness. A one-sided stiffener (that is one side of the web only)

designed by the AASHO Specifications is normally more economical than

a two-sided one. The connection problem for a one-sided stiffener is only

one-half what it is for a two-sided stiffener and the area required to

furnish J; is only about %, of the area required for a two-sided plate.

The student can verify this figure by substituting for a given condition

in the equation the required moment of inertia.

I; = pe (24

16-9. WEB SPLICES—AASHO, AREA, AND AISC

Splicing of plate-girder webs is not too desirable, if avoidable, but is

frequently necessary for one or more of the following reasons:

1. The length of the girders may be so great that plates of the re-

quired length are not available from the steel mills.

2. Even‘if available extremely large plates are difficult to handle

without their twisting out of shape. (A 100-ft web plate of the size-

selected in Example 16-2 would weigh 16,300 Ib. Imagine the difficulties

of handling a 96 XK 15 ® 100 ft long weighing over 8 tons without twisting

it out of shape before the stiffeners are installed!)

3. The sizes of girders which can be transported over the highway

and railroad routes to the job may be severely limited by clearances

and other factors. '

4. The equipment available to handle and erect the steel may also

limit the sizes of girder sections.

Many engineers would not place a splice at the centerline of « simple
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span because of the large centerline moment even if only one splice is

needed. They would probably use a pair of splices located at the stif-

feners nearest the third points of the span. This practice is probably

unnecessary because a single splice at the centerline is just as satisfactory
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from a strength standpoint, and is certainly cheaper than two separate
splices. Also the moment at the third points is not substantially reduced
from its value at the centerline.

For welded girders it is unnecessary to use splice plates because the

webs can be joined by butt welding. Several possible splices are shown

in Fig. 16-16 for riveted or bolted plate girders. The simplest and cheap-

est type of splice is the one shown in part (a) of the figure in which a

single splice plate is used on each side of the web. This type of splice

called a single-plate splice or shear splice is satisfactory but is definitely

not as good as the other types shown in the figure. In part (b) a much

stronger type of splice called the trrple-plate splice or moment splice is

shown.

Each of these first two types of splices have a disadvantage in that

the plates do not run for the full depth of the web because the flange

angles cover part of the web. In other words, the largest stress that occurs

in the web in its outermost fiber is several inches away from the nearest

part of the splice. It seems probable, therefore, that an appreciable por-

tion of this maximum stress will be transferred over into the flange (at

the break in the web), inercasing the stress in the flange rather than going

completely to the splice as desired.

The splices of parts (ec) and (d) of Fig. 16-16 are probably the most

desirable types from a theoretical standpoint. They consist of plates

between the flanges (called shear plates) plus narrow plates over the verti-

cal legs of the flange angles (called moment plates). In this type of splice

the plates over the angle legs serve to splice the part of the web under

the angles. Should the moment plate be deeper than the angle legs as

shown in part (d), several filler plates will be needed. These plates are

rather objectionable.

The common practice in designing a web splice is to select one that

will replace the full moment resistance of the web and the maximum

actual external shear at the section. Some engineers say that for deter-

minate structures the splices should be designed only for the calculated

maximum external shear, but for indeterminate structures they should be

designed for the total shearing resistances of the webs. Their reasoning
is that should plastic action occur in an indeterminate girder and the

loads be redistributed, the splice would have a strength equal to that of

the web.

The triple-plate splice has three plates on each side of the web,

actually giving it a total of six plates. The top and bottom plates are

referred to as the moment plates and are proportioned to have a resisting

moment equal to that of the web. The resisting moment of the web

equals f1/C or % fth? and can be said to equal one-sixth of the web area

concentrated at the top and bottom of the web. An equivalent procedure
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was followed in developing the flange-area formulas in Sec. 16-4. The

resisting moment of the splice plates is assumed to equal the area of one

plate times its average stress, times the distance between the centers of

gravities of the plates. The stress in a splice plate is in proportion to the

stress in the outermost fiber of the web as are their respective distances

from the neutral axis. For this discussion reference is made to Fig. 16-17.

Top of Web

Ap = cross-sectional

area of moment ®&

Bottom of Web

Total stress in moment plate = (;. f ) (A,)

E.quating resisting moment of web to that of moment plates and

solving for A,

fth __f{d ,(15) = (RM (40) (a

_ ths

> 6a

To use this expression it will be noted that d is not known. An ex-

cellent estimate of its value can be made, however, by assuming two or

three horizontal rows of connectors in the moment plates. The widths of

these plates necessary to include the connectors can be assumed; and the

value of d, the distance center-to-center of the moment plates calculated.

The area required for the moment plates can then be calculated. Since

their width has already been assumed their thickness can be determined.

Finally, the length of the plates is established by the total number

of rivets required. The connectors in the moment splice are designed for

the total force to be carried by the plates fA, (remembering that the

stress In the moment plates is d/h times the stress in the outermost fiber

of the web and using A, as the theoretically required plate area). The

number of connectors required equals the total stress in the plates divided

A
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by the strength of one connector. The connectors are in double shear

and bearing on the web thickness or the sum of the two-splice plate thick-

ness. The force that is developed by the connectors is alsu assumed to

equal (d/h) R.

Number of rivets = (A Ae

The space available between the moment plates determines the depth

of the shear plates using a clearance of about 14 in. between the plates.

The two shear plates (one on each side of the web) are selected to give

an area sufficient to resist the total shear at the splice. The number of

connectors used on each side of the web separation equals the external

shear divided by the strength of one connector. The design of a triple-

plate splice is illustrated by Example 16-3.

EXAMPLE 16-3. Design a triple-plate splice for the plate girder shown in

Fig. 16-18 if the maximum calculated external shear is 160 k. Assume an allow-

able bending stress of 18 ksi and 7-in. rivets with an allowable shear of 11.0

ksi and an allowable bearing of 27.0 ksi.

1ax> Rs
tC " JT es

BX6X2 4 <— || 1

1 a | |8350"
80 X 5 Web — 68 50°

80 50"!

| | 600"!
1 t v

J |

I B
e L | qy

Fic. 16-18

Solution: Design of moment plates:

Assuming three horizontal rows of %-1n. rivets spaced 3 in. on centers and

using 114-1n. edge distance, depth of Rs = (2) (3) + (2) (14%) = 9 in,

d = 68.50 — (2) (4) — 9 = 59.00 in.

_ th _ (4) (80)?
~ 6d? (6) (59)?

412.20 |
(2) (9)

Ay = 12.25 sq in. for 2 Rs

Thickness of &'s = == 0.681 in. (say 144 g in.)
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F for rivets in double shear and bearing on ¥, in. = (11.8) (5%,)) = 8.7 k

each

(d/n) fap _ (%o) (18) (12.25)RB = ATES! = 18.7Number of rivets == 37

Use 21 rivets each side of web break

Design of shear plates:

Depth of shear Rs == 68.50 — (2) (14) — (2) (9) — (2) (4) = 49.50 in.

A shear Rs = +. = 14.55 sq in. for 2 Ps

____—«:14.55

~~ (2) (49.50)

Rivets in double shear and bearing on 44 in., R = 118k

, , 6Number of rivets required = or = 13.55

t == 0.147 in. (say 14 in. minimum ¢)

Use rivets spaced at 4 in. in shear Ps each side of web break giving

more than required.

Detail of the splice is shown in Fig. 16-19.

TT

rt

LJ

CO00000, 'CO00000
0000000! looo0005
0000000! |0000000

oo! ol S2Rs 9X Xx 3-7"
00,|00

00,]/00 oor

00, 100)--2Rs 13Xq X 4-15

00,100

00,loo

00,!aa
00;!oo
00} pO° |
00; ,00 |

001100} ,2Rs 9xigX3-7"
©000000] ;|CO00000
0000000; ;0000000

0000000, ,0000000

IT

Fig. 16-19. Detail of three-plate splice of

Example 16-3.
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16-10. PROPORTIONS OF WEBS—AISC

Buckling Considerations. The depths of plate girders have been pre-

viously discussed in Sec. 16-4 and were said to have average values

varying from 4% to 4» of spans. After the total depth is assumed the

web depth can be estimated to be from 2 to 4 in. Jess than the total depth

and selected to the nearest inch. A plate-girder web must have sufficient

thickness to prevent vertical buckling of the compression flange. As the

compression flange of a simply supported beam deflects or curves down-

ward it pushes against the web subjecting it to vertical compression. The

amount of this downward force can be estimated to equal the total bend-

ing stress in the compression flange times the sine of the angle made by

the curved flange with the horizontal.

The total load which can be applied to the web in this manner before

the web buckles can be estimated by the Euler formula. Expressing this

another way, the Euler formula can be used to determine a limiting

height-to-thickness ratio to prevent buckling. Based on such a derivation

(including an assumption for residual stress variation) the AISC (See.

1.10.2) says that the clear depth between flanges may not exceed the

value computed by the expression given below. Substitution into this

expression yields a value of 320¢ (where ¢ is the web thickness) for A36

steel.

14,000,000
ee ee ne ee t

VF, (F, + 16,500)

The possibility of lateral buckling of the web may require a reduction

in the allowable bending stress in the compression flange. It has been

found that if the depth-to-thickness ratio of the web does not exceed

24,000/ VF» (equal to 162 for A36 steel) no reduction is necessary in the

allowable flange stress.

For a trial girder section using A36 steel, a ratio of web depth to

thickness somewhere between 162 and 320 will probably be selected,

noting ‘that the allowable bending stress in the flange will have to be re;

duced (to be described).

Web Shear. The AISC Spccification for plate girders permits their

design on the basis of postbuckling strength. Designs on this basis give

better economy and provide a more realistic idea of the actual strength

of a girder. Should a girder be loaded until initial buckling occurs, it

will not collapse because of a phenomena known as tension field action.

After initial buckling a plate girder acts much like a truss. The

web acts as a truss with tension diagonals and is able to resist additional

shear. A diagonal strip of the web acts similarly to the diagonal of a

parallel chorded truss (see Fig. 16-20). The stiffeners keep the flanges

from coming together and the flanges kcep the stiffeners from coming
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| Stiffeners

WANA AIA1Z.,a

Fic. 16-20. Tension field action in plate-girder web.

together. The intermediate stiffeners which before initial buckling were

assumed to resist no load will after buckling resist compressive loads

(or will serve as the compression verticals of a truss) due to diagonal

tension. The result is that a plate-girder web can probably resist loads

equal to two or three times those present. at initial buckling before com-

plete collapse will occur.

Until the web buckles initially, deflections are relatively small but

after initial buckling the girder’s stiffness decreases considerably and

deflections may increase to several times the values estimated by the usual

deflection theory.

The estimated total or ultimate shear which a panel (a part of the

girder between a pair of stiffeners) can withstand equals the shear initially

causing web buckling plus the shear which can be resisted by tension field

action. The amount of tension field action is dependent on the propor-

tions of the panels.

Based on a consideration of the ultimate shearing strength of a girder,

AISC Formulas 8 and 9 were derived to estimate the maximum per-

missible shearing stresses in the webs. The average shearing stress f,

in the web of a girder can be computed by V/t yh», where t, and h,» refer

to the thickness and height of the web respectively. The AISC says the

values of the average shear (f,) so computed may not exceed the values

given by the following expression:

1—C
yo F, Cy + 5TH a VN .F.= ral 1154/1 “(| (AISC Formula 8)

when C, < 1.

_ Fy
~ 2.89

(but not more than 0.4 F, when C, > 1 or when intermediate stiffeners

are omitted).

F. (Cy) (AISC Formula 9)

In these expressions a is the stiffener spacing. The definition of the

other terms are given in AISC Sec. 1.10.5.2. The allowable values of the

shear stress computed from these formulas are given in Table 3 in the

Appendix of the Steel Handbook for each of the steels.
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Before an allowable shearing stress can be obtained for a particular

girder it is necessary to try a stiffener spacing. Should the computed

shearing stress not exceed the value given by these equations, no more

intermediate stiffeners are required.
Combined Bending And Shear. Another factor pertaining to the web

design which needs to be investigated is the combined action of the shear-

ing stress and the tension duc to the moment in the plane of the web.

The AISC says that the bending tensile stress in a plate girder web

subject to a combination of shear and tension cannot exceed 0.6 F, nor

the value given by the following expression in which f, is the computed

average shearing stress and F, is the allowable shearing stress from AISC

Formula 8 or 9 as applicable.

(0.825 — 0.375 rr] F,

The Commentary on the AISC Specification says that plate-girder

webs can be proportioned on the basis of bending stress alone if the

shearing stress docs not execed 0.6 of its permissible value; or can be

proportioned on the basis of shear alone when the bending stress does

not exceed 34 of its maximum value. Otherwise Formula 12 1s to be

applied.

16-11. PROPORTIONS OF FLANGE—AISC

The following expression for the area of the flange to resist a certain

bending moment was devcloped in See. 16-4.

A, = M _ th

fh 6

It was assumed that there was an internal couple producing a re-

sisting moment. Each force in the couple is equal to its flange area and

web equivalent times a stress slightly less than the allowable stress in

the extréme fiber. The lever arm is the distance between the centers of

gravities of* the forces.

Substitution into this expression gives the estimated flange area re-

quired from which the actual proportions of the flange can be decided.

It will be remembered that the AISC (See. 1.9.1) to prevent local

buckling of the compression flange says that the extended length of the

flange divided by its thickness may not exceed 3,000/\/F,. For A36
steel the protruding Iength may not be greater than 16¢, or it may be

said that the maximum flange width is 32t.

The usual beam theory says that the flexure stress in a plate girder

varies proportionately with the distance from the neutral axis. Tests,

however, have shown that the stress in the web on the compression side
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of the girder is less than this theory would indicate because the web

deflects a small amount laterally. These lateral deflections cause the

flange compression stresses to be in excess of those anticipated. The

result is that nearly all of the compression stress is carried by the com-

pression flange. On some occasions it is necessary to reduce the allowable

bending stress in that flange. It has been found that if the web depth

to thickness ratio excecds 24,000/\/F, there is a slight buckling of the
web. AISC Formula 11 is to be used when the ratio is exceeded and the

AISC says that the allowable flange stress F; may not be greater than the

following:

A
Fy < Fs| 1.0 — 0.0005 "(5 24,000

tr,

In girders with sufficient lateral support F, in the preceding expres-

sion is 0.60F,. Should sufficient lateral support not be available it is

necessary to apply Formula 4 to determine the value of F,.

4 )| (AISC Formula 11)
“ly

16-12. DESIGN OF STIFFENERS—AISC

Bearing Stiffeners. The purpose and arrangement of bearing stiffeners

was previously discussed in Sec. 16-7 and examples were shown in Figs.

16-13 and 16-14. The AISC says that the area of the stiffeners outside

of the welds between the web and the flange [see Fig. 16-13 (b)] must

be sufficiently large to keep the bearing stress from exceeding 0.90 Fy,

(Sec. 1.5.1.4.7).

The AISC says that bearing stiffeners should be reviewed as columns.

For an end-bearing stiffener the “column” is assumed to consist of the

parts of the stiffener outside of the web welds plus a length of the web

equal to 12 times its thickness (25t for intermediate bearing stiffeners).

The stresses so obtained should not exceed the allowable column stress

using an effective length equal to 3% of the actual stiffener lengths. If

the plate girder is securcly fastened to columns at its ends by plates

and/or angles end bearing stiffeners are usually unnecessary.

Intermediate Stiffeners. As previously described the post buckling

behavior of a plate girder involving tension field action causes the stif-

feners to act as compression members. AISC Formula 10 provides an

area of intermediate stiffeners which is supposedly sufficient to withstand

the compression so produced.

Ay =i & E _ wean YDht — (AISC Formula 10)
2 Lh VI+ (a/h)?

The various terms included in this expression are given along with the

formula in Sec. 1.10.5.4 of the AISC. Fortunately values of this rather

complicated expression are recorded in the tables of the Appendix to the
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AISC Specification in the Steel Handbook. The values given are ex-

pressed as percentages of the web area.

If a single plate or angle stiffener is used (instead of one angle or

plate on both sides of the web), the AISC says the area obtained from

Formula 10 should be multiplied by 1.8 if single-angle stiffeners are used

and 2.4 if single-plate stiffeners are used. One-sided stiffeners are subject

to moment in addition to axial load and it is necessary to increase their

cross-sectional area to take into account their !ess efficient operation.

In Sec. 1.10.5.4 an expression is given to estimate the shear in. pounds

per inch which must be transferred between the intermediate stiffeners

and web during shear transfer due to tension field action. This expression

follows:

n= a (Fs)
3,400

If the actual web shear (f, = V/ht,,.) is less than the allowable shear

at the point (Formula 8), the shear to be transferred can be reduced in

direct proportion.

16-13. EXAMPLE PLATE GIRDER DESIGN—AISC

Example 16-4 illustrates the design of a welded plate girder support-

ing column loads at its one-third points using the AISC Specification.

Since the girder is assumed to have full lateral support the allowable

bending stress is 0.6 F, or the value determined from Formula 11, which

is the formula used when there is lateral buckling of. the web on the

compression side of the girder. For cases where full lateral support is

not provided it is necessary to apply Formula 4 in addition to Formula 11.

The cover-plate size can be reduced in those areas where the moments

are smaller, the smaller plates being butt-welded to the larger plate.

Space is not taken in this example to show such calculations. If the

plates are changed in size, it is to be remembered that the smaller plates

as well as the larger ones must meet the 3,000/\/F, requirement for their
width-thickness ratios.

ExamMpte 16-4. A welded plate girder is to be designed for a 54-ft simple

span and is to support 150 k column loads at its one-third points together with

a uniform Icad of 2 k/ft. The design is to be made with A36 steel, E60 clec-

trodes, and the AISC specification, assuming that full lateral support is provided

for the compression flange. For the convenience of the student, AISC section

and formula numbers are shown throughout the example.

Solution: (a) Selection of web:

Assume girder depth = 4,9 L = 65 in.

Assume web depth = 62 in.
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Maximum h/t ratio for no stress reduction in allowable flange stress =

24,000//22,000 = 162 (Sec. 1.10.6).

Therefore, minimum t¢ for no stress reduction = 62/162 = 0.383 in.

Absolute maximum clear distance between flanges = 320 & (Sec. 1.10.2

and Appendix, p. 5-72).

Therefore, absolute minimum t = 62/320 = 0.194 in.

Try web R 62 K %e

(6) Shear and moment diagrams:

Area of web = A, = (62) (% ) = 194 sq in.

Weight of web = (19.4/144) (490) = 66 lb/ft

Estimated weight of flanges and stiffeners

(after some seratch-paper work)

= 200 lb/ft

Total estimated girder weight == 266 lb/ft

Moment und shear diagrams are shown in Fig. 16-21.

150 k 150k

ry

170.4

20.4

170.4 211.2

3,430 ft-k 3,430 ft-k

3,522 ft-k

Fic. 16-21

(c) Flange selection:

Assume average flange stress == (31.00/32.75) (22) == 20.9 ksi
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_M_ 1, __ (12) (3,522) _/1\(5 _ |

Try 20 K 1% R each flange A, = 30.0 sq in.)

Checking local buckling (AISC 1.9.1 and Appendix, p. 5-72)

10

15

Review of flange stresses:

I= (Yo) (%@) (62)® + (2) (30.0) (31.75)? = 66,700 in-4

i= (12) (3,522) (32.50)

_ 66,700

Since h/t = 62/54 5 = 320 > 198, allowable flange stress must be reduced

from 22.0 ksi using AISC Formula 11.

y

F’, = 22.0 | 10 — 0.0005 (ssi) (198 — aan) |

= 6.67 < 16 (OK)

= 20.6 ksi

30.0 \/22,000

== 21.7 ksi > 20.5 ksi (OK)

(d) Location of first intermediate stiffener {AISC 1.10.5.2 and 1.10.5.3):

f, at end = _ 2 | = 10.88 ksi
(62) (%@)

a == allowable spacing between stiffeners at end panels

— (i 000) 1,000) (A6) _ = 32.9 in.

Tentatively place first intermediate stiffener 32 in. from end

. 32
== aspect ratio = 69 = 0.516=| a

, c= slenderness ratio = --— = 198i
From which

Allowable F,, = 11.7 ksi > 10.88 ksi (OK)

(AISC Formulas 8 and 9 and AISC Appendix Table 3-36)

(e) Spacing of other intermediate stiffeners:

Shear 4% ft 8 in. from end of girder = 211.2 — (2.67) (2.266) == 205.1 k

205.1 :
hy = 94 == 10.55 ksi
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Intermediate stiffeners (AISC 1.10.5.3) not required if h/t < 260 and f,

< value permitted by Formula 9.

A bearing stiffener will be located under the column load 184 in. from the

first’ intermediate stiffener.

For a/h = 184/62 = 2.96 and h/t = 198, F, < 10.55 ksi.

Therefore, intermediate stiffeners are required.

. a 260 \?
Maximum value of — = [{-——— (AISC 1.10.5.3)

h h/t

. , 260\?From which maximum a = (62) Ts) == 107 in.

Try intermediate stiffener at 14 point (at 92 in.)

a 92
aa a 1.48

h
= 198

Allowable F,, from AISC Table 3-36 = 7.63 ksi < 10.55 ksi (N.G.)

Try intermediate stiffeners at 1/6 points (at approx. 31 in.)

kh 6279?

h __ 198
t

Allowable F’, from AISC Table 3-36 = 12.03 ksi > 10.55 ksi (OK)

Use approximately 31 in. spacing for 18 ft on each end of girder

Combined shear and bending at column loads:

fy = Os 8 ksi
19.4

Allowable bending stress F, obtained from Formula 12 is

F, =0.6 F, = 22 ksi

or

8.8
==[ 0.825 — OQ. ——— }36 = 19. iF, (08 0.375 iris) 3 19.1 ksi

__ (12) (3,430) (31.25)
L= 67,600 = 19.0 ksi < 19.1 ksi (OK)
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Intermediate stiffeners between column loads:

20.4
fv = 794 == 1.05 ksi

If no stiffeners are used, a == (12) (18) = 216 in.

a 216 .

he 2 38
L
— = 198; 198

Allowable F,, from AISC Table 3-36 == 2.15 ksi > 1.05 ksi (OK)

Check web at € of center span to see if stiffener needed as per Sec. 1.10.10.2

and Formula 16. Assume construction prevents rotation of compression flange.

As described in Sec. 1.10.10.2 the calculated compression stress == 2.266/

(12 &K 544) = 0.604 ksi.

Allowable compression stress is

4 10,000
A _ ee . , ae ( 5) . cs] ”E +. ara | (199)2 > 149 ksi > 0.604 ksi (OK)

Place stiffeners as shown in Fig. 16-24

(f) Design of bearing stiffeners (Sec. 1.10.5, 1.10.10 and 1.5.15.2):

Try 2—8 in. Ps

Maximum — ratio = 3,000 = 15.8 [say 16 (Sec. 1.9.1)]
t \/36,000 |

Minimum t = = == 0.500 in.
)

Checking bearing stress:

Allowable bearing F, = 0.90 Fy = 33.0 ksi (Sec. 1.5.1.5.1 and AISC Table

3-36).

Assuming *%-in. welds between web and flange, 75% in. of Bs left to support

load. Therefore,

f= 1500

Pp (2) (75%) (A)

Checking column action (Sec. 1.10.5):

== 19.7 ksi < 33.0 ksi (OK)

“Column” area is shown in Fig. 16-22.

A, = (78) (546) = 2.44 sq in.

A Rs =(2) (7%) (%) = 7.62 8q in.

A column — 10.06 sq In.
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Web

1"

Stiffener R~

___ 7§ —+ _ 72 —
4
+

Fia. 16-22

ra | 181 494
10.06

Effective length = AL = *4 X 62 = 46.5 in. (Sec. 1.10.5)

KL 465

or 4,24

Allowable F, = 21.1 ksi

= 10.95

150

10.06

Use 2 Rs 8 & ¥Y%, under column loads

Actual f, = = 14.9 ksi < 21.1 ksi

(g) Design of end bearing stiffeners:

Try 2—S8 in. Ps

Minimum t == 8 == l, in.
16

fut

Check bearing stress:

Allowable bearing F, = 0.90 F,, = 33.0 ksi

Assuming 3,-in. welds, 754 in. of ® left to support load.

— _—Ald 2
~~ (2) (754) (4)

Checking column action:

ho == 27.7 ksi < 33.0 ksi

“Column” area is shown in Fig. 16-23.

[= (Yo)(7.8) (% 6)? + (2) (4% oe) (4) (75)? + (2) (3.81) (4.34)? = 181 ins

(OK)

Therefore,

(OK)

A = (3.75) (544) + (2) (754) (34) = 8.80 sq in,

I = 181 in.4
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Web
5m 12x 3 =375'—

stiffener Ry Weld 4

pt
Fic. 16-23

Effective length = KL = (34) (62) == 46.5 in.

KL 465
St ae — 10.2
r 4.54 10.25

Allowable F, = 21.15 ksi

211.2 ,
Actual f, = “$30 > 24.0 ksi (N.G.)

Subsequent calculations show % ¢ stiffener satisfactory.

Use 2 Rs 8 & %g@ in. at girder ends

(kh) Design of intermediate stiffeners:

Minimum required gross area of interior stiffener can be determined from

AISC Formula 10, but values are recorded in AISC Table 3-36 for A36 steel.

For h/t = 198 and a/h = 31/62 = 0.5 minimum A = (0.0277) (62)(¥ 4)

= 0.527

Try 2Ps4xXY%

I about web = (1%) (44) (4)? (2) = 10.67 in4

. . h\4 62\4
Minimum IT permissible (Sec. 1.10.5.4) = 56) =a) = 2.37 < 10.67 (OK)

w 4
7= y= = 16 (OK)

Intermediate stifieners may be stopped a distance equal to four times the

web thickness from the tension flange (Sec. 1.10.5.4).

L = 62.0 — (4) (4,5) = 60%

Use 2 Rs 4X % X 60%, in. bearing on compression flange only

(¢) Design of welds between web and intermediate stiffeners:

Total shear transferred = f,, (Sec. 1.10.5.4)

| F ‘3

_Son = hh (sav)
= 024/(38200)" aw) == 2,150 Ib/in. on two stiffener welds
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Assuming 34g in. welds 3 in. long = 1.8 k/in. *K 2 = 3.6 k/in.

(3) (3.6) (2)

L = 10.05 in.

Spacing 2.15

Use % XX 3 welds 10 in. on centers

(j) Design of flange to web welds:

v = horizontal shear between flange and web =

Q == (30) (32) = 960 in3

v at girder end = area ) == 3.00 k/in.

Minimum weld size = 544 in. for 1%, ® (AISC Table 1.17.4)

Assuming 4 welds (E60 electrodes),

Allowable shear = (2) (5) (0.6) = 6.0 k/in.

Allowable shear on 44 web = (%,) (14.5) = 4.5 k/in.

Minimum L of fillet welds = (4) (54) = 1% in. (See. 1.17.6)

Try 4% X 3 welds located (4) (4.5) /3.00 = 6 in. on centers

Maximum spacing of compression flange to web welds (Sec. 1.18.3.1) 1s

24 & 4g = 7.5 in. > Gin. (OK)

Use % 4 XX 4-in. welds 6 in. on centers

Column

¢ Girder

Rs 4xdxeoe 20x 1d

Web 62x &

2Rs8Xx$

2Rs ext

6 @ 2-7°=15-6 —
54-

Fia. 16-24
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(k) Design of welds between bearing stiffeners and web:

Use continuous welds both sides since bearing stiffeners are major load-

carrying members.

Minimum weld size = 34, (or 1.8 Ib/in.)

Total strength furnished = (2) (62) (1.8) = 223 k > 211.2k (OK)

Use 3 continuous fillet welds for all bearing stiffeners

(1) Design sketch of final girder design shown in Fig. 16-24.

PROBLEMS

16-1. A plate girder consists of a 54 & Y4-in. web, 6 K 6 X %-in. flange

angles, and two 16 X %-in. plates on each flange. Determine the maximum

tension and compression stresses for a bending moment of 2,400 ft-k. Assume

1-in. holes are placed 4 in. on centers in the web and assume there are two cover

plate rivets and one flange rivet at a section. Use AASHO Specifications.

16-2. Repeat Prob. 16-1 assuming the girder to be welded.

16-3. Using the AASHO Specifications and structural carbon steel (A7),

compute the maximum allowable bending moment for a riveted plate girder

consisting of an 80 & %-in. web, 8 X 6 X %4-in. flange angles, and three

18 X %-in. cover plates on each flange. Assume holes of the size and distribu-

tion mentioned in Prob. 16-1.

16-4. Determine the theoretical cutoff points of the two outside cover plates

of the girder of Prob. 16-1 if it is assumed to be uniformly loaded.

16-5. Repeat Prob. 16-3 assuming the girder to be welded.

16-6. Using the AASHO Specifications design end stiffeners for the girder

of Prob. 16-3 if the maximum end reaction is 260 k.

16-7. Design a single-plate web splice for the girder of Prob. 16-3 if the

external shear is assumed to he 150 k at the splice.

16-8. Design a triple-plate splice for the conditions descnbed in Prob. 16-7.

16-9. A plate girder is to be designed with A7 steel using the AASHO Spe-

cifications and 7{-in. rivets for a maximum bending moment of 3,000 ft-k and a

maximum shear of 250 k. Proportion the girder with total depths of 36, 48, and

60 in. and compare the resulting cross-sectional areas.

16-10. Rework Prob. 16-9 using a welded girder, A373 steel, and the AASHO.

Specifications.

16-11. Rework Prob. 16-9 using a welded girder, A36 steel, and the AISC

Specification.

16-12. If the external shear is 220 k at a section in the girder of Prob. 16-3,

determine the spacing required for %-in. flange and cover-plate rivets using the

AASHO Specifications. It is assumed that a 30 k concentrated load can he ap-

plied at the section. Assume this load is distributed over 12 in. by the time it

reaches the girder. Assume rivets placed as in Fig. 16-10.

16-13. Repeat Prob. 16-12 if Y%-in. A325 high-strength bearing bolts and

the AISC Specification are used. A7 steel.
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16-14. Design a bolted plate girder with A36 steel using the AISC Specifica-

tion for the situation shown in the accompanying illustration. The girder is to

be connected with 7%-in. A325 high-strength bearing bolts. Full lateral support

is assumed for the compression flange.

250 k 250 k

|| — Columns —~]

12" wal!-

- 25:

|

¢ 25.

75'

Pros. 16-14

16-15. Rework Prob. 16-14 using a welded girder and E60 clectrodes.

16-16. Repeat Prob. 16-15 if lateral support for the compression flange 1s

provided at the ends and column points only.



chapter 17 |

Design of Roof Trusses

17-1. INTRODUCTION

Trusses may be defined as large, deep beams with open webs. They

are usually formed by members arranged in triangles or groups of tri-

angles, and the number of possible types is almost endless. The purposes

of roof trusses are to keep the clements out (rain, snow, wind) and to

support the loads connected underneath (ducts, piping, ceiling). While

performing these functions they must also support the roofs and their own

weight.

The engineer is often concerned with the problem of selecting a truss

or a beam to span a given opening. Should no other factors be present,

the decision would probably be based on consideration of economy. ‘The

smallest amount of material will nearly always be used if a truss is se-

lected for spanning a certain opening; however, the cost of fabrication

and erection of trusses will probably be appreciably higher than required

for beams. For shorter spans the overall cost of beams (material plus

fabrication and erection) will detinitely be less but as the spans become

greater, the higher fabrication and erection costs of trusses will be more

than canceled by their weight saving. A further advantage of trusses 1s

that for the same amounts of material they have greater stiffnesses than

do beams.

On the subject of truss depths, it should be realized that the deeper

a truss is made for a given span and loading the smaller will be the chord

members, but that with deeper trusses the lengths of the web members

increase. This fact means that the slenderness ratios of the web members

may become a factor and require the use of heavier members.

It is impossible to give a lower economical span for steel trusses.

They may be uscd for spans as small as 30 or 40 ft and as large as 300

to 400 ft. Actually they are not often used today for spans of less than

60 ft. Beams may be economical for some applications for spans much

greater than the lower limits mentioned for trusses. The 1963 AISC

Specification permits the design of very thin webbed plate girders (sce

393
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Chap. 16) which are quite competitive with roof trusses for many spans.

In the pages to follow the terms mitch and slope are often used. The

pitch of a symmetrical truss is referred to as the rise of the top chord

of the truss divided by the span. Should the truss be unsymmetrical, the

numerical value of its pitch is not of much use. For such cases the slope
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of the truss on each side can be given. The slope is the rise of the top

chord to its horizontal length often given as so many inches per hori-

zontal foot. For symmetrical trusses the slope will equal twice the pitch.

17-2. TYPES OF ROOF TRUSSES

Roof trusses can be flat or peaked. In the past the peaked roof

trusses have probably been used more for short-span buildings and the

flatter trusses for the longer spans. The trend today for spans long or

short, however, seems to be away from the peaked trusses and towards

the flatter ones, the change being due to the appearance desired and

perhaps more economical construction of roof decks.

Several of the commonly used types of roof trusses are shown in

Fig. 17-1. A good many of these trusses have been named for the engi-

neers or architects who first developed them. A remark or two is made

about each of these trusses in the paragraphs to follow. The letter at the
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MIMINZINA INNNANY/777
Warren (top chord flat or slightly inclined) Pratt (top chord flat or slightly inclined)

(a)

Pratt Howe

(b)

Fink French or cambered Fink Fan Fink

(c)

24 4/2

Radius = —
.

A

%

|—__.., __,
Bowstring

(d)

“ Three- hinged arch *Y

(e)

Roofing
Roofing Skylights Skylights

_ Scissors

Sawtooth

Quadrangular

(f)

Fig. 17-1
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beginning of each of these paragraphs corresponds to the letter in Fig.

17-1 beneath the type of truss being considered.

(a) The Warren and Pratt trusses have probably been used more

for the flatter roofs (slopes of from 34 to 1% in. per foot) where built-up

roofing can be satisfactorily applied, than have the other types of trusses.

These trusses can be economically used for flat roofs for spans of roughly

40 to 125 ft, although they have been used for spans as great as 200 ft.

The Warren is usually a little more satisfactory than the Pratt. The

roofs may be completely flat for spans not exceeding 30 or 40 ft, but for

longer spans the slopes mentioned are used for drainage purposes.

(b) The pitched Pratt and Howe trusses are probably the most com-

mon types of medium-rise trusses. The slopes intended here fall in be-

tween those given for (a) and (c). They have maximum economical

spans of about 90 or 100 ft.

(c) For steep roofs (with slopes of 5 or 6 in. per foot) the Fink truss

is very popular. The Pratt and Howe trusses may also be used for steep

slopes but they are usually not as economical. The Fink truss has been

used for spans as great as 120 ft. A fact which makes it more economical

is that most of the members are in tension while those that are in com-

pression are fairly short. The panel layout of a truss may be controlled

by the purlin spacings. As it is usually desirable to have purlins placed

at panel points only, the main panels may be subdivided. Fink trusses

can be divided up into a large number of panels to suit almost any span

or purlin spacing. The Fan Fink shown illustrates subdivision very well.

(d) If « curved roof is acceptable, the Bowstring truss can be used

economically for spans of up to 120 ft, although on occasions it has satis-

factorily been used for much longer spans. When properly designed, this

truss has the unusual feature of having very small stresses in the web

members. Despite the fact that there is some expense in bending the top

chord, the Bowstring has proved quite popular for warehouses, super-

markets, garages, and small industrial buildings. A recommended radius

of curvature for the top chord is given in the figure.’

(e) When spans appreciably above 100 ft are planned consideration

might be given to using steel arches as they may provide the most eco-

nomical solutions. The three-hinged arch is the only one shown here.

As compared to the two-hinged and hingeless arches it has the following

advantages:

1. Analysis is easier as it is statically determinate.

2. Poor foundations are not such a serious matter as they might be

for an indeterminate arch.

3. Erection is often simplified as the two halves of an arch can

be erected separately and pinned together at the crown.

1John E. Lothers, Design In Slructural Stecl (New York: Prentice-Hall, Inc.,
1965), p. 348.
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(f) In this part of the figure several miscellancous types of trusses are

shown. The scissors truss (which is so named because of its resemblance
to a pair of scissors) may be satisfactory for supporting short span

churches and other buildings with steep roofs. Sawtooth trusses may be

used when adequate natural lighting is desired from skylights in wide

buildings. Their steep faces support skylights and these faces usually

face the north for more evenly diffused light. They are used when their

numerous columns are not objectionable. A long-span roof truss which

has been used for spans well over 100 ft is the Quadrangular truss. Near

the centerline of this truss the diagonals are reversed for the purpose of

keeping as many of them in tension as possible.

17-3. SELECTION OF TYPE OF ROOF TRUSS

The choice of the particular type of roof truss depends on a number

of items including span, loading, preferred type of roof construction from

architectural viewpoint, climate, lighting, insulation, and ventilation. The

following paragraphs present a discussion of some of the more important

factors which may affect the selection.

Pitch. The desired pitch of 4 roof truss to a great extent controls

the selection of the type of truss to be used because, as deseribed in Sec.

17-2, different types of trusses are ceconomical for different slopes of roofs.

For instance, the Fink truss is quite satisfactory for the steeper roofs.

Roof Coverings. The type of roof covering used has a great deal to

do with the selection of the roof slope. For instance, the built-up tar-

and-gravel roofs are probably unsatisfactory for slopes greater than 1 in.

per foot, for the tar will tend to run downhill during the warm summer

months despite the availability of the so-called steep-roofing tar or pitch.

When built-up asphalt-and- gravel roofs are used somewhat steeper slopes

are possible. The desirable slopes for slate roofs are about 7 In. per foot

because water tends to work up under the slate on flatter slopes. Other

desired slopes can be obtained from the manufacturers for the particular

types of roof covering to be used.

Fabrication and Transportation Considerations. Fabrication and trans-

portation difficulties need to be considered im selecting the type of truss

to be used for a given situation. It is desirable economically to fabricate

as much as possible of the truss in the shop—the whole truss if feasible

—and to ship it to the job for erection. From a transportation standpoint

the depth of the truss is often a controlling factor. As an example for a

particular building it is assumed that the designer estimates that a 15-

foot-deep truss will be the most economical, but the route along which

the truss is to be shipped limits the maximum depths which can be trans-

ported to 12 ft. The truss may therefore be limited to a maximum depth

of 12 ft, although it will be a little heavier, so that the whole truss can

be assembled in the shop.
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Architectural Effect Desired. The ideas of the architect as to the

aesthetic effect desired can quite well be the controlling factor. For

example, he may want a flat roof and that will pretty well narrow the

choice down to one or two trusses.

Climate. The climate in the particular area may he particularly im-

portant as to drainage, or retention of snow and ice.

17-4. SPACING AND SUPPORT OF ROOF TRUSSES

The spacing of roof trusses depends upon the type of roof construc-

tion, truss spans, and foundation conditions. The usual center-to-center

spacings vary from 12 to 30 ft, the lower spacings used for the shorter

spans and the larger spacings for the longer spans. For the 50- and

60-ft spans, spacings of roughly 12 to 20 ft on centers are common, while

values of from 15 to 24 ft are common for 90- to 100-ft spans. For very

long-span roof trusses, say more than 140 or 150 ft, the center-to-center

spacings may be as great as 50 or 60 ft. The purlins for such large

spacings are probably trusses themselves framing into the sides of the

main trusses. These trusses will provide a large part of the lateral brac-

ing needed. When poor soil conditions are present causing expensive

foundations, the designer may use larger center-to-center truss spacings

than he would under ordinary conditions.

The usual truss is supported on brick, block, or concrete walls or on

steel or reinforced concrete columns. Trusses are usually attached at
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their ends to these walls or columns with anchor bolts. To provide for

temperature expansion and contraction it is usually necessary to have the

anchor bolts at one end set in a slotted hole in the bearing plate to permit

the required shortening or lengthening. The estimated change in length

of the truss equals the coefficient of expansion times the estimated tem-

perature change plus the diameter of the anchor bolt plus a little margin.

Some consideration should be given to the temperature at the time of

ercction as it pertains to placing the anchor bolt or positioning the slot.

Should the truss be erected in the middle of the summer, it seems logical

that the anchor bolt should be near the outer end of the slot as the truss

will be expanded to a point near its greatest anticipated length. The

dead and live loads supported by a truss also affect the length of the truss.

17-5. ESTIMATED WEIGHT OF ROOF TRUSSES

The usual loads to which roof trusses may be subjected were discussed

in Chap. 18; therefore, the only discussion of loads in this chapter pertains

to the estimated weights of the roof’ trusses themselves.

The weight of a reof truss can be estimated by the designer on the

basis of his previous experience or by some reference to the various tables,

curves, or formulas which have been developed for this purpose. An

important fact to remember is that the designer certamly cannot estimate

snow, 1ce or wind loads to the nearest 1 pereent. Furthermore, he can

only roughly estimate what the users of 4 building may hang on the

trusses from below. These facts should show that it is unrealistic to

expect him to estimate truss weights to the nearest 1 -_pereent. In fact,

estimates to the nearest 10 percent are probably quite reasonable.

One method of approximating the weight of a roof truss and its brac-

ing is to estimate it to equal about 10 percent of the load it is to be

required to support. For long spans the percentage probably should be

increased a little. When the truss design is completed its weight should

be roughly -calculated and compared with the original weight estimate

to see if that estimate was within reason.

Based on the previous experience of the design profession, the de-

signer can estimate the weight of roof trusses as equaling so many pounds

per square foot of roof surface. Dr. L. E. Grinter? recommends the fol-

lowing values, which vary somewhat with different spans and roof pitches:

1. For 40-ft spans and pitches varying from 44 to 4% estimate truss

weight equal to between 2 and 3% lb for each square foot of roof surface.

2. For each 10 ft increase in span up to 80 ft the previous values

should be increased by approximately 1 Ib.

2L. E. Grinter, The Design of Steel Structures (New York: The Macmillan
Company, 1960), p. 284.
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3. Increase the values by roughly % to 1 lb per square foot of roof

surface for flat roofs.

4. Decrease the values by roughly 14 to 1 lb per square foot of roof

surface for steeper roofs.

Through the years quite a few empirical formulas have been de-

veloped for estimating the weight of steel roof trusses. Nearly any of

these expressions will give reasonable estimates if they are properly ap-

plied. One comment, however, should be made concerning expressions

which are several decades old. Unless they take into account allowable

stresses they will probably give estimated weights on the high side with

today’s stecls, which have considerably higher allowable stresses than

those used when the formulas were first presented.

One satisfactory expression for estimating the weight of steel roof

trusses was presented in the Engineering News Record in 1919 in an

article by Robins Fleming entitled ‘‘Weight of Roof Trusses By Empiric

Formulas.” This expression, which does include an allowable stress value,

is as follows:

S

where W = total roof truss weight

w = total gravity load supported per horizontal square foot

S = average allowable stress in psi used in design

a =center to center spacing of trusses

IL = truss span in feet

w= Jn (4 12 + 60L)

17-6. DISCUSSION OF ROOF TRUSS ANALYSIS

Before the members of a roof truss can be selected it is necessary for

the truss to be analyzed for the different types of loading which can

occur. These loads include dead loads, snow and ice loads, and wind
loads. In the more southern states a live load representing the roofers

and their materials can be used in place of the snow loads.

A truss will probably be analyzed separately for each of the different

types of loads because all of the different loads will probably not occur

at the same time. As an illustration, it does not seem altogether logical

to assume that a pitched roof will be covered with a full snow load when

a 90-mph wind is blowing. Most engineers feel that the majority of the

snow would blow off under such conditions, at least on the windward side.

(Other engineers think that the snow may have crusted over and be

substantially able to remain on the roof during the windstorm.)

There are several possible combinations of loads which may logically

be applied at the same time to a roof truss. The three combinations

listed at the end of this paragraph seem to cover the situation fairly well.
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The stresses for each member are computed for each of the different loads

and combined for each of the combinations given, and the maximum stress

for each member regardless of the combination from which it came 1s used

for design. If a member is m tension for one combination and in com-

pression for the other, it will have to be designed for both values.

1. Dead load + full snow load

2. Dead load + full wind load

3. Dead load + full wind load + 1% snow load

Another combination often used in addition to the preceding ones is

a lesser wind (¥% to 4%) combined with dead load -++ full snow load

assuming that such a wind would not blow off the snow.

In the following paragraphs are several further comments which may

be of considerable importance for some cases as they pertain to the

analysis of roof trusses.

1. The AISC Specification, which is used for a large percentage

of steel roof truss designs in the United States, says that allowable stresses

can be increased by one-third for stresses caused by wind or earthquake

action alone or in combination with dead or live Joads. This reduction

is conveniently handled by multiplying the second and third load com-

binations (just given) for maximum stresses by 34. This specification is

followed in Example 17-1 which is presented in See, 17-7.

2. The procedure recommended today by the ASCE for estimating

wind pressures results in suctions on the leeward sides of roof trusses and

perhaps on the windward sides, depending on the slopes. Probably the

large majority of designers neglect this suction in their designs.

3. If the AISC one-third reduction and the recommended ASCE

wind forces arc used for design, it will usually be found that the wind

will not require any increases in the member sizes of roof trusses. Some

engineers are not too happy about this situation as they feel the wind 1s

another load and should cause greater stresses and thus require larger

members. For this reason the Duchemin formula for estimating wind

pressures is stil! occasionally used as it probably will cause stress in-

creases. .

4. Consideration may have to be given for the wind blowing from

both directions. If a truss has a roller support on one end and a hinge

support on the other, wind from the teft may produce different stresses

in some members than wind froin the right.

5. One further comment is made here concerning the computation of

truss stresses, and this pertains to the actual types of end supports as they

affect member stresses due to the wind loads. For fairly short trusses

probably no provision is made for expansion. This type of truss would

actually be statically indeterminate, but the usual practice is to assume

that the horizontal load splits equally between the supports. As trusses
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become longer, expansion supports are used on one end. The designer

may assume all the horizontal reaction is provided at the other support

or he may more realistically assume that some proportion of the hori-

zontal reaction (as 4 or 14) is actually provided at the expansion end.

From this discussion it is obvious that there are several possible variations

in the member stresses caused by the horizontal loads, depending on the

assumptions made.

17-7. EXAMPLE ANALYSIS OF A ROOF TRUSS

Stresses are computed in this section for a roof truss with several

possible loading conditions, and these various stresses are combined as

described in the previous section to obtain the most critical values. The

average designer might not go to quite as much detail for a small roof

truss as was used here by the author.

The actual stress calculations are not shown in the figure, and only

the answers are given. Stresses can be obtained algebraically or graph-

ically, depending on the preference of the individual designer. Perhaps

there is little advantage of one method over the other for gravity loads,

but the graphical procedure can certainly be a time saver when lateral

loads and complicated trusses are involved.

In Example 17-1 stresses are determined for a roof truss separately

for dead load, full snow load, half snow load, and wind load. The full-

snow and half-snow stresses can be determined by ratio from the dead-

load stresses. The author has assumed that the half-snow-load situation

consists of half the snow load all the way across the roof. He feels this

is a more feasible condition with full wind blowing than assuming a full

snow load on one side and none on the other as is often the practice.

The wind ean blow from the left as it can from the right; therefore,

in the maximum stress table of Example 17-1 the values of the wind

stress In a member are given for both directions. To obtain the design

stress shown in the final column of the table the most critical value of the

wind stress is used. Should the wind or other loads cause stress reversal

in a member, both values would be given in the design stress column. In

the example problem presented here the dead-load plus snow load con-

dition controlled for every member, but this definitely may not be true

for other trusses.

Purlins are placed only at the joints in Example 17-1 to simplify the

problem (although the resulting spacing is rather large) and it is unneces-

sary to consider bending in the top chord members due to intermediate

loads. Should the top-chord panel lengths become exceptionally long.
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it may be economical to place purlins in between the joints. Another

ease where intermediate purlins might be used arises with certain types of

roofing. Should the spacing of purlins not be greater than 4 or 5 ft, cer-

tain types of corrugated steel, gypsum tile, or other roofing can be placed

directly on the purlins. Average purlins usually weigh from 2 to 5 psf

of roof surface.

ExaMPLe 17-1. Determine the critical stresses for design for each of the

members of the left-hand side of the truss of Fig. 17-2. Assume the following

conditions:

| Uo" 7 Trusses 18-0 oc

Y
|INS ;i - 6@12'= 72) —— -—--—-—--- - -—-~

Fia. 17-2

1. Friction to be neglected at the expansion support.

2. Truss weight = 5 psf of roof surface and four purlins (10 W 33) have

been selected for cach side of the truss.

3. Snow load == 20 psf of horizontal roof surface projection.

4. Wind loads as follows: 4.2 psf suction on windward side and 9 psf suetion

on leeward side as reeommended by Committee 31 of the ASCTE

5. Roofing =: 15 psf.

: 5.41k

13.53 k 1353 k

Fic. 17-3
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Solution: (a) Dead load stresses (Fig. 17-3):

Truss weight == (5) (18) (13.42) = 1,205 lb

Roof covering == (15) (18) (13.42) = 3,615 lb

Purlins == (18) (33) = 594 1b

Full panel load = 5,414 Ib

(6) Stresses due to full snow load (Fig. 17-4):

Full panel load = (20) (12) (18) == 4,820 Ib

Fic. 17-4

Stresses determined by ratio from dead load stresses.

(c) Stresses due to half snow load (Fig. 17-5):

2.16k
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(d) Stresses due to wind from left (Fig. 17-6) (wind from right not shown):

Full panel load, windward side == (4.2) (13.42) (18) = 1.02 k

Full panel load, leeward side == (9) (13.42) (18)

1.09k

= J.18k

Fra. 17-6

MaxIMuUM StkREssS TABLE

Design Stresses Due to Stress Combinations |

Member ead | Snow | aon | tras yard | (DL %8L Stresses
Load | Load ; Load | Left | Right |DL+SL\(DL+WL)%! +WL)%

Lol, | 4271/4216 +108 |— 473 _ g90\4487 | +168 | 4249 | 4487

Lala | +271; +216 |4108 |— 473\— ago|pas7 | +168 | +249 | | 4487

Lala | +247 | 41728 + 204 — a57/— 950]+390 | 4 +198) +201 | 4 +390

Low, | —302|—241 —12.05|+ 7.25|+ 8.74543 | —172 | 26.2 ; —543

UU, | —421--193 |— 9.65 + 646/+ 710/438; —133 | —205 | 435

UUs | 182) 145 |— 725) + 5.76) + 5.48|—32.7 = 98 150 a

ULL; 0} 0 | 0 | 0 C 0 0 | 0 | 0

Ul» | — 61 | 48 |— 240 + 130 4 2.73 109 36 p54! “109

UsL» | + 2.7 + 216|+ 1.06; — 58)— 122+ 4.86} + et +24 +49

Ula | — 76 - 6.1 — 3.05 | + 1.66 | + 342/137 | — | — 68 | —182 7

Ula | +108 I+ 8.64) + 432) 3.59| — 350/41944) + 4 | 4 a7 | +104
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17-8. DESIGN OF A ROOF TRUSS

The members of the truss analyzed for various loading conditions in

Example 17-1 are designed in this section, assuming welded connections

are to be used. Before these designs are presented a few general remarks

are made concerning the selection of the members of roof trusses. These

are as follows:

1. For riveted und bolted trusses a pair of angles back-to-back is

probably the most common type of member, but for short spans and

lightly loaded trusses the single angle is sometimes used. It will be re-

membered from See. 3-5 that the single-angle tension member does have

the disadvantage of cecentricity. Should the eccentric moments produced

by the eccentricity be considered in the design of single-angle tension

members, the resulting sections will probably be no more economical than

if pairs of angles had been selecied initially. For larger riveted or bolted

roof trusses W or [ sections may be used for some of the members.

2. For welded roof trusses the chord members are usually made from

structural tees, two angle sections or W sections.

3. The web members of roof trusses are commonly made from angles,

channels or W sections regardless of the type of connections used.

4. A minimum size roof truss member may be required by the

specifications being used or the designer may feel that members under

a certain size are too flimsy for practical use. A minimum size member

often specified consists of 2 fs 2«K 2 & \.

5. An effort should be made to limit the width of truss members

because it has been found that trusses with very wide members tend to

have large secondary stresses.

6. The chord members of roof trusses often consist of one section

which is continuous through several panel points. In the example problem

given later in this section, the bottom chord is assumed to be continuous

for half of the entire span while the top chord members run continuously

from the support to the ridge. This means that each of these continuous

sections will have to he designed for the maximum stress in any of its

members. The result is that they will be overdesigned in some places

where smaller stresses occur. This practice may seem to be uneconomical,

but if frequent splices are made to change member sizes where the stresses

change the resulting savings in weight will probably be more than

canceled by the cost of the splices. If splices have to be made at certain

points for shipping or handling purposes. sizes may be economically

changed at those points.

7. If purlins are spaced in between the joints of the top chord, mo-

ments will be produced and the members should theoretically be analyzed

as continuous beams. Perhaps the most common procedure, however, is lo

assume each member has fixed ends as shown in Fiy 17-7.
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Purlins

Y
Joint “Joint

:

Yo

Fic. 17-7

Another possibility is to analyze the top chord as a continuous mem-

ber by moment distribution. Whichever method is used to determine the

moments, the member should be designed for the resulting moments plus

its direct stress as determined by the usual truss analysis. The design

of members subject to bending and direct stress was discussed in Chap. 8.

8. In Example 17-2 the tension and compression members are seleeted

and shown in tables. The practicing engineer with the aid of various

tables and other design data would probably not show his work in such

detail, but it 1s felt that this detail may be of benefit to the student. The

tables used are thought to be self explanatory. Perhaps a few comments

will be helpful concerning the “minimum r” column in each of the tables.

It will be remembered that the AISC permits maximum slenderness ratios

of 240 and 200 respectively for main tension and compression members.

The smallest permissible values of r are calculated for each of the mem-

bers with their different lengths. This minimum value is of great assist-

ance in preventing the designer from selecting members which are too

slender, a fact he might not otherwise immediately discover. The mini-

muin 7 values are of particular benefit in selecting members which have

rather small stresses.

9. Should a member be subjected to stress reversal, a situation which

does not occur in this example, it would have to be designed to resist both

tension and compression.

ExaMPLE 17-2. Select member sizes for the truss analyzed in Example 17-1

assuming welded connections. Use A36 steel and the AISC Specification.

Solution:

DESIGN OF TENSION MEMBERS

| Design | Area Minimum | Aree |
Member Stress | Required | Permissible Section Furnished ,

(k) | (sq in.) | ry (in.) Selected (sq in.) | L/r
_ 

| :

Iudy | +487 | 221 | 060 SsT3Bs , 236 | 171
l ! ae

LiL: | +48.7 ! 2.21 0.60 ST 3B 8 | 236 171
{

| : !LiLs | +300 | 177 | #060 , SsT3B8 236 , 171
|

Ub: | +49 | 022 060 | 2482x2x%| 188 | 236
| | |———---- —

UsLs +19.4 |! 0.88 0.90 2"¥s3xXx3x% 2.88 232

Uily 0 | 0 , 030 |2¢62xK2x%| 188 | 118
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DESIGN oF CoMPRESSION MEMBERS

| Design Minimum
Member Stress Permissible Section Selected L/r

| (k) r, (in.)

LU, | —54.3 0.81 ST 7 W 17 110

UUs | 43.5 7 081 ST 7 W 17 110

U.Us —32.7 0.81 ST 7 W 17 110

UiLe —109 0.81 7 2%8s3 xX 2X He 187

ULs —13.7 1.02 : 2 Xs 3% x 24 x Neo 194
|

17-9. TRUSSES FOR INDUSTRIAL BUILDINGS

For many industrial buildings the roof is supported hy a steel truss

rigidly connected to supporting columns. Examples of this type of con-

struction are shown in Fig. 17-8. For the arrangement shown in part (a)

7 knee Braces —————_ ~N
Y ‘N

Te (a) op WU: (b ) ay
Fic. 17-8

of the figure there is very little lateral rigidity unless knee braces (shown

with dotted lines) are used. Knee braces are generally placed at angles

of approximately 45°. Another type of industrial building truss is

shown in part (b). It will be noted that knee braces are unnecessary for

this type.

For a good many years one story industrial buildings were of the

general type shown in Fig. 17-8. The name given to them was “mill

buildings.” These buildings, which provide large open areas, are quite

economical to construct; but they are not especially attractive and light-

ing may be a problem. In recent years a large percentage of the market
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formerly taken by mill buildings has been taken over by rigid frame

structures (considered in Chap. 19).

Mill buildings usually have exterior walls constructed from brick or

block or perhaps some type of asbestos or metal siding or covering. The

sheathing, which supports the roofing material, consists of wood. preenst

concrete slabs, some type of corrugated metal, ete. The sheathing is

supported by the purlins which transfer the roof loads to the trusses as

concentrated loads.

The trusses are supported by the columns and the walls are usually

nonbearing. Although wind forees do not usually have a great effect. on

member sizes for one-story mill buildings, the installation of a good brac-

ing system perpendicular to the trusses is important. A typicai arrange-

ment of the members of a mill building frame is shown in Fig. 17-9.

Bracing

Truss

Purlins

Truss

Kw Knee Brace \

Side Bracing

Girts

Vy by
Fic. 17-9

More inférmation is presented in Sec. 17-10 concerning the bracing of

these and other roof truss systems.

17-10. ROOF TRUSS BRACING

Properly designed roof trusses or mill-building bents can satisfac-

torily resist horizontal and vertical loads applied to them in the plane

of the truss, as shown in Fig. 17-10. However, to make a series of roof

trusses or mill-building bents stable normal to the plane of the trusses,

a definite system of lateral bracing has to be installed between the trusses.

Before these systems of lateral bracing are discussed it is necessary

to make a comment or two about the erection of individual trusses. The
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Fig 17-10

usual size roof truss has very little lateral strength and the result is that

its handling and crection may present something of a problem. Many

designers, to ensure reasonable lateral stiffness, will not use a ratio of the

width of the bottom chord to its total length less than a certain value

(4,9; being common).

Small trusses are usually picked up at their peaks, causing the bottom

chords to be put in compression. The result is that there 1s danger of

lateral buckling of these members. A common practice among some steel

erectors 1s to strap 4 timber (such as a 4 X 6) along the side of the truss

to prevent it from bending laterally during crection. The steel erector

probably scts the first truss and guys it off. After a few more trusses are

erected the purlins can he installed and the structure begins to have

appreciable lateral strength.

The bracing placed between roof trusses and mill-building bents

serves the purpose of transferring the lateral loads to the building founda-

tion. The amount of bracing used varies a great deal from engineer to

engineer. In the paragraphs to follow a few gencral statements are made

about the various types of lateral bracing.

Complete bracing systems are not often required in both the planes

of the top and bottom chords; however, the presence of heavy moving

loads and considerable vibration (as caused by moving cranes) may

change the situation. Diagonal cross bracing should be used in the

planes of the upper chord members. These members tie the trusses to-

gether and with the assistance of the purlins (which act as struts) provide

the necessary upper chord bracing. The usual practice is to place upper

chord bracing only every three or four bays as shown in part (a) of

Fig. 17-11.

Diagonal bracing in the plane of the bottom chords is often omitted

in small structures unless heavy vibrating type loads are anticipated in
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T
ses

a

Bracing in plane of top chord Bracing in plane of bottom chord
(a) (b)

(= Chord Bracing

—Top of

Columns

Columns

V. 7 ty , WY. Th La Te
Bracing in plane of columns

(c)

Top of Top of

Columns Columns

, UE: OD . We Wh TOW WDWil y, dy Y UY, UW We Wer a TH We Wh Va TW UF TF
Bracing :n plane of columns Bracing :n plane of columns

(d) (e)

Fic. 17-11

the building. For larger structures bracing 1s usually put in the plane of

the bottom chards every three or four bays. A typical arrangement of

this type of bracing is shown in part (b) of Fig. 17-11.

Longitudinal bracing is also needed in the plane of the columns. The

wind acting against the end of the building is transferred by this bracing

to the column bases. Examples of this type of bracing are shown in

parts (c) and (d) of Fig. 17-11. An alternate method of providing this

longitudinal bracing is shown in part (e). This latter bracing has the

advantage that it gives little interference to the placement of windows.

The members of the three bracing systems described in the preceding

paragraphs rarely have stresses of sufficient magnitude to affect their de-

sign and the usual practice is to select them on the basis of minimum sizes
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and controlling maximum slenderness ratios. To achieve tightly braced

structures it is fairly common practice to detail the bracing members a

little short so they will have to be slightly stretched to get them in place.

PROBLEMS

17-1. Using the load combinations suggested in Sec. 17-6 and the AISC

Specification, determine the critical stresses in the members of the left-hand

side of the Pratt truss shown in the accompanying illustration. Use the follow-

ing data:

. Snow = 24 psf of horizontal projection.

. Wind = 11.5 psf pressure on windward side only.

. Purlins = 3 psf of roof surface.

. Roofing = 18 psf of roof surface.

. Truss weight to be estimated by the Enaineering News Record expression

given in Sec, 17-5, assuming A36 steel is to be used.

orn & G NW
Trusses 18'-0'o.c.

le—— th ——»
WM VM

le 6@15'=90'
Pros. 17-1

17-2. Design the members of the left-hand side of the truss of Prob. 17-1.

The members are to be welded using E60 electrodes.

Trusses 22-0" oc. |

20

|
TAN

prizs—ee-12 5\—el-—_ 30' ele] 5'-»e— 25
le 80' —ol

Pros. 17-3

17-3. Determine the design stresses for the members of one side of the Fink

truss shown in the accompanying illustration, using the AISC Specification. Use

the following data:

1. Snow = 20 psf of horizontal projection.
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2. Wind = 9 psf suction on leeward surfaces and 4.1 psf suction on the

windward side.

3. Purlins = 4 psf of roof surface.

4. Roofing = 20 psf of roof surface.

5. Truss weight to be estimated using Dr. Grinter’s recommendations men-
tioned in Sec. 17-5.

17-4. Design the members of the truss of Prob. 17-3 using A36 steel. The

members are to be welded using E60 electrodes.

17-5. Determine the design stresses in the members of the three-hinged arch

shown in the accompanying illustration, using the AISC Specification and the

following data:

1. Snow load = 20 psf of horizontal projection.

2. Wind = 15 psf pressure on windward side and 7.5 psf suction on leeward

side.

3. Purlins = 5 psf of roof surface.

4. Roofing = 15 psf of roof surface.

5. Truss weight to be estimated as in Prob. 17-1.

a Minge

Trusses 28-0" o.c.



chapter 18

Design of Bridges

18-1. INTRODUCTION

The general procedure for analyzing and designing steel] bridges is

quite similar to that used for steel buildings. The major differences be-

tween the two are caused by the different loading conditions. The analy-

sis of bridges is greatly affected by heavy moving loads and the impact

which they cause. Impact is usually a minor problem in the analysis of

buildings, although it has to be considered in a few cases where it may be

caused by such things as elevators, moving cranes, and vehicles in off-

ground garages.

Bridge specifications are much more conservative than the AISC

building Specification. Among the several reasons for this conservatism

are:

1. Live loads make up a larger percentage of the total load applied to

bridges than to buildings and they are more violently applied.

2. Steel bridge frames are nearly always exposed to the weather

with consequent corrosion problems, while the structural steel used in

buildings is usually enclosed and protected from the elements.

3. Perhaps another factor which may explain the higher allowable

stresses in building design is the fact that the more liberal architectural

profession has had considerable influence on building specifications.

A discussion of the various types of bridge trusses In common use was

presented in Chap. 14 and will not be repeated here. This chapter is

devoted to the design of a simple-span truss bridge using the AASHO

Specifications.

Bridge specifications very clearly define the maximum loads to be

applied to bridges for design purposes as well as speliing out the distribu-

tion of loads, values of impact, limiting depths, and various other specific

design data. Example 18-1 illustrates the application of the AASHO

Specifications in selecting the proportions of a 144 ft simple-span, through

Pratt truss. Admittedly a plate girder might win out economically over

a truss for this span, but the purpose of this example is to illustrate briefly

the steps involved in laying out a bridge truss. Subsequent examples in

414
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this chapter will illustrate the design of the individual parts of this truss.

The numbers in parentheses in this chapter refer to AASHO article

numbers and are included for the student’s benefit.

EXAMPLE 18-1. Select proportions for a two-lane, 144 ft through simple-

span Pratt truss using the 1961 AASHO Specifications. Also determine roadway

width and stringer spacing.

Solutwn: Layout of truss:

Minimum clearance == 14 ft (Art. 11.8)

Minimum depth of sway bracing == 5 ft (Art. 1.6.68)

Estimated floor depth -= §ft

Estimated minimum truss depth = 4 ft

Minimum preferable depth = 4, span (Art. 1.6.11) = 14.4 ft < 24 ft (OK)

le 6 @ 24'=144'

Fia. 18-1
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Assume diagonals at 45° as shown in Fig. 18-1.

Truss spacing and stringer layout:

Width of roadway == 26 ft (Art. 1.1.8)

Assume 114-ft curbs each side = 3 ft

Assume truss widths = 2 ft

Distance c.-to-c. trusses = 31 ft

Assume outside stringers 2 ft 6 in. from center of trusses, placing them

26 ft 0 in. on centers.

Use stringers 6 ft 6 in. on centers as shown in Fig. 18-2.

1-6'-> 26'-0" Between Curbs }e-I'-6"

. *] InteriorOutside P | |_~ Outside
Stringer—4- Stringers + Stringer

4 @ 6'-6" = 26- Q"

Fia. 18-2

18-2. BRIDGE FLOOR SYSTEM

To understand the manner of application of loads to a supporting

girder or truss it is necessary for the arrangement of the members of the

floor system to be carefully studied. The most common type of bridge

floor is supported by a series of beams parallel to traffic and running the

length of each panel. These beams, called stringers, frame into and are

supported by transverse beams, called floor beams. The floor beams

frame into the panel points of the supporting trusses. This arrangement

is shown in Fig. 18-3.

The slab may be bonded to the stringers with shear connectors to

form composite construction (as described in Chap. 15), permitting the

use of smaller stringers.

Stringers ure usually conservatively assumed to be simply supported

but actually they have some continuity in their construction. Sometimes

they are specially designed to be continuous with connecting plates

lapping over the flanges of the stringers and floor beams. There is prob-

ably more continuity present in the floor beams than in the stringers.

They are usually quite rigidly connected to the truss verticals, thus appre-

ciably adding to the lateral rigidity of the bridge. Despite this probably

high degree of continuity, the floor beams are for simplicity assumed to

have simple end supports.
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Truss Bracing
Not Shown

(see Fig.18-17)
a

mm

<E
cS

, a

EE Stringers

AALZ

EZ
Floor Beams

A

Fic. 18-3

The design of simple-span stringers and floor beams is illustrated in

Example 18-2 for the AASHO truck loadings. It is assumed that the

concrete slab has previously been designed in accordance with the usual

reinforced conercte principles and the requirements of Art. 1.3.2 of the

AASHO.

A few explanatory remarks are made here concerning the application

of the wheel loads. The truck is assumed to be centered in the middle

of a 10-ft lane; thus no wheel load can be closer to the curb than 2 ft

(Art. 1.2.6). Even though a wheel load is placed directly over an interior

stringer it causes the adjacent stringers as well as the stringer in question

to deflect due to the stiffness of the concrete slab. The obvious result is

distribution of the load and the AASHO Specifications (Art. 1.3.1) at-

tempt to est!mate the effect of this distribution. They say the percentage

of a wheel ioad to be taken is the center-to-center spacing of the stringers

divided by a certain value which is determined from the type of floor,

spacing of stringers, and number of traffic lanes. The outside stringers

are assumed to support a portion of the wheel loads determined by as-

suming the flooring to act as a simple span between stringers.

It will be noted that the values for maximum live-load moments

calculated in the example can be checked with tables in Appendix A of

the AASHO Specifications. These tables are for axle loads and do not

include effects of load distribution and impact.
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EXAMPLE 18-2. Design the stringers and floor beams for the bridge of

Example 18-1 using the H20-S16 loading of the AASHO. Assume that an 8-in.

concrete slab with a crown varying from 1 to 4 in. thick has previously been

designed. The design is to be made with structural carbon steel (A7) and %-in.

A141 rivets. Assume the concrete weighs 150 lb per cubic foot.

Solution:

Design of Interior Stringers

Fraction of wheel load carried by each stringer (Art. 1.3.1.B) 1s

S89
5.5 5.5

Slab weight = (1% 5) (150) (6.5) = 975 lb/ft of stringer

= 1.18

Assume stringer weight == 70 lb/ft

(1.045) (24)?5 == 75.2 ft-kDL moment =

Place wheel loads as shown in Fig. 18-4 to cause maximum LL moment.

16k 16k

!
11.33k L 9.5' +b 14+ +15

?—_—__—__— 24 20.67 k

Fic. 18-4

LL moment = (11.383) (8.5) (1.18) = 113.8 ft-k (can be checked in Ap-

pendix A of AASHQ).

— 580 50

~ L+125°7 24+ 125

[use 30 percent maximum (Art. 1.2.12.C)]

| == 33.6 percent

Z moment = (0.30) (113.8) = 34.1 ft-k

Total moment = 223.1 k

2) (223. Lo
8 req. = ie 3.1) = 148 in?

Use 24 W 68

Design of Outside Stringers

Slab weight = (6.5) (%o) (150) (44) = 366 lb/ft

Assumed weight of curbs, railings, ete. == 150 lb/ft.
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(Art. 1.3.1.B permits this load to be spread evenly to all stringers if placed

after slab has cured.)

Assume stringer weight = 50 lb/ft

Total DL = 566 lb/ft

2

DL moment = oe (24) == 40.8 ft-k

Part of wheel load supported by exterior stringers is 4.5/6.5 == 0.692 but

not less than

6.5 = 1.16
40+ 4X65 —

(See Art. 1.3.1.B and Fig. 18-5.)

c.g.WheelLoad (Art.1.2.6)

espe fe

il
l~--—--__¢-6'__-—+

Fig. 18-5

Wheels arrangement for maximum moment same as for interior stringers

LL raoment == (11.83) (8.5) (1.16) = 112.0 ft-k

I moment = (0.80) (112.0) = 33.6 ft-k

Total moment = 186.4 ft-k

(12) (186.4)
— ig 4 int. S

Use 21 W 62

Rivets Required Between Stringers and Floor Beams

Interior stringers:

DL shear = (12) (975 + 68) = 12.50 k

Place wheel loads as shown in parts (a) and (b) of Fig. 18-6 for maximuin

LL shear.
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16 k 16k 16 k 16k cC_ySee Calculations

6-0" fed: OFe- -6-0" 246kjon _i4-o"

L Slab __ | l __ Slab__ ___

Stringer J— If | { ne Stringers
1 i ‘ a | : ~ a oO ~S

70 . | 70 ~ le 24-0" - oa ol
= 7-90 om 7-0 TM

Longitudinal placement of trucks
Lateral placement of trucks (b)

(a)

Fic. 18-6

, 5.0
Load going to stringer from part (a) of figure = (2) (16) 65)= 24.6 k.

These loads placed as shown in part (b) of figure.

Maximum I.U shear = 24.6 + (33) (16) (1.18) = 32.4 k.

(Notice no slab distribution is assumed to occur for beams placed right at

floor beam but. distribution is assumed for the other wheel loads.)

I shear = (0.30) (32.4) = 9.7k

Maximum total shear = 66.7 k

Rivets from stringer to floor beam:

Single shear value of rivets = (0.6) (13.5) = 8.1 k

. 66. ,Number required = = i = &.2 (say 5 each side)

Rivets from connection to web of stringer (web t == 0.416 in.):

Double shear value of rivets = (2) (0.6) (13.5) = 16.2 k

Bearing value = ( 5) (0.416) (27) =98k

. 66
Number required == of = 68 (sav 7)

Outside stringers: Rivet calculations not shown since they would merely he

a repetition of those made for interior stringers.

Design of Floor Beams

Dead-load reactions from interior stringers = (24) (1.043) == 25.0k

Dead-load reactions from outside stringers = (24) (0.578) = 13.9 k

These reactions are applied as concentrated loads to floor beams as shown

in Fig. 18-7.
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13.9k 25.0k 25.0k 25.0k 13.9k

514k 25 | 2.5 51.4k
; — 6. 5 pa — 6. 5'— ake 6.5' —obe— 6.5 — |
le 3] —l

Fic. 18-7

Assume beam weight == 230 Ib/ft

DL moment = (51.4) (15.5) — (25.0) (6.5) — (13.9) (13) + =

== 480.6 ft-k.

AASHO does not permit transverse distribution of wheel loads in slab for

design of floor beams (Art. 1.3.1.C). Therefore, concentrated loads applied to

floor beams from stringers are

16 +(54] (16) + (53) (4) = 24.34k

4k sa -

r O= =

(See Fig. 18-8.)

Fic. 18-8

Truck loads placed in traffic design lanes of 13-ft width (Art. 1.2.6) and

placed as shown in Fig. 18-9 to cause maximum LL moment:

24 34k 24 34k | 2434k 24 34k

—t} -
~o- ----7 5' - oo - 6' _—-ohe 2' 4 2?’ «0-6 oe —— 2 7 5' -- om

48 68k|* —3r--- ~~ "148 68k

Fic. 18-9

eee ee
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LL moment = (48.68) (15.5) — (24.34) (2-4 8) = 512 ft-k

J moment = (0.30) (512) = 153.6 ft-k

Total moment = 1,145.2 ft-k

(12) (1,145.2)
S rea. = 5g == 762 in’

Connections can he designed as previously deseribed.

18-3. LIVE-LOAD TRUSS STRESSES

The live-load stresses are to be computed for the H20-S16 loading

or the equivalent lane loadings, whichever causes the maximum values.

It will be found that the equivalent lane loadings will control for moment

when the loaded length excecds 140 ft and for shear when the loaded

length exceeds 120 ft. (These lengths are for the H20-816 loading only.)

Stresses can be compyted with the aid of influence lines, by the panel-load

method,' or by some other procedure.

In Example 18-3 influence lines are drawn for the members of the

left-hand side of the truss under consideration in this chapter. From

these influence lines it can be seen that the lane loadings control for all

members except U,L,, U,L., U.L. and U.L;. The concentrated wheel

loads are used for calculating the stresses in these latter members while

the lane loadings are used for all other members.

The AASHO says the uniform lane loading is distributed across two

10-ft widths and is to be placed in design traffic lanes of 13-ft widths

for a two lane roadway (Art. 1.2.6). As shown in Fig. 18-10, these two

t- c g Loading

—— - — 17'-¢"——-- —
= 2-6'}«--- --10'-0"—-- 3-Oepe———— 10-0"— 5-6

¢ Truss~ WLLL | YOULL re Trus
{ {
le 1-0" —_- +

31-0" — —

Fic. 18-10

lane loadings are moved as close as possible to one of the trusses to cause

maximum loads on that truss. From this figure the part of the live load

going to the left truss can be seen to equal 17/31 or 54.8 percent.

1J. C. McCormac, Structural Analysis (Scranton, Pa.: International Textbook

Company, 1960), pp. 130-132.
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From the same AASHO article (Art. 1.2.6) the maximum percentage
of the concentrated wheel loads can be determined as shown in Fig. 18-11
The maximum percentage in this case is the same as for the uniform lane

Ll cg Loads | oo 7-0" — =

2:6" ote —-042'-0}— 6-0" —ey=- nO" —epe— 6-0'—-epe— 7-6"

¢ ras |pL Lj

Fic. 18-11

. ¢ Truss

loading case but can be slightly different for bridges of more than two

lanes. The percentage is again 17/31 or 54.8 percent.

The impact percentage in the various truss members will be deter-

mined from the usual AASHO expression. This percentage is not constant

for all members as it varies with the length over which the live load is

placed to cause maximum stress.

Example J8-3. Determine the maximum live-load stresses in each of the

members of the truss selected in Example 18-1.

Solution: Drawing influence lines (Fig. 18-12).

Stress Calculations for Uniform Lane Loadings

Uniform lane loading to one truss == (2) (0.640) (0.548) = 0.703 k/tt

Concentrated load to one truss = (2) (18) (0.548) == 19.75 k

o0
Impact percentage for 144-ft loaded length = 144 4 128 = 18.6 pereent

Lob, and L,L,.

LL stress = (0.703) (59.8) + (19.75) (+.83) = +58.4k

Istress == (0.186) (458.4) = +108k

L.L,:

LL stress = (0.703) (+96) + (19.75) (41.33) = --93.8 k

[stress = (0.186) (+93.8) = +174k

LU: )

LL stress == (0.703) (—85) + (19.75) (—1.18) = —83.1k

I stress == (0.186) (—83.1) == —154k
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Fic. 18-12

Ua:

LIL stress == (0.703) (—96) + (19.75) (—1.83) == —03.8 k

Istress = (0.186) (—161.3) = —I174k
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U.U;:

LL stress = (0.703) (—108) + (19.75) (—1.50) = —105 1k

Istress = (0.186) (—105.4) = — 196k

Stress Calculations for Axle Loads

Concentrated wheel loads:

(2) (32) (0.548) == 35.1 k

(2) (8) (0.548) == 88k

ULL:

LL stress = (35.1) [+10 + (ss) (+10)] + (8.8) (a) (+10) = +533 k

50 _
[= B41 == 28.9 percent

I stress = (0.289) (+-53.3) = +154 k

UL:

Positive LL stress = (35.1) | ose + (vn) (044) + (88) (55)
(0.944) = +63.1k | ~

50 on &
[= 115.2 4 125 == 20).8 percent

I stress = (0.208) (+-63.1) == +18.1k

10 .Negative LL stress = (35.1) | 0.2 + (3, (0.236) = —11.7k
.

[= BS i 135 = 32.5 percent (maximum value is 30 percent)

I stress = (0.30) (—11.7) = —3.5k

ULL: :

Positive LL stress = (35.1) | +038 + (3) (033) = +19.8k

— 50 — ,I 4 57.52 + 125 — 27.4 percent

I stress = (0.274) (+-19.8) = +- 54k

0.48Negative LL stress = (35.1) | -0.50 + (5) (—050)] + (8.8) es 48

(—0.50) = —31.8k
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50 -
[= 648 125 23.6 percent

I stress == (0.236) (—318) = —7.5k

U.L,:

Positive LL stress == (35.1) | 0.70 +- (75) ( +0.707) + (88) (a4
(+-0.707) == +448 k

«80

~~ $6.4 + 125

f stress == (0.236) (+448) = +10.6k

I === 23.6 percent

Negative LL stress == 34 1 | 0.47 4 (is) (—0.472 | = —28.3k

50
=. -- == 27.4 perceI B75 4 125 7.4 percent

I stress = (0.274) (—28.3) = —7.7 k

18-4. TRUSS DEAD LOADS

The dead load of a truss bridge consists of the weight of the floor

system, truss, and bracing. The weight of the floor system, which com-

prises a large percentage of the total weight, can be closely estimated

by making a preliminary design of the floor. From the weight of the floor

system the load applied to the truss can be determined. Before dead-

load analysis ean be made of the main trusses the weights of the trusses

must be estimated.

To expedite the design procedure it is essential to make a good esti-

mate of the truss weight. The designer can make a rough estimate, ana-

lyze and design the structure. ealeulate its weight, and revise his estimate,

until his estimate and the design weight are reasonably close. This pro-

eedure can be rather time-consuming, particularly for long-span bridges,

and a good truss weight estimate ean definitely speed up the process.

The weight of the truss can be estimated by increasing the other dead

loads by some pereentage or by using some approximate formula. There

is a great deal of published data available coneerning the estimated

weights of short- and medium-span bridges. There are, however, so

many variables in the weight of a bridge such as different specifications,

different floor types (as conerete or steel grid floors), different steels, etc.,

that it is necessary to check the weight of the designed structure to be

sure the estimate was reasonable in each case.

Perhaps the most complete data on the weight of bridge structures
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was presented by J. A. L. Waddell in his book Bridge Engineering

(Wiley, 1916) and revised in the Transactions of the ASCE in 1936.

Charles W. Hudson is credited with developing a formula (called the

Hudson formula) for estimating the weight of a truss. In his formula,

given at the end of this paragraph, W’ is the total weight of either a rail-

way or bridge truss including its bracing, S is the inaximum total tensile

stress in the most stressed chord member, J. is the length of the truss in

feet and s is the allowable tensile stress. Since S is the maximum total

tensile stress due to live load plus impact plus dead load, a value has to

be assumed for the truss weight to apply the formula. If the largest

tensile chord member is assumed to extend for the full length of the truss

and its weight assumed to equa) 20 percent of the weight of the entire

truss and bracing, this formula can be derived.*;*

_17 SL.

s

We

Example 18-4 illustrates the applieation of the Hudson formula, the

calculation of the dead-load stresses, and a summary of the maximum

total stresses.

EXxaAMPLe 18-4.) Estimate the weight of the truss considered im the previous

examples of this chapter, compute the dead-load stresses and summarize the total

stresses for all) members

Solution: Testimating truss werht by Hudson formuls:

Member 1.1, is the largest stressed tensile chord member

DL floor beam reaction from Example 16-2 == 51.4 k

Adding 20 percent to this value to estimate truss weight =- 62.1 k

Stress in LL, by taking moments at (. when a 62.]-k load is placed at

each joint:

__ (48) (156.5) — (24) (62.1)
LL. a4 == +2504 k

Estimated “total stress in LL, == +2504 + 161.38 + 30.0 = | 441.7 k

__ (17) (441.7) (144)
Ww == (0,000 Ib or 10k at each joint

18

Dead-panel loads == 514 + 10.0 = 614k

Dead-load stresses (Fig 18-13):

? John E. Lothers, Design In Structural Steel (New York: Prentice-Hall, Inc.,

1965). .

3 Thomas C. Shedd, Structural Design In Steel (New York: John Wiley & Sons,

Inc., 1934).
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2456, 276327632056

} f

YY las Xe |307 % SY 3071 3% lea
? ’ ’ 4

ty 1535. | 1535 | "2456 | 2456 | 1535 | 1535 pe,

ci 614k 614k 614k 614i
153 5k 1535k

Fic. 18-13

Part of the estimated truss weight should theoretically be placed at the top-

chord joints, but this refinement is considered unnecessary here.

Summary of maximum stresses (Fig. 18-14):

L?-936 £:-1054
[2-174 I=-196

D:- 2456 D=- 2763
T =- 3568 T =- 4013

o TM~o

an ae
L:-Blemees +631 JI i! L:+448
17-154 mung 774131 ~4~TMOR =+106
O:-2170 ++++ D=+130 D:+434

T3155 SNGk T=+206 2 T:+988

£2+584 12+ 584 £:+938
1:+108 14108 1=+174
0=41535 D=+1535 D:+ 2456
T= 42227 T +2227 T +3568

Fic. 18-14

Notice no stress reversals occurred and the stresses obtained in considering

that possibility are not shown.

18-5. SELECTION OF TRUSS MEMBERS

For a small truss bridge of the type being considered, it may be morc

economical to use W sections for nearly all of the members. For larger

trusses, built-up sections will be used to provide the necessary stiffnesses

for the compression members. For the truss being designed in this chapter

W sections are used for all of the members.

When built-up sections are used, the upper chord of the truss will

probably consist of one of the two arrangements shown in Fig. 18-15.

In part (a) of the figure is shown an upper chord member built up from

two channels and a cover plate. The gusset plates are attached to the
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L. ead

“UM iE

4

Gusset &% LL

Gusset &

| W Vertical | W Vertcal
OO —— Co —

Fic. 18-15

back of the channels and the verticals fit between the gussets. A similar

arrangement is shown in part (b) of the figure where the chord member

is built up from four angles and three plates. For this type of riveted

truss it Is common practice to design the verticals first because the spacing

between the aforementioned gusset plates is not known until the vertical

member sizes are known.

After the verticals are designed in a truss with built-up members the

upper chord members are designed, starting with the one with the greatest

stress. The width of the cover plate for the compression chord is quite

important because it appreciably affects the lateral stiffness of the com-

pression flange and thus its allowable stress. The AASHO provides that

the width of a cover plate between connecting lines of rivets may not

exceed 40 times the plate thickness. After the upper chord members

are designed it is probably desirable to design the remaining web members

(probably the compression members followed by the tension ones). The

remaining tension members can be designed after which consideration is

given to bracing, connections, supports, etc.

In Example 18-5 the members of the truss of Example 18-1 are de-

signed using the naximum stresses previously obtained in Example 18-3,

with W sections used for all of the members. The depths of these sec-

tions vary from member to member and it may be necessary in places

to use filler plates to equalize depths. In designing the tension chord

members two holes for %-in. rivets are assumed to be present in cach

flange and web. The web deduction was considered unnecessary for the

tension diagonals and only flange holes were deducted.

Article 1.6.9 of the AASHO Specifications needs to be carefully

studied before the truss members are selected. In this article the maxi-

mum permissible L/r ratios are presented. For main tension members

200 is the maximum value and 240 for bracing members. For compression
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members the comparable values permitted are 120 and 140 respectively.

Sometimes r for a member is larger if part of the member is neglected in

the calculations. In this regard the AASHO says any part of a member

can be neglected in the calculations provided the strength of the remaining

part (using the L/r value with the part neglected) and the strength of

the whole section (using the true L/r valuc) are equal to or greater than

the design stress.

EXAMPLE 18-5. Select W sections for each of the members of the truss of

Example 18-1 using the maximum stresses obtuined in Example 18-4. The

members are to be designed with structural carbon A7 steel using the 196]

AASHO Specifications. Allowable tension = 18,000 psi on the net section and

allowable axial compression == 15,000 — 4 (L/r)?.

Solution:

DEsIGN o¥ TENSION MEMBERS

Design | Net A | Est. |Gross A| Section | Actual | Actual |
Member | Stress _Tength Min 4 | ew _ Hole 4 - Rea. Selected | L/r Net A

Lola, | +222.7| 24.0 1.44 12.38 3.30 15.10 12 W 53 116 12.60

“LiL 4.2997 24.0 1.44 | 12.38 3.30 | 15.10 12 W 53 | 116 “1260 }

Inbs | +3568 | 24.0 144 19.8 4.17 24.17 | 12 W 85 — 94 20.81

Ula +130.1} 240 | 144 | 724! 186 | 914 |12W31 196 | 728°

U.Le |} +2062! 339 203 11.45 2.56 14.14 |12W 33 161 | 13.29

UsLs |+ 988 "339 2.03 5.48 “1.60 | 7.12 ]12 W 53 | 164 “13.29,

DESIGN OF COMPRESSION MEMBERS

! ;

mentee | BEET | woes | ame | S8CHR | Memase | Age
aU, - 3185 339 (3.39 | 12 120 | —324 " 130*

ut, | 3568 | 0 2.40 | 12 W 120 ! —452 | 92

ULC s —4013 940 | 2.40 | 12 W 120 ! —452 | 92

Ube | 70.0 L 0 940° | _ law 40 | — 878 | 148*

* L/r for L,U, and U,L, are greater than 120 but permissible under certain circumstances

as described in AASHO Art. 1.6.9. See example design to follow.
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Example design of L,U’,:

Assume allowable P/A = 10.75 ksi

_, 315.5

A req, — 40. 75
Try 12 W 120 (A = 35.31, r= 3.13)

== 29.4 sq in.

P 12 x 33.9\ = .Allowable 4 == 15,000 — (5)( 3718 *)" = 10.77 ksi

Allowable P = (35.31) (10.77) = 380k > 315.5k

L __ (12) (33.9) 5
But = = 2S = 130 > 120

If L/r of 120 used, allowable P/A = 15,000 — (3) (120)* == 11.4 ksi

315.5
a= == 27.6 sq in.A req Wi 7.6 sq in

i 3.138\7 , oo.
Effective area = (35.31) =39) = 30.1 sq in. > 27.6 sq in. (OK)

Allowable P = (30.1) (10.77) = 324k

Design of U',L,:

Computed stress in this member is zero (although 1t truthfully has a total

DL stress of 2 or 3 k due to the weight of the overhead members) and the

smallest, 12 Wa 12 W 27, is used.

Figure 18-16 shows a sketch of joint (, of the truss being designed in this

example.

12 W 120 —]]

Filler @s

Necessary Because

of Different Depths

Fic. 18-16. Joint U,,.

18-6. LATERAL BRACING

A bridge truss must be braced laterally and longitudinally if it is to

withstand lateral wind loads, vibrations from live loads, centrifuga! forces
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on curves, nosing of locomotives, and the longitudinal forces produced by

traffic loads when brakes are applied. On the subject of braking forces

imagine the effect on a bridge when the driver of a trailer truck going

60 mph suddenly applies the brakes while crossing the bridge. As shown

in Fig. 18-17, there are actually four distinct types of bracing systems

Top Lateral

Bracing System

Bottom Lateral

Bracing System

in a through bridge. These include the following:

1. A lateral bracing system in the plane of the top chord.

2. A lateral bracing system in the plane of the bottom chord.

3. A portal frame at each end of the bridge.

4. Intermediate sway frames.

Top and Bottom Lateral Trusses. The wind forces are resisted by the

top and bottom lateral bracing systems of a through bridge. These brac-

Ing systems usually consist of cross bracing desirably connected at their

intersection points to reduce unsupported lengths. The truss bracing 1s

actually indeterminate but is probably analyzed by some approximate

procedure. One common method is to assume the shear divides equally

between the diagonals and the members designed to take their respective

stresses (the compressive stresses controlling sizes) Another procedure

is to assume the diagonals, which would ordinarily be in tension for a

shear of that sign, resist the entire shear, after which the member is de-

signed and checked for the case in which the shear is assumed to divide

equally.

Members of the bottom lateral truss of a through bridge probably

consist. of single angles or double angles connected to the bottom flangcs

of the chords by means of gusset plates. The AASHO says the smallest
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angle which can be used for bracing is the 3 X 21%4-in. angle and that no

less than three rivets can be used for their end connections. The top

lateral bracing is preferably (says the AASHO) connected to both flanges

of the chord. Four angles arranged in an I shape with a depth equal to

that of the chord and connected to the top and bottom flanges of the

chord is an example. In addition to serving as wind bracing the top

lateral system also serves to reduce the unsupported lengths of the top

chord compression members.

The chord members of the lateral trusses are also the chords of the

main trusses. It is therefore necessary to consider the combination of

wind stresses in the chords as part of the lateral trusses with the stresses

caused by dead load plus live load plus impact as part of the main truss.

When wind loads are combined with other loads the AASHO permits

some increase in allowable stresses. For the dead load plus full wind load

combination the allowable stresses can be increased by 25 percent. When

wind loads are considered to be applied at the same time as dead load

plus all the other live loads only 30 percent of the wind load is considered

applied and the allowable stresses can be increased by 25 percent; how-

ever, a wind load applied to the live load 6 ft above the deck and equaling

100 lbs per linear foot must be included in this combination.

Sway Bracing and End Portals. The top lateral truss of a bridge (pre-

viously discussed) serves the purpose of resisting the wind forces along

the top chords of the trusses. In addition to this bracing, however, inter-

mediate sway frames and end portals are considered necessary to provide

lateral stiffness and increase the torsional strength of the bridge. These

systems were shown In Fig. 18-17.

The intermediate sway frames are difficult to analyze and are usually

not designed for calculated stresses but are proportioned on the basis

of L/r limitations. A different situation exists at the ends where the

portals are located. The end posts of a through bridge are tied together

with bracing and the result is called a portal. The purpose of this frame

is to transfer the end reaction of the top lateral truss to the foundation.

They are assumed to serve as the end supports for the top lateral trusses

and as such must be able to resist half of the total top chord wind load.

The deeper the bracing in the portals the smaller will be the bending in

the end posts. Portals are actually indeterminate and are probably

analyzed by some approximate method similar to the one used for mill

buildings.*

18-7. BRIDGE-TRUSS DEFLECTIONS

The deflections of bridge trusses are a very important subject to con-

sider. Where underclearance is close it is essential to compute the deflec-

4J. C. McCormac, op. cit., pp. 179-185.
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tions carefully. During cantilever erection, deflection calculations are

even more critical because the various members must come together at

exactly the right points for fitting. Even if underclearance is not a prob-

lem and the cantilever crection process is not being used, the appearance

of a bridge truss is an important matter. Trusses with horizontal bottom

chords will sag down in the middle, injuring their appearance and perhaps

worrying the users of the bridge. These trusses should desirably be

cambered to avoid such sagging.

Several methods are available for determining truss deflections. Per-

haps the most practical one is the Willhiot-Mohr diagram with which the

deflection of all truss joints can be obtained at the same time. Trusses

can be cambered by one of the following methods.

1. The tension members can be made shorter and the compression

members longer by the amounts they would theoretically lengthen or

shorten respectively. After the loads are applied the truss would pre-

sumably return to its original theoretical dimensions. This method is

gencrally followed for trusses roughly 300 ft or longer, while the second

method deseribed is probably used for the shorter trusses.

2. The second method used is to merely shorten the fabricated dimen-

sions of the top chords. A common practice is to shorten these members

by % in. for each 10 ft of length.

The next question is “For what loads 1s camber to be made?” If the

cumber is made for all loads, the truss will probably be bowed up a little

most of the time (perhaps not « bad situation). The usual practice is to

eamber bridge trusses for dead load plus some part of the live load. The

AASHO merely says that camber shall be at least equal to the deflections

produced by dead loads. A common practice for highway bridges, how-

ever, Is to camber them for dead load plus live load but no impact. The

AREA says that railroad bridges should be cambered for the deflections

caused by dead load plus a uniform live load of 3 k per foot.

18-8. END BEARINGS FOR BRIDGES

This section is devoted to a discussion of the various types of bridge

bearings which may be used by the bridge engineer. As for so many other

subjects in this book the student can learn a great deal by taking time

to stop ata few of the bridges in his locality and examine the bearings

used. In general, bearings are classified as being of the expansion or fixed

types. As the names imply, the expansion bearings are those that sup-

poscdly allow the bridge to freely expand or contract, and the fixed

bearings are those that are fixed against longitudinal movement. The

term fixed bearing is rather misleading because it does not necessarily

mean the bearing is fixed against rotation as commonly intended in
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structural analysis. It instead means the position of bearing is fixed.

These two types of end bearings are discussed briefly in the following

paragraphs.

Expansion Bearings. Expansion bearings: (1) allow the bridge ends

to freely move back and forth with temperature expansion and contrac-

tion, (2) allow the bridge to move freely at its ends with changes in the

length of the bridge caused by the live loads, and (3) keep horizontal

loads from being applied to some of the bridge supports where such forces

may be undesirable.

Expansion bearings may be of the sliding type or of the roller or

rocker types, depending on the spans and loads. For short spans a simple

bearing plate can be used such as the one shown in Fig. 18-18 for a steel

ah

Stringer |
el

YY ‘Bearing @ or Pad
is

Abu!ment

Fig, 18-18

stringer. In this arrangement. the beam end is allowed to shde on a

smooth metal plate. The expansion plates may be made from bronze

with the sliding surfaces planed and polished, or from some copper alloy

with smooth, true surfaces. Instead of following these requirements It Is

possible to use some type of bearing pad probably made from neoprene

or rubber. These are generally referred to as clastomeric pads and the

AASHO says they can be used for spans up to and including 80 ft.

The pads are cheaper Initially than the steel plates and = require less

maintenance.”

These kinds of bearing plates are not satisfactory for long spans

where a large part of the reaction is caused by the live load. Downward

deflections of the beam or truss cause the inside pressure for the plate to

hecome excessive, with the result that the masonry support may be in-

jured. It is, therefore, necessary to use some type of bearing that takes

into account the deflections of longer span structures. The plate types

of bearings also have considerable friction against temperature and stress-

length changes. These items are more important for longer spans and the

AASHO says plates can be used for spans of less than 50 ft (80 ft and

less for the clastomeric pads). For spans greater than these it is necessary

5H. E. Fairbanks, “Elastomeric Pads As Bearings For Steel Beams,” Proc.

ASCE, vol. 87, no. ST8 (December 1961).
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to use some type of support involving sliding plates, rockers or segmental

rollers.

A sliding-plate type of expansion bearing which can be used for spans

of up to 100 ft is shown in Fig. 18-19. In the first plate type of expansion

Stringer

T — p —--—-r Keeper &
L- = rT [r Masonry Bearing &

Loose &@

(bronze or

copper alloy)

- ¢ Anchor Bolts

Fic. 18-19. Sliding expansion plates.

support the plate did not move as is the case for this‘sliding plate type of

bearing.

For longer spans and heavier loads a more satisfactory type of bear-

ing which can be used is the rocker type of bearing such as the one shown

in Fig. 18-20. It can be seen in this figure that expansion and contraction

eres ge gpg RC

Stringer

is permitted by rolling on the curved surfaces of the rocker.

Theoretically speaking, there is only a line of contact hetween a

rocker and its bearing plate but application of load spreads out this
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contact. From various tests empirical formulas have been developed for

rocker designs. These can be found in the specifications being used.
From this information it is obvious that for very large reactions the

radius of the rocker required to provide the necessary bearing area and

the length of the rocker will become impractical. To overcome this prob-

Jem it may be necessary to use a series of segmental! rollers of the types

shown in Fig. 18-21. The segmental rollers are preferred to the round

Stringer

Pin

» *

he Side Bars

—————— Masonry
Bearing &

Abutment

ones because for the same diameter they require less space. A very

important feature of this type of bearing is its ability to be cleaned to

keep the bearing from binding. For this reason dust guards are often

used and the rollers may have hour glass shapes to make the cleaning

operation simpler.

Fixed Bearings. The AASHO permits the use of regular bearing

plates connected to the abutment with anchor bolts for spans less than

50 ft. For spaus greater than 50 ft it is considered necessary to use a

bearing which takes into account the bridge deflection. Among the types

of bearings that may be used are hinges, curved bearing plates, or some

type of pin arrangement.

A hinge type of connection should allow end rotation of the members

such as is provided by the pin of Fig. 18-22. When heavy loads are in-

volved it may be necessary to provide the hinge with some type of lubri-

cation system which will permit, it to rotate freely and not wear quickly.

Actually, fixed bearings need to be designed for vertical and longi-

tudinal forces, but practically the vertical forces are so much larger than

the longitudinal ones that if they are designed for the vertical forces
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they surcly will be strong enough to take the others. In some cases the

specifications being used require the bearings to be designed for uplift,

whether there is any computed uplift or not.

PROBLEMS

18-1. A three lune, noncumposite, I-beam bridge has the cross section shown

in the accompanying illustration. Assuming a simple span of 54 ft, design an

interior beam using the 1961 AASHO Specifications, A7 steel, and the H20-S16

loading.

mm
-6° 0" | l'-6
me L _8 Slab ee We

It ft tf kt Lt L Lf?
_ 6@6-4": 38-0 _.

Pros. 18-1

18-2. The through highway bridge shown in the accompanying illustration

supports a three-lane roadway with the same cross section shown for Prob. 18-1

except that floor beams are also used. Design the stringers and floor beams for

this bridge assuming the curb and railing outside the outside stringer weigh

180 tb per foot. Use the 1961 AASHO Specifications, A7 steel, and the H20-S16

loading.

18-3. Compute the design stresses in each of the members of the truss of

Prob. 18-2.
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}
24-0

4
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Pros. 18-2

18-4. Design the truss of Prob. 18-2 assuming the members are to be welded

using the design stresses obtained in Proh. 18-3.

18-5. Repeat Prob. 18-4 assuming the members are to be connected with

1-in. rivets.

18-6. Establish the layout of a deck truss bridge of the type shown in the

accompanying illustration using the 1961 AASHO Specifications. Also, establish

the layout of the stringers. The bridge is to have four lanes of traffie and a

3 ft 0 in. sidewalk plus a handrail on each side. Assume the pavement is 8 in.

thick and the curbing and sidewalk are 1 ft 6 in. thick.

Uy yy
Vi fy yy

|--—___--_--— 160-0" -- -- ~~
Pron. 18-6

18-7. Design the stringers and floor beams for the layout selected in Prob

18-6 using A7 steel and the H20-S16 Joading.

18-8. Design the members of the truss selected in Prob, 18-6 using A7 steel

and the H20-S16 loading.

18-9. A light highway bridge is to be designed for a "private Industry to
support the H10 loading. The roadway is to be 20 ft 0 in. between curbs and is

to have 1 ft 6 in. wide curbs on each side of the same total thickness. Assuming

a 6-in. thick floor slab, establish Inyout for stringers and floor beams and design

them. Also design a pony truss (Warren) for a 100 ft 0 in. span using A7 steel

and the 1961 AASHO Specifications.
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Design of Rigid Frames

19-1. INTRODUCTION

The rigid frame is a structure which has moment-resisting joints.

The members arc rigidly connected to each other at the joints to prevent

relative rotation when the loads are applied. The advantages of these

frames are economy, appearance, and saving in headroom. They can

accomplish the same jobs which steel columns and trusses can accomplish

and can do this without taking up nearly so much space. Rigid frames

have proved to be very satisfactory for churches, auditoriums, field

houses, armories, and other structures requiring large areas with no ob-

structions. Several of the more clementary types of rigid frames are

shown in Fig. 19-1.

Fig. 19-1

A rigid frame has on occasion been defined as an arch wrapped

around a clearance diagram. Figure 19-2(a) shows a parabolic arch.

The area to be enclosed is assumed to be rectangular as represented by the

dotted lines in the figure. In part (b) the arch is bent into a shape which

just includes the clearance diagram. A similar situation is shown in parts

(c) and (d) of the figure.

Rigid frames can be economical] for spans of from 25 or 30 ft to 200

or more feet. They can he either single span or multispan and single

story or multistory. This chapter is confined to single span single-story

rigid frames. The frames are generally spaced from about 15 to 35 ft

on centers, depending on loads, type of building, and spans.

440
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19-2. SUPPORTS FOR RIGID FRAMES

Hinged Supports. The supports at the bases of rigid-frame columns

can theoretically be cither hinged or fixed. Practically speaking, the

hinge is almost always used. This is the type of support represented

by anchor bolts passing through a steel base plate into a concrete footing.
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Pavilion of Oregon State College, Corvallis, Oreg. (Bethlehem Steel
Company.)
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To make the support act as close to a hinge as possible it is considered

desirable to place the anchor bolts along a line corresponding to the neu-

tral axis of the columns. Located on this line, which is perpendicular to

the plane of the rigid frame, they will keep rotation resistance to a mini-

mum. Should the bolts be placcd near the corners of the bearing plate

they would greatly increase the rotation resistance of the column base.

Although this type of hinge can supply a large vertical reaction

component it can supply only a small horizontal one. When rigid frames

of normal proportions have spans of approximately 60 to 80 ft or larger

or when frames have small column height-to-span ratios, the horizontal

reactions to be resisted become so large as to rule out the individual con-

erete spread footings. Either the footings (or the column bases) have to

be tied together or the footings have to be supported by rock or some

other rigid type of support. One solution which may be feasible for the

smaller spans is to make use of the reinfurcing bars in the floor slab by

connecting them to the column bases.

A more common mcthod is to use tie rods between the column bases

to provide the necessary horizontal reaction components. These rods,

which can be as large as 2 or 3 in. in diameter and which are generally

connected to the column base plates, are probably equipped with turn-

buckles for adjusting them to the desired lengths. After the turnbuckles

are adjusted to their proper positions the rods may be encased in concrete.

|
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Tie rods are often initially tightened or prestressed to take (or

counteract) the dead load reactions. Sometimes they are tightened by

eye until the supports begin to give while on other oceasions they may
be tightened until attached gages show the stress has reached a certain

value. In addition to taking the horizontal reaction components, the tic

rods help resist overturning of the foundations due to lateral loads.

Fixed Supports. If a small concrete spread footing is used alone, it will

probably rotate appreciably (thus approximating hinge behavior) no

matter how rigidly the frame is connected to the footing. Unless a rigid

frame is anchored in rock or in an extremely large and rigid concrete

footing there 1s little chance of having a fixed support. For almost any

other kind of support, including piling, there is probably settlement and

rotation. If support settlement is feasible the support is not fixed and the

designer will be wise to assume his supports are hinged.

For the rare case where a frame does have fixed supports there will

be smaller deflections and moments. The design of rigid frames with

fixed supports, however, is more difficult. because there are more redun-

dants, and the results may be more questionable because of the difficulty

of really achieving fixed supports.

19-3. RIGID-FRAME KNEES

Probably the proper design of the knees of a rigid frame is the most

critical part of the design because maximum moments oecur at the knees.

As a matter of faet they must be capable of carrying shear, thrust, and

moment. The result is that they must be stronger than the columns and

mrders and they may be deepened or stiffened to provide the necessary

strength.

Figure 19-3 shows several methods of making rigid joints or knees to

vive then greater moment resistance. Connections can be made by rivet-

ing, welding, or bolting but probably the cleanest-looking and most eco-

nomical structures are obtained with welding. In designing rigid frames

it is usually desirable to make as much use of standard rolled shapes as

possible and to keep the large percentage of the welding (or other con-

nections) in the region of the knees.

A deepened knee made with straight flanges is shown in part (a) of

Fig. 19-3, while a knee with curved flanges 1s shown in part (b). Usually

the straight-tapered knees are more economical than the other types be-

cause they are easier to fabricate and they may also be more rigid. Very

careful and expensive cutting is required for the knees with curved flanges.

The curved knee, however, 1s probably more attractive and for long spans

can be quite economical.

In part (c) of Fig. 19-3 is shown a knee which involves no change
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7 Buill-Up Knee ,-W Shape

/ )

~ Stiffeners

W Shape

(a) (b)

4
(c) (d)

Fia. 19-3

in the W sections. The necessary strengthening is obtained by adding

plates to the flanges and web. This method of making up the knees is

rarely economical and then only for short spans. Greater depth is usually

required for economical knee design. A type of knee often used for steel

rigid frame bridges is shown in part (d) of the figure. It has the dis-

advantage that continuous welds are needed for the full height of the

column between the web and flanges.
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19-4. APPROXIMATE ANALYSIS OF RIGID FRAMES

A two-hinged rigid frame or a rigid frame with fixed supports is

statically indeterminate with the result that (as fur any other indeter-

minate structure) the analysis is affected by the relative sizes of the

members. Trial sizes or at least relative sizes need to be assumed for

each of the members and the resulting structure analyzed to sce if the

assumed proportions were satisfactory. If the first size assumptions are

poor, another set of sizes must be assumed and then checked, and so on.

This trial-and-error process is referred to as design by successive approxi-

mations.

Unless fairly good initial member size assumptions are made, the

problem can prove to be quite lengthy. There is, however, a good deal

of published information on the analysis of rigid frames which should

enable the designer initially to estimate very closely the moments in the

frame he is designing. From these moments he can make some very good

member-size assumptions which will greatly shorten the problem.

For this discussion the student is referred to the two-hinged rigid

frame of Fig. 19-4. The vertical reactions for this frame can obviously

C

hb > A f + +,Dn a
th

be obtained by statics. Should the value of the horizontal reactions be

available, the moment at any point in the frame can also be obtained

by statics. Approximate expressions are available from which the values

of these horizontal reactions can be estimated within a very few percent.

The published information is usually in the form of equations which

give the values of H (the horizontal reaction components) for varying

loading conditions. An example of this kind of information is shown

in Fig. 19-5.}

1John D. Griffiths, Single-Span Rigid Framer in Steel (New York: American
Institute of Steel Construction, 1948).

s<

Fic. 19-4
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From these equations the values of H can be estimated and the ap-

proximate moments at various points in the frame computed by statics.

The member sizes can be estimated and will actually be the final sizes

or very close to them if the equations are applied correctly. It should be

noted that the values given for H by the formulas in Fig. 19-5 are actually

good only for frames consisting of prismatic members. Practical rigid

frames, however, will often be deepened at the knees. Deeper knees have

greater moments with the result that the valucs of H are larger. Analysis

also shows that these values vary with different column height-to-span

ratios.

There is information available in several references which is helpful

In estimating the increases in H for these factors. Martin P. Korn?

suggests that H (as obtained by the formulas for constant section frames)

be increased by 5 percent when the ratio of the frame height to span

is 0.20 or more; by 10 percent when the ratio is 0.15; 15 percent for ratio

of 0.12; ete. (The usual practice followed is not to increase the values

of 71 when wind loads are involved.) In his book on rigid frames Korn

presents tables which give values of the horizontal frame reactions as

well as moments at the knees and crown for various loading conditions

and different spans. Another valuable referenee on the analysis and de-

sign of rigid frames is the Procedure Handbook of Arc Welding Design

& Practice published by the Lincoln Electric Company.

19-5. “EXACT” ANALYSIS OF RIGID FRAMES

After the member sizes are estimated it is necessary to analyze the

frame by one of the so-called exact methods. The student has probably

been exposed to slope deflection, moment distribution, column analogy,

and other methods and he may want to know which one to use. The

answer is probably the method in which he has the most confidence.

It is nat the purpose of this section to explain several methods of

analyzing indeterminate rigid frames, as such information can be found

in several excellent textbooks on statically indeterminate structures.
Only one general method of analysis is included and its application is

limited to one-span hinged rigid frames. For this discussion the frame

of Fig. 19-6 is considered.

Under load the distance from A to D represented by LZ in the figure

changes because the roller at D) moves slightly one way or the other. The

amount of this deflection can be obtained by taking moments about D

2 Martin P. Korn, Stcel Rigid Frames Manual Design and Construction (Ann
Arbor, Mich.: J. W. Edwards, Inc., 1953), p. 15. A person doing rigid-frame design

would be wise to obtain a copy of this well-written and interesting book.



448 Design of Rigid Frames

|”

—
Fia. 19-6

of the M/EI diagram from A to D (the second moment-area theorem)

where y is the vertical] distance from a horizontal axis through the hinges.

It is now desired to analyze the hinged frame shown in Fig. 19-7,

which is statically indeterminate to the first degree.

| p

8 . C

A Se Se

ul ty,
Fig. 19-7

The moment diagram for this frame equals the “simple beam” mo-

ment diagram plus the moment diagram due to the redundant force H.

These moment diagrams are shown in Fig. 19-8 and are drawn as M/EI

diagrams for deflection considerations. As is the usual practice for frames

of this type, the moment diagrams are shown on the sides of the members

on which tension occurs.

After examining Fig. 19-8, an expression can be written for the change

in span length from A to D in the frame. In this expression, which equals

zero, M’ represents the “simple beam” moment at any point. It will be
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Fia. 19-8

noted from Fig. 19-8 that if M’ is considered positive the moment due to

H will be of the opposite sign. The resulting expression is solved for H.

My 4, — vey as + (— TAY) as = 0
EI

% (M'y/EI) ds

% (y?/EI) ds

The student familiar with column analogy will see that the preceding

expression is the same as the column-analogy expression for hinged

frames. The valuc of the numerator of this expression equals the moment

of the areca of the M’/EI diagram about the axis through the hinges. The

denominator = (y*ds/EI) is actually the “moment of inertia” of the

frame about an axis through the hinges except that the width of each

member is 1/£I.

Exampies 19-1 and 19-2 briefly illustrate the analysis of two frames

consisting of prismatic members. In these two problems the “moments

of inertia” of the columns about the axis through the hinges are obtained

with the usual expression for the moment of inertia about the base of

a rectangle (1% bh®). For the horizontal girder in Example 19-1 the

“moment of inertia” is obtained by merely using the transfer expression

(Ad?). Its moment of inertia about its own axis is considered negligible.

For the inclined girders or rafters of Example 19-2 it is considered neces-

sary to include the “moments of inertia” of the girders about their own

axes. These values are computed by using the expression shown in Fig.

19-9 which was taken from the Steel Handbook.

Should a member be nonprismatic and thus have varying moments

H=-
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\

LU " @
a Le bd |b? sine a+? cos? a)¥ r=

6 \ re
Fia. 19-9

of inertia along its cross section, it will be necessary to divide it up into

sections of convenient ds lengths to make the necessary computations.

The values of M’ and I would be the average values for those ds lengths.

Should small ds lengths be used the ‘‘moment of inertia” of the segments

about their own axes can be neglected in computing the 3% (y*ds/EI)

values. If E is constant it can be omitted from these calculations as it

will be canceled. Asa part of Example 19-3 a frame with deepened knees,

and thus varying moments of inertia, is analyzed.

eat
einen

inth .
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EXAMPLE 19-1. Determine the value of Hp for the rigid frame shown in

Fig. 19-10 (a). The “simple beam” M’/EI diagram is drawn in part (b) of the

figure.

[50
B C

[:2 2500

15' 290 ft-k

f= f=] El

A OD |

f-* - 10'Vy, ) | [2s
20'

Frame M/EI Diagram

(a) (b)

Fic. 19-10

Solution:

M" . , |

», - ar ds == moment of area of “simple beam” M’/EI diagram about

axis through hinges 1s

2,500\... 18,750

er) y=

> ai ds == “moment of inertia” of the frame of 1/E/ width about

axis through hinges is

fl 120 4,500(3) (a) (15)3 (2) + (7) (15)? = Se

3 (M’y/EI) ds __ 18,750/E __

B= "5 (e/ED de ~ 5500/8 44°

ExaMrre 19-2. Determine the value of H x for the gabled frame shown in
Fig. 19-11 (a) for which all members are assumed to have the same moments

of inertia. The simple beam M’/EI diagram is shown in part (b) of the figure.
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Frame M/ETI Diagram

(a) (b)

Fia. 19-11

Solution:

M’y
TABLE FO! . ~~ dsOR >», EI y

mM’ M'y
Member v ds Ki ds Er

AB — 15 _ —_

BC 25 25 125/E 3,125/E

CD 25 25 125/E 3,125/E

DE — 15 — | __
|

= = 6,250/E

T vgLE FOR -ABLE >» EI s

Membe I Ad vr aem. r 0 “ EI 3a

AB — — 1,125/E

BC 469 12,650 13,119/E

CD 469 12,650 I3,119/E

DE — — 1,125/E

= = 28,488/E
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a 2 (MY /EN ds __ 6 ,250/F _ guna,
~ %&(y2/EI) ds ~~ 28,488/E

19-6. PRELIMINARY DESIGN

Example 19-3 illustrates the preliminary design of a rigid-frame

structure. The following paragraphs provide a brief discussion of some

parts of the design which may need explanation.

Purlins. After the span, center-to-center spacings, and other dimen-

sions have been selected for a frame, the purlins can be designed. Space

is not taken to review their design which was previously considered in

Sec. 7-6. Perhaps, however, the two major services which they perform

should be repeated. In addition to supporting the roofing they provide

lateral support for the girders.

Purlins rest on, or frame into, the sides of the top flanges of the

girders. They are probably much shallower than the girders and do not

provide lateral support for the bottom girder flanges. Near the center of

the frames, the top flanges of the girders are in compression due to positive

moments and lateral support is provided by the purlins at their connection

points. Near the knees of the frame, however, there will usually be

negative moments, and the ordinary depth purlins will not extend down

a sufficient distance to provide lateral support for the bottom (now com-

pression) flanges. For this reason some type of deepened purlin is needed.

Several methods of providing the necessary lateral support in the

negative moment regions are shown in Fig. 19-12. In part (a) of the

figure the very end of the purlin is deepened, while in part (b) angle

braces are run from the purlins to the bottom of the girder. Another

possibility is shown in (c) where a small truss with depths at its ends

equal to the girder depths is used as the purlin. Outside purlins may very

well be located just to the inside of the columns so they can be used to

provide bracing to the inside flange.

Approximate Analysis of Frame. An approximate analysis of the frame

can be made usihg formulas of the type given in Fig. 19-5. Any feasible

load combinations which might be critical should be considered in the

analysis. In Example 19-3 five different loading conditions are con-

sidered. In some frames there are other load combinations which should

be considered in addition to the ones mentioned here such as crane loads

or equipment loads. The AISC one-third allowable stress increase when

wind loads are involved is again used by multiplying the combinations

which include wind forces by 34. The loading conditions considered here

are as follows:

1. DL + SL

2. DL + drift (or snow on one half of the roof)
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Fig. 19-12

3. % (DL+ %SL+ WL)

4, ¥% (DL + drift + WI)

5. ¥% (DL+SL+ % WL)

The DIL + SI. combination is very often the controlling condition

and some designers may not even make the calculations for the other

combinations. This combination is not always the critical one and before

the student starts omitting some of the feasible possibilities he should

have a good deal of expericnee with frames. After such experience he

may be able to recognize some load situations which do not. have to be

considered.

Drawing up the Knee. Aftcr the approximate analysis is made tenta-

tive moments can be calculated for the sizing of the members. For this

design example a circular deepened knee is to be used. The greatest

moments in the frame occur at the knees whereas the greatest moments

in the columns and girders occur at their points of tangency with the

knecs. These points of tangency can be roughly estimated at this time

and column and girder sizes estimated for the moments at those points.

The exact sizes of the members are not desired at this time, only their

approximate depths, so that the knees can be drawn.
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After the member depths are estimated the proportions of the knee

can be established. Knee proportions are often established more on the

basis of what is attractive than on the basis of structural needs. Korn

(previous reference) recommends that a minimum radius of 214 times

the depth of the column or girder (whichever is larger) be used for cir-

cular knees. He also says that from the standpoint of appearance there

is too much knee if its depth exceeds 24% times the depth of the column or

girder (whichever is larger).

Preliminary Design of Members. After the knee dimensions ure estab-

lished, the critical moments at the points of tangency in the columns and

girders can be calculated. The columns and girders must be able to resist

-moments, shears, and axial forees. Although the shears and axial forces

are usually quite small in relation to the moments they are of such mag-

nitude that they nced to be considered in design. It will be remembered

from Chap. 8 that when the AISC Specification is used for such cases

the designs are to be made with their interaction formulas, Formulas 6,

7a, and 7b, as applicable.

Using the AISC Specification it is also necessary to estimate effective

lengths to calculate allowable stresses. For the design of the columns

and girders it is assumed here that the effective lengths are equal to the

unbraced lengths (thus K = 1.0). This assumption which scems quite

reasonable is made for the following two reasons:

1. Axial loads are relatively small in these frames.

2. There is no doubt but that the effective lengths of the members in

the plane of the frames are greater than their lengths (A > 1.0) because

of sidesway. The actual values depend on the overall stiffness of the

frame as discussed in Chap. 8; however the use of K = 1.0 yields very

reasonable results because the least r is for the y axis (which 1s laterally

braced).

For a detailed discussion of this subject the student is referred to

Becdle et al., Structural Steel Design (New York: The Ronald Press Co.,

1964), pp. 668-675.

“Exact” Anafysis of Frame. After the tentative member sizes are

selected the stresses are reviewed by an exact procedure such as the one

described in Sec. 19-5. If the approximate formulas have been carefully

applied it wil! probably be unnecessary to revise the design. The approxi-

mate formulas are so good that many designers just omit this step. The

only objection the author has to this omission is caused by the fact that

inadvertently foolish math mistakes are often made and this procedure

provides an independent check. —

ExaMPLeE 19-3. Make a preliminary design of the frame shown in Fig. 19-15

using A36 steel and the AISC Specification. The frames are 18 ft 0 in on centers

and there are assumed to he seven equally spaced purlins on each side which
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provide lateral support for both flanges of the girders. The loads for which

design is to be made are as follows:

DL (not including frame weight) — 16 Ib/horizontal sq ft

Assume girder weight == 80 Ib/horizontal ft

Snow load = 30 lb/horizontal sq ft

Wind load == 20 lb/horizontal sq ft

Analysis is to be made for each of the five load combinations mentioned

earlier in this section.

Solution:

Determining Approximate Values of H Using Equations of Fig. 19-5

Assuming /, = I. in Fig. 19-18,

h = 20.0 ft

f =15.0ft

m =y\/(15)? + (45)? = 47.4 ft

Ih 20.0
k Tm = wa ().422

_f _ 160
Q= » = 300 > 0.75

N = 4 (Q? + 30 + k + 3) = 4 (0.757 + 3 & 0.75 + 9.422 + 3) = 24.94

(a) DL + SL (see Fig. 19-14):

Value of H increased by 5 percent in accordance with Korn’s recommenda-

tions.

ae we? _ 908 < 902Hy = Hy = 105 & (5Q + 8) = (1.08) (; S305 rai) (5 X 0.75 + 8)

== 22,750 lb
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w>80+(16+30)(18)=908 Ib/*t

w=(18)(30)= 540 Ib/ft

(6b) Drift load (see Fig. 19-15):

Value of Hf increased by 5 percent in accordance with Korn’s recommenda--

tions.

wL? 540 X 902 .

== 6,740 lb

(c) Wind load (see Fig. 19-16):

w =(18)(20)

= 360 Ib/ft rye ee eee
Usual practice is not to increase the value of H for wind load to take into

account effect of deepened knee.

Hy = Ze (5Q* + 2002 + 30Q + 80% + 5k + 12)

(360) (20)
“(ay (24 Gay (2X 0-75" + 20 X 0.75% + 30 X 0:75

+ 8X 0.75 X 0.422 + 5 X 0.422 + 12)
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== 3,790 Ib

HA, =w (h-+ f) — Hg = (360) (20 + 15) — 3,790 = 8,810 Ib

Estimating Frame Moments

(a) DI. + SL (see Fig. 19-17):

0.908 k/ft

M knee == (22.75) (20) == 455 {t-k

M crown == (40.9) (45) — (22.75) (35) — (45) (0.908) (22.5) = 120 ft-k

(b) DI. + drift:

M neo == 320 ft-k

M vrown == 87 [t-k

(c) % (DL+ %SL+ WL)

M knee == 204 ft-k

M wrown = 48 ft-k

(dq) 34 (DL+ drift + WL)

M knoe TT 207 ft-k

M erown == 46 ft-k

(e) % (DL+4+ SL+ % WL)

M knoe == 399 ft-k

M erown == 78 ft-k

Moment Diagram for Critical Moments (DL + SL) (see Fig. 19-18)

Preliminary Design of Frame

(a) Laying out knee:
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18.05 i

459

455 ft-k 120 fi-k 455 ft-k

Fic. 19-18

Assuming R = 7.00 ft and computing the angles and distances shown in

Fig. 19-19. Preliminary calculations show that 24 W sections can be reasonably

used for column and girders.

0.908 k /tt
4171 o

35.12:

28.53: >| =9

21.94' =8

Ey 15.35 -T

_ <— 876 =

5.46: -3 3}
3.03— ~4 a

—. "

fs ' . a

\ {8 2.
| a

20-0" 42d 576 —
i 1|

| 5-
Te

22.92' 25.12
2731

22 75k

40.9 k be
4 5'-0"

Fic. 19-19

(6) Trial column design:

Maximum moment (from F ig. 19-17) = (22.75) (14.24) = 324 ft-k

Maximum thrust = V, = 409k

Try 24 W 94 (A = 27.63, d/A, = 3.07, S, = 220.9, r = 1.92)
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fe = oa 1.48 kei

KL (4) (12) (14.24) _ 89

ro 1.92

F, = 14.32 ksi

fo ___ 148 __F 1433 — 0.103 < 0.150 (use Formula 6 AISC)

fy = ance 17.58 kei

, 12,000,000
F, = (12) (44.94) (307) 22.8 > 22.0 (use 22.0 ksi)

fa, fy 148 | 17.58 __

Fe} Fy 1432 1 a9 O80! < 100 (8)
(c) Trial girder design:

Maximum moment from Fig. 19-19 1s

— (22.75) (21.62) + (40.9) (5.46) — (5.46) (0.908) (2.73) — — 282 ft-k

Maximum T = (22.75) (sin 71° 35’)

+ (40.9 — 5.46 & 0.908) (cos 71° 35’) == 32.9k

Try 24W 68 (A = 20.00, b, = 8.961, S, = 153.1, r = 1.79)

L= = == 1.645 ksi

t= (1) me — 514

F, = 18.22 ksi

i= iam = 0.0903 < 0.15 (use Formula 6 AISC)

fy = SE) 90.1 ki

13 K b, = (18) (- oy) = 972 ft > 7.67 ft (use 24.0 ksi)

Ja, fy 1.645 | 221

F, | F, 18.22 T oa 24.0
(d) Trial knee section:

To reasonably fit in with the 24 W 94 column and the 24 W girder

flange and web dimensions, try 9 XK %-in. flange plates and \4-in. web plates

= 1.01 > 1.00 (slightly overstressed)
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| M’ Due I of ds M’yds | y%de
Segment Section x v toDL+SL/| da _ (Section (ft*) 1 Tf J

1 | wos] o | 712| oO [1424] 0129 | 1105 0| 5,600

Flange [Ps

2 9x %4and| 0.16 | 16.90 6.5 525 0.193 272 2,990} 7,760

1% web

3 ” 3.03 | 20.80 120 ” ” ” 67,800 | 11,780

4 24 W 76 8.76 | 22.92 323 6.94 0.101 68.6 | 508,000 /36,000

5 ” 15.35 | 25.12 §21 ” ” ” 899 000 | 43 400

6 " 21.94 | 27.31 676 ” ” ” 1,265,000 | 51,300

7 ” 28.53 | 29.51 796 ” ” ” 1,615,000 |59,800

8 ” 35.12 | 31.71 878 ” ” ” 1,910,000 |69,000

9 ” 41.71 | 33.90; 918 ” ” ” | 2,140,000 | 78,800

363,440
==

2 E
407,7904 >= _

3% (M’'ds/ET) — (2) (8,407,790) /E 31k

S (y2ds/EI) ~~ (2) (363,440) /E

A check on column and girder sizes for the moments caused by an H of

23.1 k shows that they are satisfactory though girder is slightly overstressed.

19-7. FINAL DESIGN AND DETAILS

Knee Design: An exact theoretical determination of the stress distri-

bution in the knees of a rigid frame is quite a complex problem because

the stress variation is decidedly different from that in a straight beam

subject to bending. The neutral axis does not fall at the middepth of

the section because the compressive stresses accumulate going around

the inside of the knee and the large percentage of the knee cross

section will be placed in tension. The neutral axis for a rounded knee

is roughly 25 percent of the distance from the bottom. This value varies

a few percent with different roof pitches.

The usual designer will probably not go to a great deal of trouble in

attempting to determine precise stresses in the knee. He will probably



462 Design of Rigid Frames

just use some approximate method for checking stresses. As the com-

pressive stresses are rather high all around the inside curved surface and

actually a little beyond the points of tangency, the usual practice is to

place stiffeners at the points of tangency and at the knee.

It is probably desirable to additionally stiffen the compression flanges

of the knee to prevent local buckling. These stiffeners which can be

triangular in shape need only to extend for about one-third of the web

depth. They are usually placed at distances on centers equal to about

2%, or 3 times the flange width.

Allen County War Memorial, Fort Wayne, Ind.
(The Lincoln Electric Company.)

Lateral Bracing. The student may have seen rigid frames where there

was no bracing between the knees of the frame. He may think that the

roof and the purlins provide sufficient lateral bracing and that the addi-

tion of special bracing is unnecessary. He must, however, be very careful

because if the frame is not laterally stable, it may fail at very low com-

puted stresses.

A plastic analysis of rigid frames will show that plastic hinges will
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form at the knees, after which there will be a redistribution of moments
to other parts of the frame. For this redistribution to take place, how-
ever, it is essential for satisfactory lateral bracing to be provided in the

vicinity of the plastic hinges. Bracing is also necessary for resisting

wind loads perpendicular to the plane of rigid frames.

Cross bracing is usually not too satisfactory because it can interfere

with the windows in the vertical walls. One type of bracing shown in

Fig. 19-20 is frequently very satisfactory. This bracing, which might be

NN

a TM
Fig. 19-20

connected to the diagonal stiffeners at the corners, is similar to the end

portals in a through bridge and is often called knee bracing.

In the plane of the roof cross bracing is very satisfactory. Looking

at the building from the side, the bracing might very well be arranged

as shown in Fig. 19-21. Probably cach of these members will be designed

Crown

~- Knee

L-— Frames—_|

Fic. 19-21

as a tension member capable of carrying the entire wind shear in its panel.

Design of Tie Rods. The net cross-sectional area of the tie rod can be

determined by dividing the maximum horizontal reaction H by the allow-

able tie rod stress. In selecting the tie rods there are several items to be

considered. It is necessary to provide a rod whose net area at the root

of the threads equals the required value. Should the rods not be encased

in the concrete it may be well to provide a little extra diameter to esti-

mate the effect of corrosion. Incidentally the base plates can be made

with the connections for the rods built into them.
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Temperature Stresses. For the usual span, rigid-frame temperature

stresses are not normally considered as they are probably negligible unless

spans in excess of about 200 ft are involved.

19-8. PLASTIC DESIGN OF RIGID FRAMES

The plastic design of rigid frames is felt to be a little beyond the

scope of this book. The student, however, should realize that the plastic

procedure will not only simplify analysis but will also provide consider-

able opportunities for economy. The AISC has published 4 booklet®

which includes the design of single-span rigid frames by this method.

The use of this excellent publication produces very realistic designs and

abbreviates greatly the rather laborious elastic design procedure described

in this chapter.

PROBLEM

19-1. Design the rigid frame shown in the accompanying illustration using

the AISC Specification and A36 steel. The frames are assumed to be spaced

20 ft O in. on centers and are subjected to a wind load of 20 psf of vertical pro-

jection and a snow load of 20 psf of horizontal projection.

8 Steel Gables And Arches (New York: American Institute of Steel Construc-

tion, 1963).



chapter 20

Multistory Buildings

20-1. INTRODUCTION

Space is not taken in this introductory text to discuss the design of

multistory buildings in detail. The material of this chapter is presented

merely to give the student a general idea of the problems involved in the

design of such buildings and not to present elaborate design examples.

Office buildings, hotels, apartment houses, and other buildings of

many stories are quite common in the United States and the trend is

towards an even larger number of tall buildings in the future. Available

land for building in our heavily populated cities is becoming scarcer and

scarcer and costs are becoming higher and higher. Tall buildings require

a smaller amount of this expensive land to provide required floor space.

Other factors contributing to the increased number of multistory buildings

are new and better materials and construction techniques.

There are, on the other hand, several factors that may limit the

heights to which buildings will be erected. These include the following:

1. Certain city building codes prescribe the maximum heights to

which buildings can be constructed.

2. Foundation conditions may not be satisfactory for supporting

buildings of many stories.

3. Floor space may not be rentable above a certain height. Someone

will always be available to rent the top floor or two of a 250-story build-

ing, but floor numbers 100 through 248 may not be so easy to rent.

4. There are several cost factors which tend to increase with taller

buildings. Among these factors are elevators, plumbing, heating and air

conditioning, glazing, extcrior walls, wiring, etc.

Whether a multistory building is used for an office building, a hos-

pital, a school, an apartment house, or whatever, the problems of design

are gencrally the same. The construction is probably of the skeleton type

in which the loads are transmitted to the foundation by a framework of

steel beams and columns. The floor slabs, partitions, and exterior walls

are all supported by the frame. This type of framing which can be

465
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erected to tremendous heights may also be referred to as beam-and-

column construction. Bearing-wall construction is probably not used for

buildings of more than a few stories although it has on occasion been

used for buildings up to 8 or 10 stories. The columns of a skeleton frame

are probably spaced 20, 25, or 30 ft on centers with beams and girders

framing into them from both directions (see Fig. 13-1). On some of the

floors, however, it may be necessary to have much larger open areas

between columns for dining rooms, ballrooms, etc. For such cases very

large beams (perhaps plate girders) may be needed to support column

loads for many floors above.

It is usually necessary in multistory buildings to fireproof the mem-

bers of the frame with concrete, gypsum, or some other material. The

exterior walls are probably constructed with concrete or masonry units

although an increasing number of modern buildings are being erected with

large areas of glass in the exteriur walls.

For these tall and heavy buildings the usual spread footings may not

be sufficient to support the loads. If the bearing strength of the soil is

high, steel grillage footings may be sufficient, but for poor soil conditions

pile or pier foundations may be necessary.

For multistory buildings the beam-to-column systems are said to be

superimposed on top of each other story by story or tier by tier. The

column sections can be fabricated for one, two, or more floors with the
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Broadview Apartments, Baltimore, Md. (The Lincoln Electric Cam-

pany.)
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two-story lengths probably being the most common. Theoretically,

column sizes can be changed at each floor level but the costs of the splices
involved usually more than cancel any savings in column weights. Col-

umns of three or more stories in height are difficult to erect. The result
is that the two-story heights work out very well most of the time.

20-2. COLUMN SPLICES

Column splices are usually placed 2 or 3 ft above floor levels to keep

from interfering with the beam and column connections. Typical column

splices are shown in Fig. 20-1. As shown in the figure, the column ends

are usually milled so they can be placed firmly in contact with each

other for purposes of load transfer. When the contact surfaces are

milled a large part of the axial compression (if not all) can be transferred

through the contacting areas. It is obvious that splice plates are neces-

sary even though full contact is made between the columns and only axial

loads are involved. They are even more necessary when consideration is

given to the shears and moments existing in practical columns subjected

to off-center loads, lateral forces, inoments, ete.

There is obviously a great deal of difference between tension splices

and compression splices. In tension splices all load has to be transferred

through the splicc, whereas in splices for compression members a large

part of the load can be transferred directly in bearing between the col-

umns. The splice material is then needed to transfer only the remaining

part of the load.

The amount of load to be carried by the splice plates is difficult. to

estimate. Should the column ends not be milled, the plates should be

designed to carry 100 percent of the load. When the surfaces are milled

and axial loads only are involved, the amount of load to be carried by the

plates might be estimated to be from 25 to 50 percent of the total load.

If bending is involved perhaps 50 to 75 percent of the total load may have

to be carried’ by the splice material.

The bridge specifications spell out very carefully splice requirements

for compression members but the AISC does not. For example, the

AREA says that compression member splices shall be designed to carry

at least one-half of the total load. They further specify that compression

members be spliced on all four sides.

Parts (a) and (b) of Fig. 20-1 show splices which may be used for

columns with the same nominal depths. The student will notice in the

Steel Handbook that wide-flangé shapes of the same series (as 12 W)

have the same inside distances between flanges although their total actual

depths may vary as much as several inches (4.63 in. from a 14 W 426

to a 14W 30). The type of splice shown in part (b) of the figure which
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has filler plates is used when the nominal depth of the top column is more

than 2 in. less than that of the lower column.

Part (c) shows a type of splice which can be used for columns of

equal or different nominal depths. For this type of splice the butt plate

is shop-welded to the lower column and the clip angles used for field

erection are shop-welded to the upper column. In the field the erection
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bolts shown are installed and the upper column is field-welded to the

butt plate. The horizontal welds on this plate resist shears and moments

in the columns.

Part (d) shows welded splices made on all four sides of the columns.

The web splices are bolted in place in the field and field-welded to the

column webs. The flange splices are shop-welded to the lower column and

field welded to the top column. The web plates may be referred to as

shear plates. and the flange plates as moment piates.

20-3. DISCUSSION OF LATERAL FORCES

For tall buildings, lateral forces must be considered as well as gravity

forces. The usual practice is to consider wind forces in a building-frame

design when the height is two or more times the least lateral dimension.

The usual framing of buildings with a smaller height-width ratio has

sufficient stiffness to resist forces of large magnitude without any special

design provisions. Perhaps the common 2-to-1 ratio is a little high,

however, for some modern buildings with their large areas of glass in the

exterior walls.

High wind pressures on the sides of tall buildings produce overturn-
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ing moments. These moments are probably resisted without difficulty

by the axial strengths of the columns but the horizontal shears produced

on each level may be of such magnitude as to require the use of special

bracing or moment-resisting connections.

Unless they are fractured, the floors and walls of tall buildings pro-

vide a large part of the lateral stiffness of tall buildings. Although the

amount of such resistance may be several times that provided by the

lateral bracing, it is difficult to estimate and may not be reliable. Today

so many modern buildings have light movable interior partitions, glass

exterior walls, and lightweight floors that the steel frame should be as-

sumed to provide all of the required lateral stiffness.

A building must not only be braced sufficiently laterally to prevent

failure but also prevented from deflecting so much as to injure its various

parts. Another item of importance is the provision of sufficient bracing

to give the occupants a feeling of safety. They might not have this

feeling in tall buildings which have a great deal of lateral movement in

times of high winds. There have actually been tales of occupants of the

upper floors of tall buildings complaining of seasickness on very windy

days.

Many areas of the world, including the western part of the United

States, fall in earthquake territory; and in those areas it is necessary to

consider seismic forces in design for tall or low buildings. During an

earthquake there is an acceleration of the ground surface. This accelera-

tion can be broken down into vertical and horizontal components. Usu-

ally the vertical component of the acceleration is assumed to be negligible

but the horizontal component can be severe.

Most buildings can be designed with little extra expense to withstand

the forces caused during an earthquake of fairly severe intensity. On the

other hand, earthquakes during recent years have clearly shown that the

average building which is not designed for earthquake forces can be

destroyed by carthquakes that are not particularly severe. The usual

practice is to design buildings for additional lateral loads (representing

the estimate of the earthquake forces) which are equal to some percentage

(5-10) of the weight of the building and its contents.

Many persons look upon the seismic loads to be used in design as

being merely percentage increases of the wind loads. This is not alto-

gether correct, however, as seismic loads are different in their action and

are not proportional to the exposed area but to the building weight above

the level in question.

The effect of lateral forces is to require the use of more steel. If the

AISC Specification is used, however, it will be remembered that allow-

able stresses can be increased by one-third when wind or seismic loads

are being considered alone or in combination with dead or live loads.
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Chase Manhattan Bank Building, New York City.
(Bethlehem Steel Company.)

Despite this increase in allowable stresses the lateral forces will probably

require the addition of bracing or moment-resistant connections as de-

scribed in the following section.

20-4. TYPES OF, LATERAL BRACING

A steel building frame with no lateral bracing is shown in Fig.

20-2 (a). Should the beams and columns shown be connected together

with the standard (“simple beam’’) connections, the frame would have

little resistance to the lateral forces shown. Assuming the joints to act

as frictionless pins, the frame would be laterally deflected as shown in

part (b) of the figure.

To resist, these lateral deflections, the best, simplest, and most eco-

nomical method from a theoretical standpoint is the insertion of full

diagonal bracing as shown in part (c) of Fig. 20-2. From a practical

standpoint, however, the student can easily see that in the average build-
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(a) (b) (c)

ing full diagonal bracing would often be in the way of doors, windows,

and other wall openings. Furthcrmore, many buildings have movable

interior partitions and the presence of interior cross bracing would greatly

reduce this flexibility. As diagonal bracing is the most direct, efficient,

and economical it should be used whenever conditions permit. Usually

it will only be convenient in solid walls in and around elevator shaits,

stairwells, and other walls in which few or no openings are planned.

The most common method of providing resistance to lateral forces

in tall buildings is the use of moment-resistant connections as illustrated

in Fig. 20-3(a). This type of bracing is referred to as bracket type brac-

ing. Various types of moment-resistant connections are discussed in

Sec. 20-6 and shown in Fig. 20-5.

Other types of lateral bracing are shown in parts (b), (c), and (d)

of Fig. 20-3. Each of these bracing types has the disadvantage that it is

not very satisfactory for exterior walls which are largely glass. The

result is an increased use of the bracket type bracing. The term braced

bent is usually given to bents which are braced regardless of the method.

Knee braces shown in part (b) of the figure can be used in exterior

walls unless the glass area is extremely large. They are also quite satis-

factory for use in interior walls because they do not interfere with normal!

openings. The K bracing shown in part (d) ean he used to advantage

only where small openings are present in the walls. It might be noted

that in the upper floors of a building the shearing forces are smaller and

it may be possible to dispense with some or all of the lateral bracing on

these levels.

Since the lateral forces are usually assumed to be equal in intensity

against all sides of the building, the student may ask, ‘Should the same

bracing be used in both directions of a building?” If the building is

square or nearly square the answer is probably yes. When the length of a

building is several times its least lateral dimension it is highly possible

that the bracing will be left out in the long direction because the wind
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forces will be spread over so many columns that sufficient resistance will

be present without bracing. For buildings in between these two extremes

the designer will have to use his judgment.

In the usual building the floor system (beams and slabs) is assumed

to be rigid in the horizontal plane and the lateral loads are assumed to

be concentrated at the floor levels. Floor slabs and girders acting to-

gether also provide considerable resistance to lateral forces. Investigation

of steel buildings which have withstood high wind forces have shown that

the floor slabs distribute the lateral forces so that all of the columns on

a particular floor have equal deflections. When rigid floors are present

they spread the lateral shears to the columns or walls in the building.

When lateral forces are particularly large, as in very tall buildings or

where seismic forces are being considered, certain specially designed walls

may be used to resist large parts of the lateral forces. These walls are

called shear walls.
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It is not necessary to brace every panel in a building. Usually the

bracing can be placed in the outside walls with less interference than

in the inside walls where movable partitions may be desired. Probably

the bracing of the outside panels alone is not enough and some interior

panels may need to be braced. It is assumed that the floors and beams

are sufficiently rigid to transfer the lateral forces to the braced panels.

Three possible arrangements of braced panels are shown in Fig. 20-4. A

| | I I I feet I tf | I *

I I I I I IMI I I I I I I I
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symmetrica] arrangement is probably desirable to prevent uneven lateral

deflection in the building and thus torsion.

The AISC Specification permits three types of construction for stecl

building frames. These are listed as follows with a brief comment about

each pertaining to bracing.

1. Type I construction is the type of construction which has rigid

moment-resisting joints. Its use is permitted unconditionally by the

AISC.

2. Type II construction is the type of construction in which the beam

and girder ends are simply supported. Larger beams and girders are re-

quired because of the large simple-beam moments, but these simple end

connections produce smaller column moments. To provide resistance to
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lateral forces it is necessary to use one of the types of bracing previously
discussed.

3. Type III construction is the type of construction where the mem-

ber ends have semirigid connections and have the ability to resist certain
moments in between the values of types I and II. The AISC says this

type of construction will be permitted only if evidence is presented sup-

porting the minimum values of restraint used in the design.

20-5. ANALYSIS OF BUILDINGS WITH DIAGONAL WIND BRACING

FOR LATERAL FORCES

Full diagonal cross bracing has been described as being the best and

most economical type of wind bracing for tall buildings. Where this type

of bracing cannot practically be used due to interference with windows,

doors, or movable partitions, moment-resisting brackets are often used.

Should, however, very tall narrow buildings (with height-to-least-width

ratios of 5.0 or greater) be constructed, lateral deflections may become a

problem with moment-resisting joints. The joints can satisfactorily re-

sist the moments but the deflections may he excessive.

Should maximum wind deflections be kept under 0.002 times the

building height there is little chance of injury to the building, says ASCE

Subcommittee 31.1. The deflection is to be computed neglecting any re-

sistance supplied by floors and walls. To keep lateral deflections within

this range it is necessary to use deep knee bracing or full diagonal cross

bracing when the height-to-least-width ratio is about 5.0; and for greater

values of the ratio, full diagonal cross bracing is essential.*

The student may often see bracing used in buildings in which he

would think wind stresses were negligible. Such bracing stiffens up a

building appreciably and serves the useful purpose of plumbing the steel

frame during erection. Before bracing is installed the members of a steel

building frame may be twisted in all sorts of directions. ‘Connecting the

diagonal bracing, should pull them into their proper positions.

When diagonal cross bracing is used it is desirable to introduce initial

tension into the diagonals. This prestressing will make the building frame

tight and reduce its lateral deflection. Furthermore, the prestressed mem-

bers can support compressive stress by reductions in the initial tensions.

Since the pretensionecd members can resist compression, the horizontal

shear to be resisted will be assumed to split equally between the two

1“Wind Bracing In Steel Buildings,” Trans. ASCE, vol. 105 (1940), pp. 1713-
1739.

21. E. Grinter, Theory of Modern Steel Structures (New York: The Macmillan

Company, 1962), p. 326.
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diagonals. For buildings with several bay widths, equal shear distribution

is usually assumed for each bay.

Should the diagonals not be initially tightened rather stiff sections

should be used so they will be able to resist appreciable compressive

stresses. The direct axial stresses in the girders and columns can be found

by joints from the shear stresses assumed in the diagonals. Usually the

girder axial stresses so computed are too small to consider but the values

for columns can be quite important. The taller the building becomes the

more critical are the column axial stresses caused by lateral forces.

For types of bracing other than cross bracing similar assumptions

can be made for analysis. The student is referred to pages 333-339 of

Theory of Modern Steel Structures by L. E. Grinter (New York: Macmil-

lan, 1962) for discussion of this subject.

20-6. MOMENT-RESISTING JOINTS

For a large percentage of buildings under 8 to 10 stories in height

the beams and girders are connected to each other and to the columns

with simple end framed connections of the types previously described in

Chap. 12. As buildings become taller it 1s absolutely necessary to use a

definite wind-bracing system or moment-resisting joints. Moment-resist-

Ing joints may also be used in lower buildings where it is desired to take

advantage of continuity and the consequent smaller beam sizes and depths

and shallower floor construction. Moment-resisting brackets may also

be necessary in some locations for loads which are applied eccentrically

to columns.

Several types of moment-resisting connections which may be used as

wind bracing are shown in Fig. 20-5. The design of connections of these

types was also presented in Chap. 12. The average design outfit through

the years will probably develop a file of moment-resisting connections

from their previous designs. When they have a wind moment of such

and such a value they merely refer to their file and select one of their

former designs which will provide the required moment resistance.

In the following paragraphs a few comments are made about cach

of the types of connections shown in Fig. 20-5. The letter preceding cach

of these paragraphs corresponds to the letter in the figure for that con-

nection.

(a) The top-angle and seat-angle connection shown, sometimes called

an angle bracket, provides the minimum acceptable type of wind con-

nection. Even if web angles, shown dashed, are added, the moment

resistance is not appreciably increased. This type of wind connection

is not satisfactory for very tall buildings.
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(b) The split-beam bracket is probably the most common type of

wind connection used in multistory buildings. When large girder reactions

have to be transferred by this excellent type of connection the seat may

have to be stiffened as showed by the dashed line.

(c) This heavy bulky connection may be used to resist very large

moments. Although it can reduce girder moments decidedly, its high

fabrication cost probably cancels the saving in girder weight.

(d) In this figure a very good welded type of connection for resisting

wind moments is shown. The simple clean lines of this connection and

much smaller amounts of connection steel used should be noted. Al-

though the connections of parts (a) and (b) of Fig. 20-5 are shown to

be riveted or bolted, they can also be satisfactorily welded.
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20-7. ANALYSIS OF BUILDINGS WITH MOMENT-RESISTING JOINTS

FOR LATERAL LOADS

Approximate methods have been very popular for many years for

analyzing multistory buildings for lateral forces. Among the several

reasons for this popularity have been the following:

1. Large building frames are statically indeterminate to a very high

degree and their analysis by an “exact’’ method is a lengthy and difficult

problem.

2. The resistance to lateral forces supplied by the walls and floors

in a tall building is difficult to estimate accurately and the results of

analysis by an “exact” method are therefore not very precise.

3. Before the members of an indeterminate structure can be designed

their stresses have to be determined, but these stresses are dependent upon

their sizes. Application of an approximate analysis should yield stresses

from which very good estimates of member sizes can be made for pre-

liminary design.

The analysis of multistory buildings is a very difficult problem, and

past practice has been to use one of the several approximate methods of

analysis available. Today, however, with the availability of the digital

computers it 1s feasible to make exact analyses in appreciably less time

than required to make the approximate analyses (without the use of

computers). The more accurate values obtained permit the use of

smaller members. The results of computer usage are money-saving in

analysis time and in the use of smaller members. In an excellent refer-

ence on this subject it is claimed that a frame with over 1,400 degrees

of freedom was solved in just over 8 min on the computer and that as

of that time (1964) the computer cost would have been just over $80.*

In the pages that follow a brief review of the portal and cantilever

approximate methods is presented. No consideration is given in either of

these methods to the elastic properties of the members. These omissions

can be very scrious in unsymmetrical frames and in very tall buildings.

To illustrate the seriousness of the matter, the changes in member sizes

are considered in a very tall building. In such a building there will prob-

ably not be a great deal of change in beam sizes from the top floor to the

bottom floor. For the same loadings and spans the changed sizes would

be due to the large wind moments in the lower floors. The change, how-

ever, in column sizes from top to bottom would be tremendous. The

result is that the relative sizes of columns and beams on the top floors

are entirely different from the relative sizes on the lower floors. When

this fact is not considered it causes large errors in the analysis.

3 Ray W. Clough, Ian P. King, and Edward L. Wilson, “Structural Analysis of

Multistory Buildings,” Proc. ASCE, vol. 90, no. ST3 (June 1964).
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If the height of a building is roughly five or more times its least
lateral dimension, it is generally felt that a more precise method of
analysis should be used than the portal or cantilever mcthods. There

are several excellent approximate methods which make use of the elastic

properties and which give values closely approaching the results of the

“exact” methods. These include the Factor method, the Witmer method

of K percentages, and the Spurr method. Should an exact method be

desired, the slope deflection and moment distribution methods are avail-

able. If the slope deflection procedure is used, the designer will have

the problem of solving a large number of simultaneous equations. The

problem is not so serious, however, if he has access to a digital computer.

The Portal Method. The most common method of analyzing tall build-

ing frames for lateral loads is the portal method. The chief advantage

of this method, which is said to be satisfactory for most buildings up to

25 stories,‘ is its simplicity. A detailed description of this method, in-

cluding the basis for the assumptions made, can be found in most struc-

tural analysis books. Only a brief listing of the steps involved in its

application is given in this section. These steps are as follows:

1. The horizontal shears on each level are arbitrarily distributed

between the columns. One commonly used procedure is to assume the

shear divides between the columns in the ratio of one part to exterior

columns and two parts to interior columns. Another common distribution

(and the one used in the illustrative problem to follow) is to assume the

shear V taken by each column is in proportion to the floor area which it

supports.

2. The moment M in each column is assumed.to equal the column

shear times half the column height (thus assuming a point of contra-

flexure at middepth).

3. The girder moments M are determined by joints by noting the sum

of the girder moments at any joint equals the sum of the column moments

at that joint. These calculations are easily made by starting at the upper

left joint and working joint by joint across wo the right; after which the

next-level is handled left to right, ete.

4. The shear V in each girder is assumed to equal its moment divided

by half the girder length.

5. Finally, the column axial stresses S are determined by summing

up the beam shears and other column axial stresses at each joint. These

calculations are again handled conveniently by working from left to right

and from the top floor down.

In Fig. 20-6 a building frame is shown which is to be analyzed

by the portal method. The frames are assumed to be placed 20 ft 0 in.

4“Wind Bracing in Steel Buildings,” Trans. ASCE, vol. 105 (1940), p. 1723.
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on centers and the exterior walls are assumed to be subjected to a wind

pressure of 20 lb per vertical square foot. From this data the horizontal

loads shown at each floor level are calculated.

This frame is analyzed in Fig. 20-7 by the portal method. The arrows
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Fic. 20-7. Frame analysis by the portal method.

shown on the figure give the direction of the girder shears and the column

axial stresses. The student can visualize the stress condition of the

frame if he assumes the frame is tending to be pushed over from left to

right by the wind, stretching the left exterior columns and compressing

the right exterior columns.

The Cantilever Method. Another simple method of analyzing building

frames for lateral forces is the cantilever method. This method is said

to be a little more desirable for high narrow buildings than the portal

method and may be used satisfactorily for buildings with heights not in

excess of 25 to 35 stories.» It is not as popular as the portal method.

5 Op. cit.
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Instead of initially assuming the horizontal shears to be divided be-

tween the columns on each level in some proportion, the first assumption

in the cantilever method pertains to the column axial stresses. The

axial stress ina particular column is assumed to vary in direct proportion

to its distance from the center of gravity of the group of columns on that

level. With the wind blowing from lcft to right, the columns to the left

of the center of gravity will be in tension while those to the right will be

in compression. The steps involved in analyzing a building frame for

lateral forces by the cantilever method are as follows:

1. To obtain the column axial stresses moments are taken above an

assumed plane of contraflexure through the middepth of the columns on

each level. As an illustration of this procedure, moments are taken here

to determine the axial stresses in the columns on the top level of the

building frame of Fig. 20-5. A free body is drawn in Fig. 20-8 of the
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part of the building above the assumed plane of contraflexure on the top

level. The following cquation is written:

> M, = 0

(2.4) (6) -|- (80) (S) — (50) (S) — (80) (48) = 0

S = 0.0424

2. The girder shears are determined by joints from the column axial

stresses.

3. The girder moments are determined by multiplying the girder

shears by the half girder lengths.

4. The column moments are found by joints from the girder moments.

5. The column shears are obtained by dividing the column moments

by the half-column heights.

The analysis of the frame of Fig. 20-6 by the cantilever method is

illustrated in Fig. 20-9. Arrows representing the directions of the column
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Fia. 20-9. Frame analysis by the cantilever method.

axial stresses and the girder shears are again shown for the benefit of the

student.
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20-8. ANALYSIS OF BUILDINGS FOR GRAVITY LOADS

Simple Framing. If simple framing is used, the design of the girders

is quite simple because the’ shears and moments in each girder can be

determined by statics. The gravity loads applied to the columns are

relatively casy to estimate but the column moments may be a little more

difficult. If the girder reactions on each side of the interior column of

Fig. 20-10 are equal, no moment will theoretically be produced in the

Wo

a

ga
F1a. 20-10

column at that level. This situation is probably not realistic because it is

highly possible for the live load to be applied on one side of the column

and not on the other or at least be unequal in magnitude). The results

will be column moments. If the reactions are unequal the moment pro-

duced in the column will equal the difference between the reactions times

d/2 of the column.

When computing the moments in exterior columns there may often he

moments due to spandrel beams opposing the moments caused by the floor

loads on the inside of the column. Nevertheless, gravity loads will gen-

crally cause the exterior columns to have larger moments than the interior

columns.

To estimate the moment applied to a column above a certain floor

it is probably reasonable to assume that the unbalanced moment at that

level splits evenly between the column above and below. In fact, such

an assumption is often on the conservative side as the column below may

be larger than the one above.

Rigid Framing. For buildings with moment-resisting joints it is a little

more difficult to estimate the girder moments and make preliminary de-

signs. If the ends of each girder are assumed to be completely fixed, the

moments for uniform loads are as shown in Fig. 20-11 (a). Conditions of
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complete fixity are probably not realized, with the result that the end

moments are smaller than shown in part (a) of the figure. There is a

corresponding increase in the positive centerline moments approaching

the simple moment (w L?/8) shown in part (b) of the figure. Probably

& moment diugram somewhere in between the two extremes is more

realistic. Such a moment diagram is represented by the dotted line of

Fig. 20-11 (a). A reasonable procedure is to assume a moment in the

range of 49 w L?, where L is the clear span.

When the beams and girders of a building frame are rigidly con-

nected to each other a continuous frame is the result. From a theoretical

standpoint an accurate analysis of such a structure cannot be made unless

the entire frame is handled as a unit.

Before this subject is pursued further it should be realized that in the

upper floors of tall buildings the wind moments will be small and the

framed and seated connections described in Chap. 12 will provide suffi-

cient moment resistance. For this reason the beams and girders of the

upper floors may very well be designed on the basis of simple beam

moments, while those of the lower floors may be designed as continuous

members with moment-resistant connections because of the larger wind

moments. |

For the design of beams and girders it is necessary to consider two

loading conditions: (DL + LL) and (DL + LL + WL) *%. In this

latter expression WL represents lateral forces whether due to wind or wind

and earthquake and the % factor represents the AISC one-third increase

in allowable stresses when lateral forces are involved. For the upper

floors the wind moments will not increase the girder sizes because of the

allowable stress increase but on lower floors they wiil begin to cause

Increased sizes.

From a strictly theoretical viewpoint there are several live loading

conditions which need to be considered to obtain maximum shears and

moments at various points in a continuous structure. For the building

frame shown in Fig. 20-12 it is desired to place live loads to cause

maximum positive moment in span AB. A qualitative influence line for

positive moment at the centerline of this span is shown in part (a) of the
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figure. This influence line shows that to obtain maximum positive

moment at the centerline of span AB the live loads should be placed as

shown in part (b) of the figure.

To obtain maximum negative moment at point B or maximum posi-

tive moment in span BC, other loading situations need to be considered.

With the increased availability of the digital computers more of this

detailed type of analysis is being done every day. The student, however,

can see that unless the designer has access tu a computer he probably

will not have sufficient time to go through all of these theoretical situa-

tions. Furthermore, it is doubtful if the accuracy of our analysis methods

would justify all of the work anyway. It is, however, often feasible to

take out two stories of the building at a time as a free body and analyze

that part by one of the “exact’’ methods such as the successive correction

method of.moment distribution.

Before such an “exact” analysis can be made it is necessary to make

an estimate of the member sizes, probably based on the results of analysis

by one of the approximate methods.

20-9. DESIGN OF MEMBERS

Girders. The girders can be designed for the two load combinations

mentioned in Sec. 20-8, (DL + LL) and (DL + LL + WL) %. For

the top several floors the second condition will not control design, but

further down in the building it will control the sizes. As previously

described in Chap. 13, the specifications may permit some considerable

reduction in the live loads assumed to be supported by the girders.

Should simple framing be used the girders will be proportioned for
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simple beam moments plus the moments caused by the lateral loads. For

continuous framing the girders will be proportioned for w L?/10 (for uni-

form loads) plus the moments caused by the lateral loads. An interesting

comparison of designs by the two methods is shown in pages 717-719 of

Beedle et al., Structural Steel Design (New York: Ronald, 1964). It may

be necessary to draw the moment diagram for the two cases (gravity loads

and lateral loads) and add them together to obtain the maximum positive

moment out in the span. The value so computed may very well control

the girder size in some of the members.

A major part of the design of a multistory building is involved in

setting up a column schedule which shows the loads to be supported by

the various columns story by story. The gravity forces can be estimated

very well while the shears, axial stresses, and moments caused by lateral

forces can be roughly approximated for the preliminary design from some

approximate method (portal, cantilever, or factor).

If both axes of the columns are free to sway, the column effective

lengths theoretically must be calculated for both axes as described in

Chap. 8. If diagonal bracing is used in one direction, thus preventing

sidesway, the K value will be less than 1.0 in that direction. When frames

are braced in the narrow direction it is reasonable to use K = 1.0 for

both axes.

After the sizes of the girders and columns are tentatively selected for

a two-story height, an “exact” analysis can be performed and the mem-

bers redesigned. The two stories taken out for analysis are often referred

to as a tier. This process can be continued tier by tier down through the

building. Many tall buildings have been designed and are performing

satisfactorily in which this last step (the two-story “exact” analysis) was

omitted.



chapter 21

Plastic Analysis

21-1. INTRODUCTION

All designs performed in the previous chapters of this book were

based on the elastic theory. The maximum load which a structure could

support was assumed to cqual the load which first caused a stress some-

where in the structure to equal the yield point of the material. Engineer-

ing structures have been designed for many decades by this method with

satisfactory results. The design profession, however, has long been aware

that ductile materials do not fail until a great deal of yielding occurs

after the yield stress is reached. These final chapters (Chaps. 21 and

22) are devoted to a consideration of the behavior of ductile steel struc-

tures in the plastic range.

When the stress at one point in a ductile steel structure reaches the

yield point, that part of the structure will yield locally, permitting some

readjustment of the stresses. Should the load be increased, the stress at

the point in question will remain approximately constant, thereby requir-

ing the less stressed parts of the structure to support the load increase.

It is truc that statically determinate structures can resist little load in

excess of the amount that causes the yield stress to first develop at some

point. For statically indeterminate structures, however, the load increase

can be quite large; and these structures are said to have the happy facility

of spreading out overloads due to the steel’s ductility.

As early as 1914 a Hungarian, Dr. Gabor Kazinezy, recognized that

the ductility of steel permitted a redistribution of stresses in an over-

loaded indeterminate structure... In the United States Prof. J. A. Van

den Broek introduced his plastic theory which he called limit design.

This theory was published in a paper entitled “Theory of Limit Design”

in February 1939 in the Proceedings of the ASCE.

In the plastic theory, rather than basing designs on the allowable-

stress method the problem is handled by considering the greatest load

1 Lynn 8. Beedle, Plastic Design of Steel Frames (New York: John Wiley &
Sons, Inc., 1958), p. 3.

487
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which can be carried by the structure acting as a unit. The resulting

designs are quite interesting to the structural engineer as they offer sev-

eral advantages. These include the following:

1. When the plastic-design procedure is used there can be consider-

able savings in steel (perhaps as high as 10 or 15 percent for some struc-

tures) as compared to a similar design made by the elastic procedure.

The necessary continuity connections required in plastic design may re-

duce the actual money savings somewhat.

2. Plastic design permits the designer to make a more accurate

estimate of the maximum load that a structure can support enabling him

to have a better idea of the actual safety factor of the structure. The

elastic method works very well for computing the stresses and strains for

loads in the elastic range, but gives a very poor cstimate of the actual

collapse strength of a structure.

3. For many complicated structures plastic analysis is easier to apply

than is elastic analysis.

4. Structures are often subjected to large stresses which are difficult

to predict such as those caused by settlement, erection, etc. Plastic de-

sign provides for such situations by permitting plastic deformation.

Despite these several important advantages the acceptance of plastic

design has been rather slow. Until recent years there has not been a

great deal of information available concerning the ductility of steel. If

a particular steel is brittle the plastic theory does not apply. A few

decades ago when the design profession was just becoming interested in

this theory there were several disastrous brittle failures of welded tanks

and ships. (That also was the time when welded structures were be-

ginning to gain popularity.) The acceptance of plastic design was slowed

down to a walk for a long time, but in recent years much research has

been performed in these areas, and plastic design is today gaining some

acceptance. |

Despite the great progress made in the field of plastic design the

method still has some disadvantages with which the designer should be

completely familiar. These include the following:

1. Plastic design is of little value for the high strength brittle stcels.

(The method is just as applicable to high-strength steels as it is to those

of lower strength structural grade steels as long as the steels have the

required ductility.)

2. Plastic design today is not satisfactory for situations where fatigue

stresses are a problem.

3. Columns designed by the plastic theory provide little savings.

4. Although for many indeterminate structures plastic analysis is

simpler than elastic analysis, it should be realized that unstable plastic

structures are more difficult to detect than are unstable elastic structures.
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21-2. THEORY OF PLASTIC ANALYSIS

The basic theory of plastic design has been shown to be a major

change in the distribution of stresses after the stresses at certain points

in a structure reach the yield point. The theory is that those parts of

the structure which have been stressed to the vield point cannot resist

additional stresses. They instead will yield the amount required to per-

mit the load or stresses to be transferred to other parts of the structure

where the stresses are below the yield stress and thus in the elastic range

and able to resist increased stress. Plasticity can be said to serve the

purpose of equalizing stresses in cases of overload.

For this discussion the stress-strain diagram is assumed to have the

idealized shape shown in Fig. 21-1. The yield point and the proportional

ening

Sirain are
fy Plasticity
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-———» Unit Strain

Fia. 21-1

limit are assumed to occur at the same point for this steel, and the stress-

strain diagram is assumed to be a perfectly straight line in the plastic

range. Beyond'‘the plastic range there is a range of strain hardening.

This latter range could theoretically permit steel members to withstand

additional stress, but from a practical standpoint the strains occurring

are so large that they cannot be considered.

21-3. THE PLASTIC HINGE

As the bending moment is increased at a particular section of a beam

there will be a linear variation of stress until the yield stress is reached

in the outermost fibers. An illustration of stress variation for a rec-

tangular beam in the elastic range is shown in part (b) of Fig. 21-2. The
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yield moment of a cross section is defined as the moment which will just

produce the yield stress in the outermost fiber of the section.

If the moment is increased beyond the yield moment the outermost

fibers which had previously been stressed to their yield point will con-

tinue to have the same stress but will yield, and the duty of providing

the necessary additional resisting moment will fall on the fibers nearer

to the neutral axis. This process will continue with more and more parts

of the beam cross section stressed to the yield point as shown by the stress

diagrams of parts (c) and (d) of the figure, until finally a fully plastic

distribution is approached as shown in part (e). When the stress dis-

tribution has reached this stage a plastic hinge is said to have formed

because no additional moment can be resisted at the section. Any addi-

tional moment applied at the section will cause the beam to rotate with

little increase in stress.

The plastic moment is the moment which will produce full plasticity

In a member cross section and create a plastic hinge. The ratio of the

plastic moment M, to the yield moment M, is called the shape factor.

The shape factor cquals 1.50 for rectangular sections and varies from

about 1.10 to 1.20 for standard rolled-beam sections.

This paragraph is devoted to a description of the development of a

plastic hinge in the simple beam shown in Fig. 21-3. The load shown

is applied to the beam and increased in magnitude until the yield moment

is reached and the outermost fiber is stressed to the yield point. The

magnitude of the load is further increased with the result that the outer

| Plastic Hinge

area of Yielding ’
Fia. 21-3
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fibers begin to yield. The yielding spreads out to the other fibers away

from the section of maximum moment as indicated in the figure. Thre

length in which this yielding occurs away from the section in question is

dependent on the loading conditions and the member cross section. For

a concentrated load applied at the € of a simple beam with a rectangular

cross section, yielding in the extreme fibers at the time the plastic hinge

is formed will extend for one third of the span. For a W shape in

similar circumstances yielding will extend for approximately one cighth

of the span. During this same period the interior fibers at the section of

maximum moment yield gradually until nearly all of them have yielded

and a plastic hinge is formed as shown in Fig. 21-3.

When stecl frames are loaded to failure, the points where rotation is

concentrated (plastic hinges) become quite visible to the observer before

collapse occurs.

21-4. THE PLASTIC MODULUS

The yield moment M, can be defined as equalling the yield stress

times the clastic modulus. The elastic modulus equals J/c or ba?/6 for

a rectangular section and the yield moment equals F, bd?/6. This same

value can be obtained by considering the resisting internal couple shown

in Fig. 21-4.

we

d

The resisting moment equals 7 or C times the lever arm between
them, as follows:

_ [F,bd\ (2 .\_ F, bd?

w= E0)=%5
The elastic section modulus can again be seen to equal bd?/6 for a

rectangular beam. The resisting, moment of a rectangular section at full

plasticity can be determined in a similar manner (see Fig. 21-5).
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The plastic moment is said to equal the yield stress times the plastic

modulus. From the foregoing cxpression for a rectangular section, the

plastic modulus Z can be seen to equal bd?/4. The shape factor, which

equals M,/M,, F, Z/F, S, or Z/S, is (bd?/4) /(bd?/6) = 1.50 for a

rectangular section.

A study of the plastic modulus determined here shows that it equals

the statical moment of the tension and compression areas ahout the neu-

tral axis. Unless the section is symmetrical, the neutral axis for the

plastic condition will not be in the same location as for the elastic con-

dition. The total internal compression must equal the total internal

tension. As all fibers are considered to have the same stress (F,) in the

plastic condition, the areas above and below the neutral axis must be

equal. This situation does not hold for unsymmetrical sections in the

elastic condition. Example 21-1 illustrates the calculations necessary to

determine the shape factor for a tee beam and the ultimate uniform load

u', which the beam can support.

EXAMPLE 21-1. Determine M,, M,, and Z for the steel tee beam shown in

Fig. 21-6. Also calculate the shape factor and the ultimate uniform load (w,)

which can be placed on the beam for a 12-ft simple span. F, = 36 ksi.

w,k/ft

MILLI,

ro ris
[|

e §_-____ jp», —__ I
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Fia. 21-6

Solution: Elastic calculations:

A == (8) (114) + (6) (2) = 24sq im.

(12) (0.75) + (12) (4.5)

24
y= == 2.625 in. from top flange
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= (%) (2) (1.125% + 4.8755) + (145) (8) (114)8 + (12) (1.873)?

— 122.4 in4

I 1224 i
— a“ * 9051 indS=G = gp75 Ohm

My =F, 5 — 92) _ asa

Plastic calculations:

Neutral axis 1s at base of flange.

Z = (12) (0.75) + (12) (3) = 45 ins

(36) (45)
M, =F, Z = "5 = 185 ft-k

Shape factor =i or 2 = a = 1.79

M, ate

v= 9,099) asin

The values of the plastic moduli for the standard steel beam sections

are tabulated in the Steel Handbook in the “Plastic Section Modulus

Table.” These values will be frequently used in the pages to follow.

21-5. FACTORS OF SAFETY AND LOAD FACTORS

The factor of safety used in designing a particular structure should

probably be selected only after a study is made of the uncertainties pres-

ent in the design (a subject previously discussed in Chap. 1). Perhaps

the usual practice, however, is to use a value which seems reasonable from

the standpoint af past experience as expressed in the specifications being

used. The usual safety factor considered to be present in elastic design

is the one obtained by dividing the yield point of the steel by its working

stress. For compact laterally supported beams of A36 steel this safety

factor equals 36/24 = 1.50 using the AISC Specification.

If the safety factor is multiplied times the shape factor, the result is

referred to as the load factor. For a typical W section the load factor

equals the safety factor 1.50 times an average shape factor of W sec-

tions of about 1.12 equals 1.68 (say 1.70). In plastic design the working

loads are multiplied by the load factor to give the estimated ultimate

loads and members are proportioned with these loads on the basis of

plastic or collapse strengths. This procedure is illustrated in the design
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examples of Chap. 22. In actual practice, load factors varying from

roughly 1.70 to 2.00 are used depending on the individual designer’s judg-

ment of the particular conditions. The minimum values for load factors

permitted by the AISC for design purposes are presented in Sec. 22-2.

The load factors of different beams made from the same material can

be entirely different. For a beam of rectangular cross section and con-

sisting of A36 steel, the load factor equals 1.50 & 1.50 = 2.25 while for

a W section of the same steel the load factor equals approximately 1.70.

21-6. THE COLLAPSE MECHANISM

A statically determinate beam will fail if one plastic hinge develops.

To illustrate this fact, the simple beam of constant cross section loaded

with a concentrated load at midspan shown in Fig. 21-7 (a) is considered.

|
7 LT:

(a)

fi

Real ro |e Hinge

Plastic Hinge

(b)

Fia. 21-7

Should the load be increased until a plastic hinge is developed at the

point of maximum moment (underneath the load in this case) an unstable

structure will have been created as shown in part (b) of the figure.

Any further increase in load will cause collapse.

The plastic theory is of little advantage for statically determinate

beams and frames but it may be of decided advantage for indeterminate

beams and frames. For an indeterminate structure to fail it is necessary

for more than one plastic hinge te form. The number of plastic hinges

required for failure of indeterminate structures will be shown to vary

from structure to structure, but may never be less than two. The fixed-

end beam of Fig. 21-8 cannot fail unless the three plastic hinges shown

in the figure are developed.

Although a plastic hinge may have formed in an indeterminate struc-

ture, the load can still be increased without causing failure if the geom-

etry of the structure permits. The plastic hinge will act like a real

hinge insofar as increased loading is concerned. As the load is increased

there is a redistribution of moment because the plastic hinge can resist
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“Plastic Hinges —~

(b)

Fia. 21-8

rio more moment. As more plastic hinges are formed in the structure

there will eventually be a sufficient number of them to cause collapse.

Actually some additional load can be carried after this time before col-

lapse occurs as the stresses go into the strain hardening range, but the

deflections which would occur are too large to be permissible.

The propped beam of Fig. 21-9 is an example of a structure which

pP

Phy.
(a)

A,

| ~Real Hinge
<<

~Plastic Hinges—~

(b)

Fic. 21-9

will fail after two plastic hinges develop. Three hinges are required for

collapse but there is a real hinge on the right end. In this beam the

largest clastic moment caused by the design concentrated load is at the

fixed end. -As the ynagnitude of the load is increased a plastic hinge will

form at that point.

The load may be further increased until the moment at some other

point (here it will be at the concentrated load) reaches the plastic mo-

ment. Additional load will cause the beam to collapse. The arrangement

of plastic hinges and perhaps real hinges which permit collapse in a struc-

ture is called the mechanism. Parts (b) of Figs. 21-7, 21-8, and 21-9

show mechanisms for various beams.

After observing the large number of fixed-end and propped beams

used for illustration in this text, the student may form the mistaken idea

that he will frequently encounter such beams in engineering practice.
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These types of beams, truthfully, are difficult to find in actual structures

but are very convenient to use in illustrative examples. They are par-
ticularly convenient for introducing plastic analysis before continuous

beams and frames are considered.

21-7. PLASTIC ANALYSIS BY THE EQUILIBRIUM METHOD

The method of plastic analysis known as the equilibrium method will

be illustrated in this section for several beams. The analysis includes

the computations of the plastic moments, the consideration of load re-

distribution after plastic hinges have formed, and the calculation of the

ultimate loads which exist when the collapse mechanism is created.

As the first illustration the fixed-end beam of Fig. 21-10 is considered.

~ w=65k/it \

OTTO OTL LOE,

~

le 4:18 |

|

\ 4
wl?
12

Fia. 21-10. Elastic moment diagram.

This beam is assumed to support a load of 6.5 k/ft, including its own

estimated weight. A beam is selected by the elastic procedure using A36

steel and assuming full lateral support.

wl? _ (6.5) (18)?
M = Tp = Og = 1785 fk

S req. = (2) (0755) = 87.8 in

Use 18 W 50 (S = 89.0 in? )

It is desired to determine the value of w,, the ultimate uniform load

which this W section car support before collapse.

The maximum moments in a uniformly loaded fixed-end beam in

the elastic range occur at the fixed ends as shown in Fig. 21-10. If the

magnitude of the uniform load is increased, plastic moments will event-

ually be developed at the beam ends as shown in Fig. 21-11 (b). Al-

though the plastic moment has been reached at the ends and plastic hinges

formed, the beam cannot fail as it has, in effect, become a simple end-

supported beam as shown in part (c) of the figure.

ASR Tay

rennet), '
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(a)

Less than &

wo

WA IN
(b)

Plastic Hinge~g— —¢y Plastic Hinge

(c)

Fig. 21-11

The load can now be increased on this “simple’ beam; and the

moments at the ends will remain constant; but the moment out in the

span will increase as it would in a uniformly loaded simple beam. This

increase is shown by the dotted line in Fig. 21-12 (b). The load may be

M, M,

ts m, k/ft “yy”

nif. l | my
(a)

2

—M,

-— 4 ~~~ __-— Moment Increase After End
Y oT FN Plastic Hinges Formed

Wl mt IN Mp

(b)

oe

Collapse mechanism

(c)

Fig. 21-12

increased until the moment at some other point (here the beam center

line) reaches the plastic moment. When this happens a third plastic

hinge will have developed and a mechanism will have been created per-

mitting collapse.

One method of determining the value of w, is to take moments at the
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centerline of the beam (knowing the moment there is M, at collapse).

Reference is made here to Fig. 21-12 (a) for the beam reactions. The

value of Z was obtained from the Steel Handbook.

wana (IEF
__ Wa L?

= 16

16 M,
Wy, = 72

M,=F,2Z= (58) Om: 8) _ 309.4 ft-k

__ (16) (302.4)

“ (18)?

The plastic safety factor equals 14.95/6.50 = 2.30. This value

appears to be a more realistic value for a ductile steel structure than the

one computed on the basis of the yield stress (1.50).

The same values could be obtained by considering the diagrams

shown in Fig. 21-13. From structural analysis the student will remember

J wk/ft R _ ) wk/ft 4 — —

= 14.95 k/it

7S tN t=
Fic. 21-13

that a fixed-end beam can be replaced with a simply supported beam

plus a beam with end moments. Thus the final moment diagram for the

fixed-end beam equals the moment diagram if the beam had been simply

supported plus the end-moment diagram.

_{%

2 M,* Pp 2M,

Tra 21-14
For the beam under consideration the value of M, can be calculated

as follows after studying Fig. 21-14:
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Wa L?
2M, =“

My = "Tg
The propped beam of Fig. 21-15 (a) has been designed by the clastic

method to support a 50-k concentrated load at midspan. The 18 W 55

(S = 98.2 in, Z = 111.6 in.*) beam of A36 steel selected is now to

P

‘ | Br
— 10 — | —— 10 4

(a

Pp
M, U

Yo |
; N WT

AM

(e) 2 70
Fic. 21-15

=Ky
> +t

reSo

be considered as a second illustration of plastic analysis. The elastic

moment diagram for a propped beam loaded with a concentrated load P

at midspan is shown in part (b) of the figure. From this diagram the

maximum moment can be seen to occur at the fixed end. The concen-

trated load is assumed to be increased until the plastic moment is reached

at the fixed end and a plastic hinge formed.

After this plastic hinge is formed the beam will act as though it is
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simply supported insofar as load increases are concerned, because it will

have a plastic hinge at the left end and a real hinge at the right end.

An increase in the magnitude of the load P will not increase the moment

at the left end but will increase the moment out in the beam as it would

in a simple beam. The increasing simple beam moment is indicated by

the dotted line in part (c) of Fig. 21-15. Eventually the moment at the

concentrated load will reach M, and a mechanism will form, consisting

of two plastic hinges and one real hinge as shown in part (d).

The value of the maximum concentrated load P,, which the beam can

support can be determined by taking moments to the right or left of the

load. Part (ec) of Fig. 21-15 shows the beam reactions for the conditions

existing just before collapse. Moments are taken to the right of the load

as follows:

M, = & _ i) (10)

— 3.33 P,

P, =03M,

M, =F, z= °°). — 334.8 ft-k

P, = 100.4k

The other method described for handling the plastic analysis of a

structure involved the drawing of the plastic-moment diagram on the

structure after the structure had becn made determinate by the creation

SG ty | = <d

Mp
05M

_— 10' ——_ pi 10’ __,J

(c)

Fia. 21-16
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of a sufficient number of plastic hinges and the equating of the resulting
diagram to the simple-beam moment diagram. This procedure is repeated
in Fig. 21-16 for the beam previously considered in Fig. 21-15.

From part (c) of Fig. 21-16 the following expression can be written
for the moment at the centerline of the beam:

M, + 0.5 M, = “ae

P, =03M,

Another example is handled by a similar procedure in Fig. 21-17.

A

a=10 | b=20 NS
(a)

Mp

_ Ayab (A, M1020) _

2Mys n= ay 6808
hy =0.3%

Fic. 21-17

A propped beam with two concentrated loads is shown in Fig.

21-18 (a). Design was performed by the elastic procedure for the 30-k

and 50-k loads shown and a 24 W 84 (S == 196.3 in.?, Z = 224.0 in.’)

was selected. It is now desired to determine the ultimate values of the

two concentrated loads if they are increased at such a rate that they re-

main in the same proportion to each other. In part (b) of the figure

the larger load at collapse is said to equal P,, and the smaller one 0.6 Py.

As the loads are increased, the plastic moment will first be reached

at the left end. After this plastic hinge forms the structure will be deter-

minate since the right end is a real hinge. The loads may be increased

until eventually another plastic hinge forms out in the span at one of the
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30k 50k

yt 4
le— 10 10 ow"

(a)

| |
WL: WT:

Hel (b) 3
2208 2608

a ee
Simple beam moment diagram

(c)

Is
A,©

Mp here or here?

2208
2608,

30 1

" _-_--- Le x ee + ———

~ 3% +

(d)

Fig. 21-18

two concentrated loads. The point where the second plastic hinge will

form is not obvious and it will be necessary to consider both possibilities.

Should the second plastic hinge be assumed to form at the point of

application of the 0.6 P, concentrated load [see Fig. 21-18 (d)] the

values of M, and P, can be determincd as follows:

2 220 P,

Mp +3Ms= 39”
M, —44P,

P, = 0.227 M,

If the second plastic hinge is assumed to form at the point of appli-

cation of P,, the values of M, and P, would be as follows:

M, _ 260P,
M, +3" =" "53

M, = 6.5P,

. = 0.154 M,
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The moment at the concentrated load P, will obviously be greater
than the moment at the concentrated load 0.6 P, and the second plastic

hinge will occur at P,. The numerical value of FP, and the factor of

safety for plastic can now be calculated.

M,=F,Z= (36) e4) — 672 ft-k

P, = (0.154) (672) = 108.5k

103.5
Fs. = “2° = 207

If there be any doubt in the student’s mind as to whether he has

selected the correct location of the second plastic hinge, he can plot the

moment diagrams for the two possibilitics as shown in Fig. 21-19. Should

he have selected the wrong location the moment somewhere will exceed

the calculated value of M,. This situation is shown in part (c) of the

30k 50k

\. 10 | 10' 10'
N

(a)

303.8 fi-k

107.5 ft-k

Elastic moment diagram

(b)

672 ft-k

Moment diagram assuming second

672 ft-k plastic hinge forms under left load

(c)

388.8 ft-k

1099 ft-k

672 ft-k

310 ft-k

Moment diagram assuming second

672 ft-k plastic hinge forms under right load

(d)

Fria. 21-19
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figure where the assumed location of the second plastic hinge under the

left load 1s shown to be impossible.

21-8. THE VIRTUAL-WORK METHOD

As the beams or frames become more complex the equilibrium method

becomes more and more tedious to apply. A method is introduced in

this section, called the virtual-work method, which will usually prove to

be simpler and quicker than the equilibrium method. This procedure

will be used to rework the problems previously considered in Sec. 21-7

and will be further illustrated in Chap. 22 for continuous beams and

frames.

The structure is assumed to deflect through a small additional dis-

placement after the ultimate load is reached The work performed by the

external loads during the displacement is equated to the internal work

absorbed by the hinges. As a first illustration the uniformly loaded fixed-

ended beam of Fig. 21-10 is considered. This beam and its collapse

4 M, \/ft

Paani hhh heheh

7 /,

L=18' ol

!8 n
a5
<0

a oy ae
2 7

Fra. 21-20

mechanism are redrawn in Fig. 21-20. Owing to symmetry, the rotations

at the end plastic hinges are equal and they are represented by @ in the

figure; thus the rotation at the middle plastic hinge will be 20.

The work performed by the total external load (w, ZL) is equal to

u,/. times the average defiection of the mechanism. The average deflec-

tion equals onc-half the deflection at the center plastic hinge (4% x& @ X

L/2). The external work is equated to the internal work absorbed by

the hinges or to the sum of M, at each plastic hinge times the angle

through which it works. The resulting expression can be solved for M,

and w, as follows:

M, (6 + 26 +0) = wi L(0x % x 3)
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_ wy Lt
~ 16

16 M,
Wa — — L2 .

For the 18-ft span used in Fig. 21-10 these values become

__ (wa) (18)?
M,= 6"

My
20.25

Plastic analysis can be handled in a similar manner for the propped

beam of Fig. 21-15. This beam is redrawn in Fig. 21-21 together with its

= 20.25 uw,

Wy, =

4
+———— 10’ <-————10

pe

L=20

i wi 2 ~ Real
O5 Hinge

<= 26

7

Fia, 21-21

collapse mechanism. Again the end rotations are equal and are assumed

to equal 6.

The work performed by the external load P, as it moves through

the distance 6 L/2 is equated to the internal work performed by the

plastic moments at the hinges, noting that there 1s no moment at the real

hinge on the right end of the beam.

M, (6 + 26) = P, (6 x)
2

P,L |
M,= “E (or 3.33 P,, for the 20-ft beam shown)

6M,
P, = i (or 0.3 M, for the 20-ft beam shown)

The fixed-end beam of Fig. 21-17 is redrawn in Fig. 21-22 together

with its collapse mechanism and the assumed angle rotations. From this

figure the values of M, and P, can be determined by virtual work as

follows:
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M, (26 +. 36 + 6) = P, (26 x 3)
3

uw L
M, = —9~ (or 3.33 P,, for this beam)

P, = 9 Ms (or 0.3 M, for this beam)

Ky

= feof Rens
Z | iF
: Z

he———-—--- —- - -—_—-/ = 3(Q--——---- --- _..-»

260
Ge Y 3 y

20 — 8

38

Fia. 21-22

0.6F, Fy
L_un Lian Le.“, z= 10 | 5 = 10 | 37 10

ZA WO.

a £=30'—— +
(a)

ey 20 1
28

t

s

36
3 a

7

Assuming second hinge at 7 load

(c)

Fic. 21-23
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The plastic analysis of the propped beam of Fig. 21-18 by the virtual-
work method is now considered. The beam with its two concentrated

loads is redrawn in Fig. 21-23 (a). The location of the second plastic

hinge is not obvious and a trial-and-error procedure is necessary. In

part (b) of Fig. 21-23 the second hinge is assumed to form at the left

concentrated load and the collapse mechanism with its assumed angles

in terms of @ is drawn. In part (c) of the figure the second hinge is

assumed to form at the right concentrated load and the collapse mech-

anism is drawn.

If the second plastic hinge is assumed to form at the 0.6 P, load, the

value of M, can be found as follows:

M, (26 + 36) = 06 P, (6 I) +P, (6 1)

M, = 0.1466 P, L

_ 6.82 M,

“oO OG

If the second plastic hinge is assumed to form at the P, load, the

value of M, can be determined as follows:

M, (6 + 36) = 06P, (6 i) LP, (24,")

M, = 0.2167 P, L

The value for which the collapse load is the smallest in terms of M,

is the correct value (or the value where M, is the greatest in terms of

P,,). For this beam the second plastic hinge forms at the P, concentrated

load and P, equals 4.61 M,/L.

21-9. LOCATION OF PLASTIC HINGE FOR UNIFORM LOADINGS

There was no difficulty in locating the plastic hinge for the uni-

formly loaded fixed-end beam, but for other beams with uniform loads,

such as propped or continuous beams, the problem is rather difficult. For

this discussion the uniformly loaded propped beam of Fig. 21-24(a) 18

considered.

The elastic moment diagram for this beam is shown in part (b) of

the figure. As the uniform load’ is increased in magnitude, a plastic

hinge will first form at the fixed end. At this time the beam will, in effect,

be a “simple” beam with a plastic hinge on one end and a real hinge

on the other. Subsequent increases in the load will cause the moment
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m, k/ft
ZR SS

@

N

L

(a)

(b)
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[7a |
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Fia. 21-24

to change as represented by the dotted line in part (b) of the figure.

This process will continue until the moment at some other point (a

distance z from the right support in the figure) reaches M, and creates

another plastic hinge.

The virtual work expression for the collapse mechanism of this beam

shown in part (c) of Fig. 21-24 is written as follows:

M, (0+ 0+2="6) = (wl) (6) (2) (5)

Solving this equation for M,, taking ae = 0 the value of x can
r

be calculated to equal 0.414 L. This valuc is also applicable to uniformly

loaded end spans of continuous beams with simple end supports as will

be illustrated in Chap. 22.

The beam and its collapse mechanism are redrawn in Fig. 21-25 and

the following expression for the plastic moment is written using the

virtual-work procedure:

M, (6 + 2.414 6) = (w,L) (0.5866 L) (%)

M, = 0.0858 w, L?
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m k/ft

9} 7 (0.5862 ¢14148

| —E 2.4148
eo ———— ) 5862 0.414 L-—~

(b)

Fia. 21-25

PROBLEMS

21-1 to 21-8. Find the values of S, Z, and the shape factor about the z axes

for the sections shown in the accompanying illustrations.

C +

——_—_—_—_—— 12, —_____>|

7
_ 2" ao ! 8" | >

Pros. 21-1 Pros. 21-2

ja mel v be
+ t on,

21-9 to 21-14. Determine the values of S, Z, and the shape factor about the

z axes for the situations described. Use flange and web dimensions given in steel

manual, not the S and Z values given there.

21-9. A 16 W 50.

21-10. A 33 W 200.

21-11. An 8 I 23.

21-12. Two 12 {s 25 back-to-back.



510 Plastic Analysis

| ;
~~]

Te, OE
Pros. 21-3 Pros. 21-4

2

I +
1

el bo" el be?"

Pros. 21-5

yo 2"
| L_ jf

> 16

[ +
la 5 "oJ 4

Pros. 21-6

Ls
Pros. 21-7
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SZ
Pros. 21-8

]

21-13. Two 8 XK 4 X %-in. s, long legs vertical and back to back.

21-14. A 21 W 62 with one 10 K %-in. ® on each flange.

21-15. Rework Prob. 21-2 considering the y axis.

21-16. Rework Prob. 21-12 considering the y axis.

21-17. Rework Prob. 21-14 considering the y axis.

21-18 to 21-25. Select beam sections for the situations shown using the

elastic theory, A36 steel, the AISC Specification, and assuming full lateral sup-

port. Calculate the factors of safety for the resulting beam sections according

to the elastic and plastic theories. The loads shown in each figure are assumed

to include the estimated beam weight.

3 k/ft | 30 k

? x . Rh

24" - --—+] + —.- - 1g ee 6'-«!
Pros. 21-18 Pros. 21-19

| |?" ee |20

i Vv

4. 6 ale jo Lyne hes i [
Pros. 21-20 Pros. 21-21

\“" \ \ \“" 2

ett ‘Le gtele etele _
Pros. 21-22 Pros. 21-23

90k 30k

py

20 k

3.6 k/ft
| 2 k/ft y _ SY

Lio +e 191 le. 25' —
Pros. 21-24 Pros. 21-25



chapter 22

Plastic Analysis and Design

22-1. INTRODUCTION TO PLASTIC DESIGN

The shape factor multiplied by the safety factor was defined as the

load factor in Chap. 21 and was shown to have an average value of ap-

proximately 1.70 for beams. To design a beam by the plastic method,

the estimated working load is multiplied by the load factor; the plastic

moment is calculated and a member is selected which furnishes the re-

quired plastic modulus (Z = M,/F,). Example 22-1 presents a com-

parison of clastic and plastic designs for a uniformly loaded fixed-end

beam.

EXaAMPLe 22-1. Design the beam shown in Fig. 22-1 by the plastic and

elastic methods. The uniform load is 3 k/ft and includes the estimated beam

weight. Use A836 steel, the AISC Specification, and assume full lateral support.

w k/ft
Rh hn EEE ESS

Collapse

mechanism

Solution: Plastic analvsis:

M, (6+ 20+ 6) =(w, L) (56 3)

__ vw,

«6

512
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Plastic design :

w, = (1.70) (8) = 5.1 k/it

(5.1) (24)? ay
M, = 16 . == 183.6 {t-k

__ (12) (183.6),

Z req. 36 = 61.2 1n.,

Use 16 W 36

Elastic design:

wh® (3) (24)?
—M = p= yp — 144 ft-k

wh? (8) (24)? -.
+M = 4 = 4 == + 72 ft-k

—M for design == (0.9) (—144) == —129.6 ft-k

(AISC Sec. 1.5.1.4.1)
-M for design == 72 + (0.10) om + = == +64 ft-h

2) (129.6
S req. = U2) 4 " == 04.8 in.4

Use 16 W 45

Percent weight saving by plastic design = %, = 20 percent

Plastic design is permissible for statically determinate structures but

has little if any economic advantage. To illustrate this fact, the design

of a simply supported beam by the two methods is presented in Example

22-2. The shape factor advantage (about 12 percent) has already been

substantially used in the 10 percent higher allowable bending stress per-

mitted by the AISC for compact laterally supported sections. As only

one plastic hinge is needed to cause a statically determinate structure to

be unstable, there is no redistribution of load after the hinge forms.

ExaMPLe 22-2. The beam shown in Fig. 22-2 is assumed to support a

uniform load of 4 k/ft (including the estimated beam weight). Design the beam

by the plastic and elastic methods using A36 stecl, the AISC Specification, and

assuming full lateral support.

Solution: Plastic analysis:

. 1 LbM, (20) = (w, L)(5 05)

wy L
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wk/ft

-L=20-

; t t ~
Real Hinge 8 1 8 Real Hinge

05
<— 26 Collapse
> mechanism

Fic. 22-2

Plastic design:

w, == (1.70) (4) = 68 k/ft

__ (6.8) (20)?
M p=" > == 340 ft-k

__ (12) (340) ges
Z eq = 36 = 113.3 in.

Use 21 W 54

Elastic design :

2

M = we - == 200 ft-k

Seq = “ee = 100 in?

Use 21 W 55

If all of the plastic hinges needed to produce the collapse mechanism

for an indeterminate structure form at the same time, plastic design will

yield the same section as will elastic design. For such situations there

is no load redistribution after the first hinge forms. This same situation

was shown to occur in statically determinate structures where the forma-

tion of one plastic hinge was sufficient to cause collapse (see Example

22-2).

Three plastic hinges are required to form a mechanism for a fixed-

end beam, but the elastic moment diagram shown in Fig. 22-3 shows that

if such a beam is loaded with a concentrated load at its centerline the

hinges will all theoretically form at the same time. Example 22-3 illus-

trates the design of this beam. The student does not have to worry

about overlooking a situation where there is no redistribution or where

all of the plastic hinges form simultaneously. The virtual-work pro-
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40k

~— 15 - ——_—— “15 - >

Pl Elastic
8 moment

diagram

26 Collapse
mechanism

Fic. 22-3

cedure will yield the correct expression for M, regardless of the order

in which the hinges are formed.

Example 22-4 presents the design of a fixed-end beam loaded with

a concentrated load at a point other than midspan. For this beam there

is appreciabie load redistribution after the first and second hinges form.

ExaMPLe 22-3. Design the beam shown in Fig. 22-3 by the plastic and

elastic methods using A36 stecl, the AISC Specification, and full lateral support.

Assume the Joad given takes into account the estimated beam weight.

Solution: Plastic analysis:

My, (0+ 26 0) =P, (150)

=3.75 P,

Plastic design:

P,, == (1.70) (40) = 68 k

M, (3.75) (68) 255 ft-k

__ (12) (255) sg
Z req = - 36 == §5 in.

Use 18 W 45

Elastic design (mu advantage in 0.9 rule in AISC Sec. 1.5.1.4.1):

M = oe = 150 ft-k

__ (12) (150)
eg 294

Use 18 W 45
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ExaMPLE 22-4. Design the beam shown in Fig, 22-4 by the plastic and

elastic methods using A36 steel, the AISC Specification, and assuming full lateral

support. Assume the load given takes into account the estimated beam weight.

60k

12’ 18°

30'

Lt t Collapse
156 2 0 Q mechanism

= 2.58

Fic. 22-4

Solution: Plastie analysis:

M, (1.50 + 2.50 + 6) =(P,) (186)

=36P,

Plastic design :

P,, = (1.70) (60) = 102 k

M, = (3.6) (102) = 367.2 ft-k

_ (12) (367.2)
Z wea = 236 == 122.4 in3

Use 21 W 55

Elastic design:

Drawing of clastic moment diagram is shown in Fig. 22-5.

207 4 ft-k

| 173 ft-k
259 ft-k

Fic. 22-5

— M for design = (0.9) (—259) == — 233.1 ft-k

259 + 1734M = +2074 + (0.10) : )= 4.299 ftek
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S req. = oe = 116.6 in3
Use 21 W 62

Percent weight saving by plastic design = 4% = 11.3 percent

22-2. AISC REQUIREMENTS FOR PLASTIC DESIGN

Several of the more important requirements of the AISC Specifien-

tion pertaining to plastic design are presented as follows:

1. Plastic design is considered to be applicable to simple and con-

tinuous beams and to one or two-story rigid frames. These continuous

beams and rigid frames must have rigid connections capable of permitting

redistribution of moments. The Commentary on the AISC Specification

indicates that plastic design may very well be permissible in a few years

for multistory frames depending on the results of current research.

2. The plastic design procedure is today limited to the structural

earbon steels having specified minimum yield points of 36,000 psi or less.

These ductile stecls include the A36 as well as the obsolete A7 and A373

types.

3. The load factors used in design may not be less than 1.70 times

the dead and live loads for beams. For continuous frames the factors may

not be less than 1.85 times the dead loads and live loads, nor 1.40 times

those loads acting in conjunction with 1.40 times any wind or seismic

forces.

4. The webs of beams and girders or columns which are not. stiffened

in some manner shall be designed so that the ultimate shear, V’,, in kips

shall not exceed 0.00055 Fwd, where w is the web thickness (previously

labeled t,, in this text) and dis the member depth. If F, is used in kips

per square inch instead of pounds per square Inch the expression becomes

0.55 Fwd.

5. The members of a plastically designed structure must be prevented

from local and lateral buckling until the plastic hinges develop. To pre-

vent local buckiing of the compression flanges it is necessary that only

compact shapes be used. The noncompact rolled sections are clearly

marked in the Steel Handbook and thus present no difficulties. Actually,

the ‘Plastic Section Modulus Table” in the Steel Handbook includes com-

pact shapes only. For built-up sections the rules for compact sections

must be applied. For this reason the requirements for compact shapes

(for the steels for which plastic design is permitted) are listed as follows:

(a) The projecting flanges of rolled shapes or plates of similar

built-up shapes which are subjected to compression shall have

a maximum width-thickness ratio of 8.5 (with an upward varia-

tion of 3 percent permitted for rolled shapes).

(6) The maximum depth-thickness ratio of beam and girder webs
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not subject to axial loading shall be 70. If subject to axial

loading the maximum value shall be given by the expression to

follow in which P is the maximum axial load at ultimate loading

and P, is the product of the yield stress times the cross sectional

area of the member

d c P , .
7 70 — 100 P, (with a minimum value of 43)

6. To prevent lateral buckling the members must be braced at the

plastic hinge locations and at distances from the hinges not exceeding

the value leg given by the following expression:

lor = (60 — 40 ir) Ty (need not be less than 35 1,)
)

where r, = the r of the member about its weak axis

M = smaller moment at the ends of the unbraced length

M/M, = positive when the member is bent in single curvature and

negative when bent in double curvature

These requirements do not have to be followed in the vicinity of the

last hinge to form but the lateral bracing requirements for elastic design

must be met.

7. Web stiffeners are frequently required at plastic hinges to prevent

web crippling when loads are applied at these hinges. A plastic hinge

cannot be relied upon to support a load applied at the hinge in addition to

the plastic moment. An even more critical situation occurs when a plastic

hinge forms in a member at its point of connection to another member.

Section 2.5 of the AISC Specification gives expressions which show when

stiffeners are needed and specify their minimum permissible areas.

8. If the edges of structural steel members in the vicinity of the

plastic hinges are sheared, the edges should be ground, chipped, or planed

smooth. Furthermore, holes in similar locations must be drilled or sub-

punched and reamed to full size.

9. There are several other AISC requirements for plastic design which

refer in detail to columns, haunched members, connections, etc.

Example 22-5 illustrates the design of a uniformly loaded propped

beam using the AISC Specification. The W section selected in this

problem is a compact shape, but the ratios required for such shapes are

checked to illustrate their application.

EXAMPLE 22-5. Design a section for the span and loading shown in Fig.

22-6 using A36 steel and the AISC Specification. Lateral support is assumed

to be provided at 4-ft intervals.
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3 k/ft
VILLLULLALLLLLLLLLLLLLLLLLLLLLL LLL LE

—L24'-

1.414

C i 9 4 | Real Hinge
) o >

14066 C
ollapse

YS mechanism

| 241486
———1406 9.94'——>

Fic. 22-6

Solution:

Plastic Analysis

M, (0 + 2.4146) = (w,) (24) (14.066) (4%)

== 49.4 w,

Plastic Design

Wy == (1.70) (3) = 5.1 k/ft

M, = (49.4) (5.1) == 282 ft-k

Zig =) P82) ag ins

Try 18 W 45 (A = 13.24, d = 17.86, b, = 7.477, t, = 0.499,

t., == 0.335, r, = 1.55)

Checking AISC Requirements

Shear and moment diagrams just before collapse shown in Fig. 22-7.

1. Shear:

0.55 F, wd = (0.55) (36.0) (0.335) (17.86) = 1185k > 717k (OK)

2. Local buckling:

(6 — ty) /2 _ (7.477 — 0.335) /2
t 0400 = 7.15 < 8.5 (OK)

d—2t, 17.86 — (2) (0.499)
= 0.335 == 50.3 < 70 (OK)

3. Lateral buckling:

Plastic hinge at support

Mla ' =(s0 — 40 my

=(0 _ 40 X 355) 155 = 91.8 in. > 48 in. (OK)
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252 ft-k

6 51 k/t

71.7k x

-24' — | 50.7k

717

507

——14.06- -994-

252 ft-k

eam +

7 §

252 ft-k

Fig. 22-7

Interior plastic hinge (AISC Sec. 1.5.1.4.1)

2.400 by _ (2,400) (7.477)= == 94.8 in. > 48 in. (OK)
VF, \/36,000

20,000,000 A, (20,000,000) (7.477 0.499) ;
aK "(19 86) (36,000) 116in. > 48in. (OK)

22-3. CONTINUOUS BEAMS

Continuous beains are very common in engineering structures. Their

continuity causes analysis to be rather complicated in the elastic theory,

and even though one of the complex “exact” methods is used for analysis,

the resulting stress distribution is not nearly so accurate as is usually

assumed.

Plastic analysis is applicable to continuous structures as it is to

one-span structures. The resulting values definitely give a more realistic

picture of the limiting strength of a structure than can be obtained by

clastic analysis. Continuous statically indeterminate beams can be

handled by the virtual-werk procedure or the equilibrium procedures

as they were for the single-span statically indeterminate beams. All of

the example problems of this chapter are handled by the virtual-work

procedure. As an introduction to continuous beams Examples 22-6 and

22-7 are presented to illustrate two of the more elementary cases. These

designs should be checked for shear, local buckling, etc., as was Example

22-5, but space is not taken to show the calculations.
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EXAMPLE 22-6. Select a steel shape for the two-span beam shown in Fig.
22-8 using A36 steel, the AISC Specification, and assuming full lateral SUPPort.

40k

sts we oe
<—10' —]0'——>
-—_—— 20' ——_—__+#=$___- - 20 —__—_>

Real Hinge

108 mechanism

8 <39 ~8
7

Solution: Plastic analysis:

M, (26 + 0) = (P,) (106)

= 3.33 P,

Plastic design:

P,, = (1.70) (40) = 68k

M, = (3.33) (68) = 226.7 ft-k

__(12) (226.7) 5
Z req. = 35. == 75.6 in.

Use 16 W 45

EXAMPLE 22-7. Select a section for the beam shown in Fig. 22-9. Use A36

steel, the AISC Specification, and assume full lateral support.

}-_——24' ot 24
Renae Real Hinge |

\ piaoge ¢O 84 14.0605 141487 \) collapse
mechanism

To aise
1406— -14.06-

Fic. 22-9

Solutcon: Plastic analysis:

M, (2.4146 + 6) = (w,) (24) (14.066) (44)

== 49.4 w,
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Plastic design:

wy == (1.7) (4) =68k/ft

M, = (49.4) (6.8)= 336 ft-k

Z req. — “) = 112 in3

Use 21 W 55

Additional spans have little effect on the amount of work involved

in the plastic design procedure. The same cannot be said for elastic

design. Example 22-8 illustrates the design of a three-span beam which

is loaded with a concentrated load on each span. The student from his

knowledge of elastic analysis can see that plastic hinges will initially

form at the first interior supports and then at the centerlines of the end

spans, at which time each end span will have a collapse mechanism.

EXAMPLE 22-8. Select a steel section for the beam and loading shown in

Fig. 22-10 using A36 steel, the AISC Specification, and assuming full lateral

support.

T t 30k

15° 15 —ye 15° 15—e—15) 15
30' ——+-—— 30' ——+;=——-30'

Real Hinge
Real Hinge » 158 , » lS@ ¢\ Collapse

9 ; mechanism

8 28
> F

Fira. 22-10

Solution: Plastic analysis:

M, (26 + 6) =I’, (150)

=5P,

Plastic design:

P,, = (1.70) (30) = 51k

M, = (5) (51) = 255 ft-k

2, = 12) 288) ins

Use 18 W 45
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A uniformly loaded two-span beam with equal spans was designed
in Example 22-7. A two-span uniformly loaded beam with unequal spans
is designed in Example 22-9. If the same size section is used for both

spans, the longer span will’ obviously collapse first, and the shorter span

will be decidedly overdesigned. Nevertheless this procedure is used in

this example.

EXaMPLE 22-9. Select. a section for the beam shown in Fig. 22-11 using

A36 steel, the AISC Specification, and assuming satisfactory lateral support.

6k/ft
"FEL EOL FADD PPD EOE MF PEP B MELE FADE PE DED ELAM EPI AGP LOR PO DHE EL OE.

Solution: Plastic analysis:

M, (0 + 2.4140) = (24 w,) (14.060) (%)

= 49.4 w,

Plastic design:

WwW, = (1.70) (6) = 10.2k/ft

M, = (49.4) (10.2) = 504 ft-k

Z req, — oe) == 168 in.

“Use 24 W 68

It may be more economical to select a section for the shorter span

with its smaller moment and run it through both spans. Cover plates

can be added in the longer span where the moment is greater than the

plastic resisting moment of the section selected. The procedure is illus-

trated in Example 22-10 for the beam designed in Example 22-9. In

the example an 18 W 50 with a plastic moment resistance of 302.4 ft-k

is selected for the shorter span. The moment diagram for this beam

(Fig. 22-13) shows that cover plates are needed for 15.25 ft in the right-

hand span where the moment exceeds 302.4 ft-k.
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This paragraph is devoted to the derivation of an expression for

determining cover-plate sizes and is almost identical with the derivation

presented in Sec. 16-1. For this discussion Z is the required plastic

modulus for the entire moment, Z, the plastic modulus for the section

selected for the shorter span, d the depth of the section selected for the

shorter span, ¢, the thickness of one cover plate and A, is the area of one

cover plate. An approximate expression for A, can be written as follows:

, dtZ=t,+24,(5 +3)

_ 2 Z;

"a4 d+h,
The cover plates should probably be extended a little distance beyond

their theoretical points of cutoff. Some designers extend the plates 6 to

12 in. on each end, while others extend them until half of the strength

of the plates. is developed by the welds connecting them to the beam.

From a standpoint of economy some consideration should be given to

using the 24 W 68 (selected for the 24-ft span in Example 22-9) for

both spans. Its weight for the two spans totals 2,856 lb while the weight

of the 18 W 50 with the cover plates in the longer span (selected in

Example 22-10) weighs 2,751 lb. The use of cover plates saved 105 lb

of steel but their connection costs may very well have exceeded the cost

of 105 lb of structural stcel.

EXAMPLE 22-10. Select a section for the 18-ft span of the beam of Example

22-9 (see Fig. 22-12) and design the necessary cover plates for the 24-ft span.

A

6 k/ft
EAS hhh

{\ @

Collapse

mechanism

Fia. 22-12

Solution: Plastic analysis for 18-ft span:

M, (2.4146 + 0) = (18 w,) (10.556) (%)

== 278 w,

Plastic design for 18-ft span:
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w, = (1.70) (6) = 10.2k/ft

M, = (278) (10.2) = 284 ft-k

(12) (284)
= in.3rea. 36 94.5 in.

Use 18 W 50 (Z = 1008 in® d= 18.00)

Actual M, = ows) = 302.4 ft-k

Drawing of moment diagram is shown in Fig. 22-13.

wm, = 10.2 k/ft

Eh inh

f\ id

4p oS

75.0k f f 243.6k f 109 8k

alee—_—— 1g! he 24

75.0 135.0 PS

108.6 | rooe
7.35->+— 10.65' 13.24 10.76'

589

275 302 4 302.4

302 Y |
5 75: ———] 5, 25 -—-——_e 3.00’

Fia. 22-13

t

Design of cover plates for long span:

__ (12) (589) __
—- — « i 3Z req. = 36 196.3 in

Assuming f, = \% in.,

4,—-1%3 1008s gaa in

Try 10 X %g-in. cover plates (A, == 5.625 sq in.)
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Z = 1008+ (2) (5.625) (9.28) = 205.2 in’ > 196.3 in3 (OK)

Use 10 * %g-in. cover plates 17.0 ft long

22-4. PLASTIC ANALYSIS OF FRAMES

The pin-supported frame of Fig. 22-14(a) is statically indeterminate

to the first degree. The development of one plastic hinge will cause it

50 k
A,

30k | 06%, |
7 F

1. — 20' —+le — 20' + |
20

~——
se Te » MQ
_ ————--- 40'-—— - ____.| (b)

(a)

to become determinate while the forming of a second hinge will create

a mechanism. There are, however, several possible mechanisms which

might feasibly occur in the frame. A possible beam mechanism is shown

in part (c) of the figure, while a sidesway mechanism is shown in part
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(e). The critical condition is the one which will cause the smailest
value of Py.

Example 22-11 presents the plastic analysis of the frame of Fig.

22-14. The distances through which the loads move in the virtual-work
procedure should be carefully studied. The solution of this problem shows

that superposition does not apply to plastic analysis, a point of major

significance. The situation shown in part (c) of Fig. 22-14 added to the

situation of part (d) does not equal that of part (e). In other words

the effects of different loads cannot be determined separately and added

together as they can in elastic analysis. The three-fourth AISC rule, rep-

resenting a one-third increase in allowable stresses when lateral loads are

involved, is used in this problem.’

EXAMPLE 22-11. Determine an expression for the plastic moment in the

frame of Fig. 22-14.

Solution: Case (c) of figure:

M, (0 + 26 + 0) =P, (200) M, = 5P,

Case (d) of figure:

M, (0 + 6) = (34) (0.6 P,) (200) M, = 4.5 P,

Case (e) of figure:

M, (26 + 26) = (434) (0.6 P,) (206) + (34) (Py) (206) M, =6P, (controls)

Critical value is the smallest value of P, (or the largest value of M, in

terms of P,,).

M,=6P,

P, = 0.167 M,

Example 22-12 is similar to Example 22-11 except that there are

even more possible collapse mechanisms. Parts (a), (b), and (c) of

Fig. 22-16-show possible beam collapse mechanisms, while part (d)

shows a sidesway mechanism. Parts (e) and (f) of the figure show

possible combination sidesway and beam mechanisms. Study carefully

the angles used for parts (e) and (f).

EXAMPLE 22-12. Determine the critical value of P, for the frame shown

in Fig. 22-15.

Solution: Possible collapse mechanisms are shown in Fig. 22-16.

Critical value of P, = 4605 M,

1The AISC Specification reflects the % reduction by permitting the load factor

of 1.85 for frames to be reduced to 1.40 when lateral loads are involved. Using these
load factors in design it is unnecessary to use the % value as done in Examples 22-11
through 22-13.
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30k 30k 3F, 3,

~ Pt
| +— 10 —eh—10' —<— 10° —

20°

yo
“ (b)r 35

(a)

Fia. 22-15

Example 22-13 illustrates the analysis of a frame with fixed supports.

The fact that the frame has two more redundants than the hinged frames

of the last two examples in no way makes its plastic analysis more

difficult.

EXAMPLE 22-13. Determine the critical value of P, for the frame shown in

Fig. 22-17.

Solution: Possible collapse mechanisms are shown in Fig. 22-18.

Critical value of Py = 445 My

For many frames the locations of the plastic hinges are not obvious.

The usual procedure for such cases is to assume a mechanism and compute

the value of M,. Should the correct hinge location have been assumed,

the value of M, will be the correct value. If the wrong hinge location

was assumed the value of M, will be too small.

Several other mechanisms can be assumed and M, quickly computed

for each. The largest value of M, computed will be the one used. Al-

though the mechanism finally used may not be exactly the right one, it

will be satisfactory for all practical purposes. (It might be noted that

the moment diagram can be drawn as a check for any one of the assumed

conditions. If the moment at no point in the frame exceeds the calculated

value of M,, the correct mechanism has been used.)

For a frame supporting concentrated and uniform loads, the expected

positions of the plastic hinges will be at the concentrated loads. When

a structure supports only uniform loads there will be a large (actually

unlimited) number of possible hinge locations. After a few mechanism

locations have been assumed and M, determined for each, it is possible

to narrow down the “critical hinge” location within a foot or two.

4 ae ayer ‘
uth, eda
wa rae He
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My (8 + 38+ 28) = 34,1106 + 208)

R= igM
(b)

8 106 106 (8 he-—ot+- 209
<+—_} + PG

i: le |> 78 6--

wt Xe .

\ \ g 3 §-

My (8+ 8+8+8) = 34, (108 +108) “oloen) = (GA, (208)
P= 5 Mp : Py = 75% SS

(c) (d)

200-8 08g

x S WN

Melzer $-0)= ($A, (208) +34,(100+50)(3) My(30 + 36) =(2)A,(208)+ 3A,(108+ 208)( 2)
- 4 ° 6

fy * 678% R= 555M
(e) (f)

Fic. 22-16

Section 2.4 of the AISC Specification says that shear stresses are

often high within the boundaries of the rigid connection of two or more

members whose webs lie in a common plane. Such a situation occurs at

the rigid frame knee in part (a) of Fig. 22-19. Since most of the moment

in a beam is resisted by the flanges, an internal resisting couple is

assumed to be located at the centers of the flanges with a lever arin of
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30k 6%,

» |
—10' —rle—10 —

gd be

—__—__——>
v

_d

_____ 99' ___-

(a) (b)

Fia. 22-17

(108 va

20

Hn, hp
Mp\ 48) =(67,)( 108)

=<!Pu 15 Me

(a)

208 200-4 gop

7, YO):

Mpl0+ 0404014) A (208 Mp 0+ 20+ 204012151 A, (2081+ 6 A, (100)( 3 |

4* is% A> 0%
(b) (c)

Fig. 22-18

0.95d, as shown in part (b) of the figure. The magnitude of each of these

forces V can be determined as V = M,/0.95d,.
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(a)

M,

Y OP , Stiffeners
—F 4

O95 4% No — -
- _t Ne
¥ “Tests have shown this

to be sufficient depth

(b) (c)

Fig. 22-19

This force is applied perpendicularly to the column as a shearing

force. The column must have a shearing strength equal to V. If not,

it will be necessary to use a pair of diagonal stiffeners as shown in part

(c) of the figure, or a reinforcing or doubler plate in contact with the

web over the connection area.

The ultimate shearing strength of the column web (0.55F wd.) must

be equal to V or stiffening is required. From this information the re-

quired web thickness can be determined. In the expression developed,

Ap, equals the planar area of the connection web (d,d,). If M, 1s as-

sumed to be in foot-kips, the following expression, from Sec. 2.4 of the

AISC, can be developed:

> wd. —- Me (12,000)0.55F wd. = — 5 og

y= 23:000 M,

= “A..F,

Should the shearing strength of the column web be insufficient, the

diagonal stiffeners shown in part (c) of Fig. 22-19 can be used. These

stiffeners act like the diagonals of a truss to carry the excess shear. The

flange force V must be resisted by the web and the stiffener. An expres-

sion for the required area of the stiffener A, is developed as follows:

M,098i, = 0.55F wd, + FyA,: cos 6

__1 (_M, |*t — cos 6 (acer 0.55ud, |
A similar discussion can be made for the elastic design of rigid knee

connections and the AISC formula recommended in Sec. 1.5.1.2 of the

“Commentary on AISC Specification.”



532 Plastic Analysis and Design

22-5. CONCLUSION OF TEXT

The author has attempted to include in this textbook only the ele-
mentary phases of structural steel design. His main purpose has been

to try to interest the student in the subject as he feels that the longest
step a person can take toward proficiency in any field is to become in-

terested in the subject.

The student needs to realize that this book only begins to present

the knowledge now available concerning structural steel design. A person

going into this ficld should study a great deal to familiarize himself with

this information and also to keep abreast of the latest developments. The

amount of structural research under way at this time far exceeds the work

done at any time in the past. Furthermore, steel research projects are

being initiated at an ever-increasing rate.

Several current trends are underway in the steel design field and will

apparently continue for some time. The designer must concentrate on

these and other developments if he is to progress in the field. These sub-

jects include the following;

1. Vastly increased computer usage.

2. Continued development and applications of stronger and stronger
stcels.

3. An increasing trend towards single unit design such as the com-

posite structures and orthotropic systems.

4. More plastic design applications.

PROBLEMS

22-1 to 22-9. Select sections by the elastic and plastic methods for each of

the beams shown. Use A36 steel, the AISC Specification, and assume full lateral

support. Assume that beam weight estimates have heen included.

30k 30k 40k

4 | yYa ic Ye | 7f° »—t—— woe h
be 24’

Paow 22-1 Pron. 22-2
20k 24k 32k

sae |

4 |
—- » les'ob5' = -10'-
+——— 20 -20'-

Pros. 22-3 Pros. 22-4
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Y 4 k/tt
4

. x

le———}g' —___-o

Pros. 22-5

36 k 36k

| |
+—12' 12' |. —}2'- 12'-—+

24' 241 +

Pros. 22-6

3.6 k/tt
A hh a ha th hhh htt hh hhh hte hh ath eth th hh hth bh hh th he

Pros. 22-7

+ 99'-—- ole 22' —_—+|
Pros. 22-8

36 k 36k

“4, é

poe a SS oe
24) 24;

Pros. 22-9

22-10 to 22-20. Select a single rolled section for each of the beams shown

which will be satisfactory for the entire structure. Then select a section for the

span which has the smallest moment and design cover plates as necessary for the

other parts of the beam. Compare the weight differences between the two pro-

cedures. Other data are to be the same as used for Probs. 22-1 through 22-9.
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2k/ft 4k/ft
NR ee

e @

Pros. 22-11

20k

48 k/ft

& Se WE
_—1g'__-1. ok 12'——+}

je so94'_

Pros. 22-12

24k 24k 24k

| |
Ws Los SSS TE
~—9' — ele 9' —ee—9 ‘slag! 9'—e

~—_——— 18'—____» 1g'$——_—__+=-—_—__—_18'——_>

Pros. 22-13

24k 24k 24k

Loe
9' -— eeho9 9' —ee— 9

——18' ———-e}e_—___—_ 1g’ ——_ee-___

Pros. 22-14

3 k/ft
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3 k/ft
EES hhh MSS SAA HAA

f\ \
S; So Mei oa SPAS
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AbacHl, J., 317

Allowable stresses, 24-25

Amplification factor, 144

Beam-columns, 139

Beam connections

rigid, 240, 244-245, 248-252, 264-267

semirigid, 240, 242-244, 248-252

simple, 240-242, 246-248, 254-264

Beams, 90-137
bearing plates, 132-134
camber, 119
compact sections, 93

continuous, 105-106

deflections, 117-119
fluor, 91

girders, 91
joists, 90

lateral support, 93-94, 97-105

lintels, 90, 130-132
purlins, 38-40, 124-127

shear, 112-115
spandrel, 90, 273

stringers, 91
unsymmetrical bending, 119-124

web crippling, 115-117

Bearing plates
beams, 132-134, 272

columns, 82-85
trusses, 272

Bearing-wall construction, 272

BEEDLE, L. S., 49, 53, 348

Be.u, H. M., 16

Bending and axial stress, 138-157

Bices, J. M., 317

Bolts, 220-238
advantages

of high-strength, 222-223, 239
of unfinished, 239

539

Bolts (condinued)

hearing-type connections, 224, 229-
230

friction-type connections, 224, 229-230
high-strength, 221-238

installation of, 224-228
interference, 221-222
proofload, 225

prying action, 232

ribbed, 221

shear and tension, 232-235
tension, 230-232

turned, 220-221

unfinished, 220

Box sections, 24, 52, 354

Bridge trusses, 298-303, 422-439
analysis, 422426

continuous, 300-301

deflections, 433-434

design, 428-431

lateral bracing, 431-433
Parker, 299
Prat. 298

subdivided, 299-300

Vicrendeel, 308-309
Warren, 298

weights, 426-428

Bridges, 293-319

arch, 304-308
beam, 297
bearings, 434-438
cantilever, 301-303

deck, 294

erection, 294-297

floor systems, 416-422

half-through, 204

movable, 312-314
orthotropic, 308
plate girder, 297-298
prestressed stcel, 309-310

rigid frame, 308
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Bridges (continued)
suspension, 306-307
through, 294

Buckling, 46, 53, 58-59
elastic, 59
inelastic, 59

Building codes, 7

Burr, W. H., 62

Cantilever method, 480-482

Carbon, 12, 17

Carbon steels, 17-18

Cuana, J. C. L., 308

Criouan, R. W., 478

Cocnrane, V. H., 29

Corrin, C., 192

Collapse design; see Plastic analysis
and design

Column Research Council, 69, 72

Columns, 46-89
AISC formulas, 69-82
base plates, 82-85

Kuler formula, 54-60, 69
Gordon-Rankine formula, 65-66

lacing and tie plates, 52, 78-82

lateral support, 77
main members, 66

parabolic formulas, 64-65
secant formula, 67-68

secondary members, 66, 73-74
sections used as, 49-52

splices, 467-469
straight-line formulas, 62-64

Compact sections, 93

Composite design, 320-350
advantages of, 321-322

deflections, 348
effective flange widths, 323-324
shear connectors, 329-333

shoring, 322-323

Compression members; see Columns

Coorer, T., 318

Davy, H., 192

Deflections, 117-119, 348, 433-434

Double modulus theory, 59-60

Ductility, 1, 2, 11, 13, 26

Earthquake loads, 290-292, 470

Effective length, 55, 56, 71-74, 151-154

Elastic limit, 10

Elastic strain, 11

ENcEsser, F., 59

EuLer, L., 53

Factor of safety, 4, 5

Failures of engineering structures, 5-6

FairBanks, H. E., 435

Farapay, M., 192

Fatigue, 25

Fireproofing, 2

FLEMING, R., 400

Floor construction types for buldings,
274-286

composite, 280-281

concrete-pan, 282

flat-slab, 284-285

one-way and two-way slabs, 278-279

open-weh joists, 276-278
precast concrete, 285-286

steel decking, 283-284

tile and block, 282-283

Fountain, R. S., 329, 335

Gage, 166

xAYLORD, C. N., 315

Givytorp, KE. H., Jr., 315

Girts, 38

Gorpvon, L., 66

overnment. anchors, 134, 272

CGiRIFFITHS, J. D., 445

GHINTER, L. E., 399, 475, 476

Gross arca, 26

High-strength steels, 17-19

Hooke’s law, 57

Hupson, C. W., 427

Impact, 317, 319

Interaction equations, 141

Ironworkers, 20

JOHNSON, Bruce, 243

JouNsoN, J. B., 64

JoHNsSON, T. H., 57, 62

Kazinczy, G. 487

Kina, I. P., 478

Korn, M. P., 447, 455

Lattice bars; see Columns, lacing

Limit design; see Plastic analysis and
design

Live loads, 288-290, 315-319

LoTHERS, J. E., 244, 335, 346, 427

Manual of Steel Construction; see Stcel
Handbook

McCormac, J. C., 422, 433

Modification factor, 144

Multistory buildings, 465-486

analysis, 475-485

design, 485~486

lateral bracing, 471-475

lateral forces, 469-471

MusscHENBROEK, PIETER VAN, 52-53



Namrvet, S., 317

Net area, 25, 26, 28, 29

Otrver, W. A., 181

Partitions, 288

Pitch, 166

Plastic analysis and design, 487-538
advantages, 488

AISC requirements, 517-520
collapse mechanisms, 494—496
continuous beams, 520-526

equilibrium method, 496-504

frames, 526-531

load factor, 493-494
plastic hinge, 489-491

plastic modulus, 491-493

plastic moment, 490
shape factor, 490
virtual-work method, 504-509

vield moment, 490

Plate girders, 353-392

advantages, 356
connectors, 367-369

cover plates, 361, 364-366
flange, 359-362
moment of inertia, 361-363

splices, 373-378
stiffeners, 369-373, 382-383

web, 358-359, 379-381

Portal method, 479-480

Proportional clastic limit, 10

Proportional limit, 10, 57, 58, 59

Purlins, 38-40, 124-127, 453-454

RANKINE, W. J. M., 66

Reduced modulus theory, 59, 60

Residual stresses, 48-49, 68-69

Rigid frames, 440-464
analysis, 445-453
defined, 440
design, 453-464
knees, 443-444, 454-455

lateral bracing, 462-463

supports, 441-443
Rivets, 158-188 «

bending, 165, 166
butt joints, 163-164

eccentric loads, 172-177
edge distances, 166, 167
efficiency, 168
failure, 164-165

inspection, 159-160

lap joints, 162-163
plastic behavior, 170

prying action, 182
shear and tension, 178-181
tension, 181-182
types, 160-161

Rods, 22, 31, 37-41

Roof construction types, 287

Index 54]

Roof trusses, 393-413
analysis, 400—405
design, 406-407
lateral bracing, 409-412
pitch, 394
slope, 394
spacing, 398-399
supports, 398-399

types, 394-398

weights, 399-400

Safety, 3

Safety factor; see Factor of safety

Sag rods, 38-40

Section modulus, 91-92

SHANLEY, F. R., 60

Shear, 112-115. 358, 529-531

Suepp, T. C., 427
center, 127-130

flow, 127-129

Shoring; see Composite design

Sidesway, 151

SINGLETON, R. C., 329, 335

Skeleton construction, 273, 465-466

Slenderness ratio, 31, 47

Slide-rule accuracy, 8-9

SmitH, H.S., 293, 294, 303

Specifications, 7-8

Splices
columns, 467-469

plate girders, 373-378

tension members, 35-37

Stay plates; see Tie plates

Stecl erection, 20-

Steel Handbook, 15-17, 20

Steel sections; see Structural shapes

STEINMAN, D. B., 307, 319

Stetina, H. J., 240

Strain-hardening, 11

Stress reversals, 25

Stress-strain diagrams, 10-13

Structural shapes, 13-16, 17
regular, 20

special, 20

Tau, L., 49

Tangent modulus theory, 59, 60

Tension members, 22-45

Tie plates, 23, 31

Transportation, 21

Tubing, 50, 51

Uncertainties of design, 4, 5

Upper yield, 12

Upset bars, 38

VAN DEN Broek, J. A., 487
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VIERENDEEL, M., 308

Viest, I. M., 329, 335

Wapvett, J. A. L., 427

Walls, 287—288

Welding, 189-219

advantages, 190-191, 239-240
butt, 196, 200-201
electric arc, 192
electrodes, 193-194
end returns, 203-204
fillers, 192

fillet, 196, 201-215
gas, 192

Index

Welding (continued)
inspection, 194-196
joints, 197
shear and bending, 211-212, 214-215
shear and tension, 211-214

slot, 206-207

symbols, 198-199

Witson, E. L., 478

Wizs0n, W. M., 181

Wind loads, 290-292, 317-319

Working loads, 13

Yield point, 10, 12, 17-18




